PREFACE TO THE THIRD EDITION

This edition of the handbook has been updated throughout to reflect continuing changes in
design trends and improvements in design specifications. Criteria and examples are included
for both allowable-stress design (ASD) and load-and-resistance-factor design (LRFD) meth-
ods, but an increased emphasis has been placed on LRFD to reflect its growing use in
practice.

Numerous connection designs for building construction are presented in LRFD format in
conformance with specifications of the American Institute of Steel Construction (AISC). A
new article has been added on the design of hollow structural sections (HSS) by LRFD,
based on a new separate HSS specification by AISC. Also, because of their growing use in
light commercial and residential applications, a new section has been added on the design
of cold-formed steel structural members, based on the specification by the American Iron
and Steel Institute (AISI). It is applicable to both ASD and LRFD.

Design criteria are now presented in separate parts for highway and railway bridges to
better concentrate on those subjects. Information on highway bridges is based on specifica-
tions of the American Association of State Highway and Transportation Officials (AASHTO)
and information on railway bridges is based on specifications of the American Railway
Engineering and Maintenance-of-Way Association (AREMA). A very detailed example of
the LRFD design of a two-span composite [-girder highway bridge has been presented in
Section 11 to illustrate AASHTO criteria, and also the LRFD design of a single-span com-
posite bridge in Section 12. An example of the LRFD design of a truss member is presented
in Section 13.

This edition of the handbook regrettably marks the passing of Fred Merritt, who worked
tirelessly on previous editions, and developed many other handbooks as well. His many
contributions to these works are gratefully acknowledged.

Finally, the reader is cautioned that independent professional judgment must be exercised
when information set forth in this handbook is applied. Anyone making use of this infor-
mation assumes all liability arising from such use. Users are encouraged to use the latest
edition of the referenced specifications, because they provide more complete information and
are subject to frequent change.

Roger L. Brockenbrough
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PREFACE TO THE SECOND
EDITION

This handbook has been developed to serve as a comprehensive reference source for de-
signers of steel structures. Included is information on materials, fabrication, erection, struc-
tural theory, and connections, as well as the many facets of designing structural-steel systems
and members for buildings and bridges. The information presented applies to a wide range
of structures.

The handbook should be useful to consulting engineers; architects; construction contrac-
tors; fabricators and erectors; engineers employed by federal, state, and local governments;
and educators. It will also be a good reference for engineering technicians and detailers. The
material has been presented in easy-to-understand form to make it useful to professionals
and those with more limited experience. Numerous examples, worked out in detail, illustrate
design procedures.

The thrust is to provide practical techniques for cost-effective design as well as expla-
nations of underlying theory and criteria. Design methods and equations from leading spec-
ifications are presented for ready reference. This includes those of the American Institute of
Steel Construction (AISC), the American Association of State Highway and Transportation
Officials (AASHTO), and the American Railway Engineering Association (AREA). Both the
traditional allowable-stress design (ASD) approach and the load-and-resistance-factor design
(LRFD) approach are presented. Nevertheless, users of this handbook would find it helpful
to have the latest edition of these specifications on hand, because they are changed annually,
as well as the AISC ““Steel Construction Manual,” ASD and LRFD.

Contributors to this book are leading experts in design, construction, materials, and struc-
tural theory. They offer know-how and techniques gleaned from vast experience. They in-
clude well-known consulting engineers, university professors, and engineers with an exten-
sive fabrication and erection background. This blend of experiences contributes to a broad,
well-rounded presentation.

The book begins with an informative section on the types of steel, their mechanical
properties, and the basic behavior of steel under different conditions. Topics such as cold-
work, strain-rate effects, temperature effects, fracture, and fatigue provide in-depth infor-
mation. Aids are presented for estimating the relative weight and material cost of steels for
various types of structural members to assist in selecting the most economical grade. A
review of fundamental steel-making practices, including the now widely used continuous-
casting method, is presented to give designers better knowledge of structural steels and alloys
and how they are produced.

Because of their impact on total cost, a knowledge of fabrication and erection methods
is a fundamental requirement for designing economical structures. Accordingly, the book
presents description of various shop fabrication procedures, including cutting steel compo-
nents to size, punching, drilling, and welding. Available erection equipment is reviewed, as
well as specific methods used to erect bridges and buildings.

A broad treatment of structural theory follows to aid engineers in determining the forces
and moments that must be accounted for in design. Basic mechanics, traditional tools for
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analysis of determinate and indeterminate structures, matrix methods, and other topics are
discussed. Structural analysis tools are also presented for various special structures, such as
arches, domes, cable systems, and orthotropic plates. This information is particularly useful
in making preliminary designs and verifying computer models.

Connections have received renewed attention in current structural steel design, and im-
provements have been made in understanding their behavior in service and in design tech-
niques. A comprehensive section on design of structural connections presents approved meth-
ods for all of the major types, bolted and welded. Information on materials for bolting and
welding is included.

Successive sections cover design of buildings, beginning with basic design criteria and
other code requirements, including minimum design dead, live, wind, seismic, and other
loads. A state-of-the-art summary describes current fire-resistant construction, as well as
available tools that allow engineers to design for fire protection and avoid costly tests. In
addition, the book discusses the resistance of various types of structural steel to corrosion
and describes corrosion-prevention methods.

A large part of the book is devoted to presentation of practical approaches to design of
tension, compression, and flexural members, composite and noncomposite.

One section is devoted to selection of floor and roof systems for buildings. This involves
decisions that have major impact on the economics of building construction. Alternative
support systems for floors are reviewed, such as the stub-girder and staggered-truss systems.
Also, framing systems for short and long-span roof systems are analyzed.

Another section is devoted to design of framing systems for lateral forces. Both traditional
and newer-type bracing systems, such as eccentric bracing, are analyzed.

Over one-third of the handbook is dedicated to design of bridges. Discussions of design
criteria cover loadings, fatigue, and the various facets of member design. Information is
presented on use of weathering steel. Also, tips are offered on how to obtain economical
designs for all types of bridges. In addition, numerous detailed calculations are presented
for design of rolled-beam and plate-girder bridges, straight and curved, composite and non-
composite, box girders, orthotropic plates, and continuous and simple-span systems.

Notable examples of truss and arch designs, taken from current practice, make these
sections valuable references in selecting the appropriate spatial form for each site, as well
as executing the design.

The concluding section describes the various types of cable-supported bridges and the
cable systems and fittings available. In addition, design of suspension bridges and cable-
stayed bridges is covered in detail.

The authors and editors are indebted to numerous sources for the information presented.
Space considerations preclude listing all, but credit is given wherever feasible, especially in
bibliographies throughout the book.

The reader is cautioned that independent professional judgment must be exercised when
information set forth in this handbook is applied. Anyone making use of this information
assumes all liability arising from such use.

Roger L. Brockenbrough
Frederick S. Merritt
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SECTION 1

PROPERTIES OF STRUCTURAL
STEELS AND EFFECTS OF
STEELMAKING AND FABRICATION

R. L. Brockenbrough, PE.

President, R. L. Brockenbrough & Associates, Inc.,
Pittsburgh, Pennsylvania

This section presents and discusses the properties of structural steels that are of importance
in design and construction. Designers should be familiar with these properties so that they
can select the most economical combination of suitable steels for each application and use
the materials efficiently and safely.

In accordance with contemporary practice, the steels described in this section are given
the names of the corresponding specifications of ASTM, 100 Barr Harbor Dr., West Con-
shohocken, PA, 19428. For example, all steels covered by ASTM AS588, “Specification for
High-strength Low-alloy Structural Steel,” are called A588 steel.

1.1 STRUCTURAL STEEL SHAPES AND PLATES

Steels for structural uses may be classified by chemical composition, tensile properties, and
method of manufacture as carbon steels, high-strength low-alloy steels (HSLA), heat-treated
carbon steels, and heat-treated constructional alloy steels. A typical stress-strain curve for a
steel in each classification is shown in Fig. 1.1 to illustrate the increasing strength levels
provided by the four classifications of steel. The availability of this wide range of specified
minimum strengths, as well as other material properties, enables the designer to select an
economical material that will perform the required function for each application.

Some of the most widely used steels in each classification are listed in Table 1.1 with
their specified strengths in shapes and plates. These steels are weldable, but the welding
materials and procedures for each steel must be in accordance with approved methods. Weld-
ing information for each of the steels is available from most steel producers and in
publications of the American Welding Society.

1.1.1 Carbon Steels
A steel may be classified as a carbon steel if (1) the maximum content specified for alloying

elements does not exceed the following: manganese—1.65%, silicon—0.60%, copper—

1.1
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FIGURE 1.1 Typical stress-strain curves for structural steels. (Curves have
been modified to reflect minimum specified properties.)

0.60%; (2) the specified minimum for copper does not exceed 0.40%; and (3) no minimum
content is specified for other elements added to obtain a desired alloying effect.

A36 steel is the principal carbon steel for bridges, buildings, and many other structural
uses. This steel provides a minimum yield point of 36 ksi in all structural shapes and in
plates up to 8 in thick.

AS573, the other carbon steel listed in Table 1.1, is available in three strength grades for
plate applications in which improved notch toughness is important.

1.1.2 High-Strength Low-Alloy Steels

Those steels which have specified minimum yield points greater than 40 ksi and achieve that
strength in the hot-rolled condition, rather than by heat treatment, are known as HSLA steels.
Because these steels offer increased strength at moderate increases in price over carbon steels,
they are economical for a variety of applications.

A242 steel is a weathering steel, used where resistance to atmospheric corrosion is of
primary importance. Steels meeting this specification usually provide a resistance to atmos-
pheric corrosion at least four times that of structural carbon steel. However, when required,
steels can be selected to provide a resistance to atmospheric corrosion of five to eight times
that of structural carbon steels. A specified minimum yield point of 50 ksi can be furnished
in plates up to ¥ in thick and the lighter structural shapes. It is available with a lower yield
point in thicker sections, as indicated in Table 1.1.

AS588 is the primary weathering steel for structural work. It provides a 50-ksi yield point
in plates up to 4 in thick and in all structural sections; it is available with a lower yield point
in thicker plates. Several grades are included in the specification to permit use of various
compositions developed by steel producers to obtain the specified properties. This steel pro-
vides about four times the resistance to atmospheric corrosion of structural carbon steels.
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TABLE 1.1 Specified Minimum Properties for Structural Steel Shapes and Plates*

ASTM Elongation, %
group for Yield Tensile R —
ASTM Plate-thickness structural stress, strength, In 2 In
designation range, in shapesT ksif ksit in§ 8 in
A36 8 maximum 1-5 36 58-80 23-21 20
over 8 1-5 32 58-80 23 20
A573
Grade 58 1% maximum bl 32 58-71 24 21
Grade 65 1%~ maximum | 35 65-77 23 20
Grade 70 1% maximum bl 42 70-90 21 18
High-strength low-alloy steels
A242 34 maximum 1 and 2 50 70 21 18
Over ¥ to 1% max 3 46 67 21 18
Over 1% to 4 max 4 and 5 42 63 21 18
AS588 4 maximum 1-5 50 70 21 18
Over 4 to 5 max 1-5 46 67 21 —
Over 5 to 8 max 1-5 42 63 21 —
A572
Grade 42 6 maximum 1-5 42 60 24 20
Grade 50 4 maximum 1-5 50 65 21 18
Grade 60 14 maximum 1-3 60 75 18 16
Grade 65 1%4 maximum 1-3 65 80 17 15
A992 q 1-5 50-65 65 21 18
Heat-treated carbon and HSLA steels
A633
Grade A 4 maximum | 42 63-83 23 18
Grade C, D 2% maximum 9 50 70-90 23 18
Over 2% to 4 max 9 46 65-85 23 18
Grade E 4 maximum 1 60 80-100 23 18
Over 4 to 6 max bl 55 75-95 23 18
A678
Grade A 1%~ maximum | 50 70-90 22 —
Grade B 2'5 maximum 1 60 80-100 22 —
Grade C ¥4 maximum 9 75 95-115 19 —
Over % to 1% max | 70 90-110 19 —
Over 1% to 2 max bl 65 85-105 19 —
Grade D 3 maximum | 75 90-110 18 —
AS852 4 maximum | 70 90-110 19 —
A913 q 1-5 50 65 21 18
1 1-5 60 75 18 16
1 1-5 65 80 17 15
1 1-5 70 90 16 14




14

SECTION ONE

TABLE 1.1 Specified Minimum Properties for Structural Steel Shapes and Plates* (Continued)

ASTM Elongation, %

group for Yield Tensile I —

ASTM Plate-thickness structural stress, strength, In2 In
designation range, in shapesT ksit ksif in§ 8 in

Heat-treated constructional alloy steels

AS514 24 maximum q 100 110-130 18 —
Over 24 to 6 max q 90 100-130 16 —

*The following are approximate values for all the steels:
Modulus of elasticity—29 X 10° ksi.
Shear modulus—11 X 10 ksi.
Poisson’s ratio—0.30.
Yield stress in shear—0.57 times yield stress in tension.
Ultimate strength in shear—2%3 to % times tensile strength.
Coefficient of thermal expansion—6.5 X 107° in per in per deg F for temperature range —50 to +150°F.
Density—490 1b/ft*.
+See ASTM A6 for structural shape group classification.
1 Where two values are shown for yield stress or tensile strength, the first is minimum and the second is maximum.
§ The minimum elongation values are modified for some thicknesses in accordance with the specification for the
steel. Where two values are shown for the elongation in 2 in, the first is for plates and the second for shapes.
9 Not applicable.

These relative corrosion ratings are determined from the slopes of corrosion-time curves
and are based on carbon steels not containing copper. (The resistance of carbon steel to
atmospheric corrosion can be doubled by specifying a minimum copper content of 0.20%.)
Typical corrosion curves for several steels exposed to industrial atmosphere are shown in
Fig. 1.2.

For methods of estimating the atmospheric corrosion resistance of low-alloy steels based
on their chemical composition, see ASTM Guide G101. The A588 specification requires that
the resistance index calculated according to Guide 101 shall be 6.0 or higher.

AS588 and A242 steels are called weathering steels because, when subjected to alternate
wetting and drying in most bold atmospheric exposures, they develop a tight oxide layer
that substantially inhibits further corrosion. They are often used bare (unpainted) where the
oxide finish that develops is desired for aesthetic reasons or for economy in maintenance.
Bridges and exposed building framing are typical examples of such applications. Designers
should investigate potential applications thoroughly, however, to determine whether a weath-
ering steel will be suitable. Information on bare-steel applications is available from steel
producers.

AS572 specifies columbium-vanadium HSLA steels in four grades with minimum yield
points of 42, 50, 60, and 65 ksi. Grade 42 in thicknesses up to 6 in and grade 50 in
thicknesses up to 4 in are used for welded bridges. All grades may be used for riveted or
bolted construction and for welded construction in most applications other than bridges.

A992 steel was introduced in 1998 as a new specification for rolled wide flange shapes
for building framing. It provides a minimum yield point of 50 ksi, a maximum yield point
of 65 ksi, and a maximum yield to tensile ratio of 0.85. These maximum limits are considered
desirable attributes for seismic design. To enhance weldability, a maximum carbon equivalent
is also included, equal to 0.47% for shape groups 4 and 5 and 0.45% for other groups. A
supplemental requirement can be specified for an average Charpy V-notch toughness of 40
ft-1b at 70°F.



PROPERTIES OF STRUCTURAL STEELS AND EFFECTS OF STEELMAKING AND FABRICATION 15

»
1

CARBON STEEL

COPPER-BEARING
CARBON STEEL

A588 GRADE A STEEL

CALCULATED AVERAGE REDUCTION IN THICKNESS, MILS
w

2 (Mn-Cr ~Cu-V TYPE)
A514 GRADE F STEEL
A242 STEEL

! (Cr -Si-Cu-Ni-P
TYPE)

0 J

[o] ] 2 4 6 7 8
TIME, YEARS

FIGURE 1.2 Corrosion curves for structural steels in an industrial atmosphere. (From R. L.
Brockenbrough and B. G. Johnston, USS Steel Design Manual, R. L. Brockenbrough & Associates,
Inc., Pittsburgh, Pa., with permission.)

1.1.3 Heat-Treated Carbon and HSLA Steels

Both carbon and HSLA steels can be heat treated to provide yield points in the range of 50
to 75 ksi. This provides an intermediate strength level between the as-rolled HSLA steels
and the heat-treated constructional alloy steels.

A633 is a normalized HSLA plate steel for applications where improved notch toughness
is desired. Available in four grades with different chemical compositions, the minimum yield
point ranges from 42 to 60 ksi depending on grade and thickness.

A678 includes quenched-and-tempered plate steels (both carbon and HSLA compositions)
with excellent notch toughness. It is also available in four grades with different chemical
compositions; the minimum yield point ranges from 50 to 75 ksi depending on grade and
thickness.

A852 is a quenched-and-tempered HSLA plate steel of the weathering type. It is intended
for welded bridges and buildings and similar applications where weight savings, durability,
and good notch toughness are important. It provides a minimum yield point of 70 ksi in
thickness up to 4 in. The resistance to atmospheric corrosion is typically four times that of
carbon steel.

A913 is a high-strength low-allow steel for structural shapes, produced by the quenching
and self-tempering (QST) process. It is intended for the construction of buildings, bridges,
and other structures. Four grades provide a minimum yield point of 50 to 70 ksi. Maximum
carbon equivalents to enhance weldability are included as follows: Grade 50, 0.38%; Grade
60, 0.40%; Grade 65, 0.43%; and Grade 70, 0.45%. Also, the steel must provide an average
Charpy V-notch toughness of 40 ft-1b at 70°F.

1.1.4 Heat-Treated Constructional Alloy Steels

Steels that contain alloying elements in excess of the limits for carbon steel and are heat
treated to obtain a combination of high strength and toughness are termed constructional
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alloy steels. Having a yield strength of 100 ksi, these are the strongest steels in general
structural use.

A514 includes several grades of quenched and tempered steels, to permit use of various
compositions developed by producers to obtain the specified strengths. Maximum thickness
ranges from 1% to 6 in depending on the grade. Minimum yield strength for plate thicknesses
over 2% in is 90 ksi. Steels furnished to this specification can provide a resistance to at-
mospheric corrosion up to four times that of structural carbon steel depending on the grade.

Constructional alloy steels are also frequently selected because of their ability to resist
abrasion. For many types of abrasion, this resistance is related to hardness or tensile strength.
Therefore, constructional alloy steels may have nearly twice the resistance to abrasion pro-
vided by carbon steel. Also available are numerous grades that have been heat treated to
increase the hardness even more.

1.1.5 Bridge Steels

Steels for application in bridges are covered by A709, which includes steel in several of the
categories mentioned above. Under this specification, grades 36, 50, 70, and 100 are steels
with yield strengths of 36, 50, 70, and 100 ksi, respectively. (See also Table 11.28.)

The grade designation is followed by the letter W, indicating whether ordinary or high
atmospheric corrosion resistance is required. An additional letter, T or F, indicates that
Charpy V-notch impact tests must be conducted on the steel. The T designation indicates
that the material is to be used in a non-fracture-critical application as defined by AASHTO;
the F indicates use in a fracture-critical application.

A trailing numeral, 1, 2, or 3, indicates the testing zone, which relates to the lowest
ambient temperature expected at the bridge site. (See Table 1.2.) As indicated by the first
footnote in the table, the service temperature for each zone is considerably less than the
Charpy V-notch impact-test temperature. This accounts for the fact that the dynamic loading
rate in the impact test is more severe than that to which the structure is subjected. The
toughness requirements depend on fracture criticality, grade, thickness, and method of con-
nection.

A709-HPS70W, designated as a High Performance Steel (HPS), is also now available for
highway bridge construction. This is a weathering plate steel, designated HPS because it
possesses superior weldability and toughness as compared to conventional steels of similar
strength. For example, for welded construction with plates over 2'2 in thick, A709-70W
must have a minimum average Charpy V-notch toughness of 35 ft-1b at —10°F in Zone III,
the most severe climate. Toughness values reported for some heats of A709-HPS70W have
been much higher, in the range of 120 to 240 ft-1b at —10°F. Such extra toughness provides
a very high resistance to brittle fracture.

(R. L. Brockenbrough, Sec. 9 in Standard Handbook for Civil Engineers, 4th ed., F. S.
Merritt, ed., McGraw-Hill, Inc., New York.)

1.2 STEEL-QUALITY DESIGNATIONS

Steel plates, shapes, sheetpiling, and bars for structural uses—such as the load-carrying
members in buildings, bridges, ships, and other structures—are usually ordered to the re-
quirements of ASTM A6 and are referred to as structural-quality steels. (A6 does not
indicate a specific steel.) This specification contains general requirements for delivery related
to chemical analysis, permissible variations in dimensions and weight, permissible imper-
fections, conditioning, marking and tension and bend tests of a large group of structural
steels. (Specific requirements for the chemical composition and tensile properties of these
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TABLE 1.2 Charpy V-Notch Toughness for A709 Bridge Steels*

Test temperature, °F

Maximum Joining/ Minimum average
thickness, in, fastening energy, Zone Zone Zone
Grade inclusive method ft-lb 1 2 3

Non-fracture-critical members

36T 4 Mech./Weld. 15 70 40 10
50T, T 2 Mech./Weld. 15
S0WTY
2t04 Mechanical 15 70 40 10
2to4 Welded 20
TOWT% 2V Mech./Weld. 20
25 to 4 Mechanical 20 50 20 -10
2% to 4 Welded 25
100T, 25 Mech./Weld. 25
100WT
2% to 4 Mechanical 25 30 0 -30
25 to 4 Welded 35

Fracture-critical members

36F 4 Mech./Weld.* 25 70 40 10
50F,1 50WF¥ 2 Mech./Weld.“ 25 70 40 10
2t04 Mechanical“ 25 70 40 10

2 to 4 Welded” 30 70 40 10

TOWFi# 2 Mech./Weld.” 30 50 20 -10
25 to 4 Mechanical® 30 50 20 -10

25 t0 4 Welded® 35 50 20 -10

100F, 100WF 25 Mech./Weld.© 35 30 0 =30
25 to 4 Mechanical® 35 30 0 =30

2% to 4 Welded“ 45 30 0 NA

*Minimum service temperatures:
Zone 1, 0°F; Zone 2, below 0 to —30°F; Zone 3, below —30 to —60°F.

T1If yield strength exceeds 65 ksi, reduce test temperature by 15°F for each 10 ksi above 65 ksi.
+1If yield strength exceeds 85 ksi, reduce test temperature by 15°F for each 10 ksi above 85 ksi.
“Minimum test value energy is 20 ft-lb.

"Minimum test value energy is 24 ft-1b.

“Minimum test value energy is 28 ft-1b.

“Minimum test value energy is 36 ft-1b.

steels are included in the specifications discussed in Art. 1.1.) All the steels included in Table
1.1 are structural-quality steels.

In addition to the usual die stamping or stenciling used for identification, plates and shapes
of certain steels covered by A6 are marked in accordance with a color code, when specified
by the purchaser, as indicated in Table 1.3.

Steel plates for pressure vessels are usually furnished to the general requirements of
ASTM A20 and are referred to as pressure-vessel-quality steels. Generally, a greater number
of mechanical-property tests and additional processing are required for pressure-vessel-
quality steel.
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TABLE 1.3 Identification Colors

Steels Color Steels Color
A36 None A913 grade 50 red and yellow
A242 Blue A913 grade 60 red and gray
AS514 Red A913 grade 65 red and blue

AS572 grade 42 Green and white A913 grade 70 red and white
AS572 grade 50 Green and yellow

A572 grade 60 Green and gray

A572 grade 65 Green and blue

A588 Blue and yellow

A852 Blue and orange

1.3 RELATIVE COST OF STRUCTURAL STEELS

Because of the many strength levels and grades now available, designers usually must in-
vestigate several steels to determine the most economical one for each application. As a
guide, relative material costs of several structural steels used as tension members, beams,
and columns are discussed below. The comparisons are based on cost of steel to fabricators
(steel producer’s price) because, in most applications, cost of a steel design is closely related
to material costs. However, the total fabricated and erected cost of the structure should be
considered in a final cost analysis. Thus the relationships shown should be considered as
only a general guide.

Tension Members. Assume that two tension members of different-strength steels have the
same length. Then, their material-cost ratio C,/C, is

G _Ap,
—= = === (1.1)
C, A p

where A, and A, are the cross-sectional areas and p, and p, are the material prices per unit
weight. If the members are designed to carry the same load at a stress that is a fixed per-
centage of the yield point, the cross-sectional areas are inversely proportional to the yield
stresses. Therefore, their relative material cost can be expressed as

Q:&& (1.2)
C, Fyp

)
where F,, and F,, are the yield stresses of the two steels. The ratio p,/p, is the relative price
factor. Values of this factor for several steels are given in Table 1.4, with A36 steel as the
base. The table indicates that the relative price factor is always less than the corresponding
yield-stress ratio. Thus the relative cost of tension members calculated from Eq. (1.2) favors
the use of high-strength steels.

Beams. The optimal section modulus for an elastically designed I-shaped beam results
when the area of both flanges equals half the total cross-sectional area of the member.
Assume now two members made of steels having different yield points and designed to carry
the same bending moment, each beam being laterally braced and proportioned for optimal
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TABLE 1.4 Relative Price Factors*

Ratio of Relative

Minimum Relative minimum cost of

yield price yield tension

Steel stress, ksi factor stresses members
A36 36 1.00 1.00 1.00
A572 grade 42 42 1.09 1.17 0.93
A572 grade 50 50 1.12 1.39 0.81
AS588 grade A 50 1.23 1.39 0.88
A852 70 1.52 1.94 0.78
A514 grade B 100 2.07 2.78 0.75

*Based on plates ¥ X 96 X 240 in. Price factors for shapes tend to be lower.
A852 and A514 steels are not available in shapes.

section modulus. Their relative weight W,/ W, and relative cost C,/C, are influenced by the
web depth-to-thickness ratio d/t. For example, if the two members have the same d/¢ values,
such as a maximum value imposed by the manufacturing process for rolled beams, the
relationships are

E _ (&>2/3 03
Wl Fy2

2 _P <ﬁ>2/3 (1.4)
C, p Fy2

If each of the two members has the maximum d/¢ value that precludes elastic web buckling,
a condition of interest in designing fabricated plate girders, the relationships are

m 3 i 1/2

v () @
G B <i>”2 (1.6)
C p Fy2

Table 1.5 shows relative weights and relative material costs for several structural steels.
These values were calculated from Egs. (1.3) to (1.6) and the relative price factors given in
Table 1.4, with A36 steel as the base. The table shows the decrease in relative weight with
increase in yield stress. The relative material costs show that when bending members are
thus compared for girders, the cost of A572 grade 50 steel is lower than that of A36 steel,
and the cost of other steels is higher. For rolled beams, all the HSLA steels have marginally
lower relative costs, and A572 grade 50 has the lowest cost.

Because the comparison is valid only for members subjected to the same bending moment,
it does not indicate the relative costs for girders over long spans where the weight of the
member may be a significant part of the loading. Under such conditions, the relative material
costs of the stronger steels decrease from those shown in the table because of the reduction
in girder weights. Also, significant economies can sometimes be realized by the use of hybrid
girders, that is, girders having a lower-yield-stress material for the web than for the flange.
HSLA steels, such as A572 grade 50, are often more economical for composite beams in
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TABLE 1.5 Relative Material Cost for Beams

Plate girders Rolled beams
Relative Relative Relative Relative
Steel weight material cost weight material cost

A36 1.000 1.00 1.000 1.00
A572 grade 42 0.927 1.01 0.903 0.98
A572 grade 50 0.848 0.95 0.805 0.91
A588 grade A 0.848 1.04 0.805 0.99
A852 0.775 1.18

A514 grade B 0.600 1.24

the floors of buildings. Also, A588 steel is often preferred for bridge members in view of
its greater durability.

Columns. The relative material cost for two columns of different steels designed to carry
the same load may be expressed as

G _&&_Fcl/pl

= 1.7

C, Fuop Faulp, a-n
where F,, and F,, are the column buckling stresses for the two members. This relationship
is similar to that given for tension members, except that buckling stress is used instead of
yield stress in computing the relative price-strength ratios. Buckling stresses can be calculated
from basic column-strength criteria. (T. Y. Galambos, Structural Stability Research Council
Guide to Design Criteria for Metal Structures, John Wiley & Sons, Inc., New York.) In
general, the buckling stress is considered equal to the yield stress at a slenderness ratio L/r
of zero and decreases to the classical Euler value with increasing L/r.

Relative price-strength ratios for A572 grade 50 and other steels, at L/r values from zero
to 120 are shown graphically in Fig. 1.3. As before, A36 steel is the base. Therefore, ratios
less than 1.00 indicate a material cost lower than that of A36 steel. The figure shows that
for L/r from zero to about 100, A572 grade 50 steel is more economical than A36 steel.
Thus the former is frequently used for columns in building construction, particularly in the
lower stories, where slenderness ratios are smaller than in the upper stories.

1.4 STEEL SHEET AND STRIP FOR STRUCTURAL APPLICATIONS

Steel sheet and strip are used for many structural applications, including cold-formed mem-
bers in building construction and the stressed skin of transportation equipment. Mechanical
properties of several of the more frequently used sheet steels are presented in Table 1.6.

ASTM A570 covers seven strength grades of uncoated, hot-rolled, carbon-steel sheets
and strip intended for structural use.

A606 covers high-strength, low-alloy, hot- and cold-rolled steel sheet and strip with en-
hanced corrosion resistance. This material is intended for structural or miscellaneous uses
where weight savings or high durability are important. It is available, in cut lengths or coils,
in either type 2 or type 4, with atmospheric corrosion resistance approximately two or four
times, respectively, that of plain carbon steel.
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FIGURE 1.3 Curves show for several structural steels the variation of relative price-strength
ratios, A36 steel being taken as unity, with slenderness ratios of compression members.

A607, available in six strength levels, covers high-strength, low-alloy columbium or va-
nadium, or both, hot- and cold-rolled steel sheet and strip. The material may be in either
cut lengths or coils. It is intended for structural or miscellaneous uses where greater strength
and weight savings are important. A607 is available in two classes, each with six similar
strength levels, but class 2 offers better formability and weldability than class 1. Without
addition of copper, these steels are equivalent in resistance to atmospheric corrosion to plain
carbon steel. With copper, however, resistance is twice that of plain carbon steel.

A611 covers cold-rolled carbon sheet steel in coils and cut lengths. Four grades provide
yield stress levels from 25 to 40 ksi. Also available is Grade E, which is a full-hard product
with a minimum yield stress of 80 ksi but no specified minimum elongation.

A653 covers steel sheet, zinc coated (galvanized) or zinc-iron alloy coated (galvannealed)
by the hot dip process in coils and cut lengths. Included are several grades of structural steel
(SS) and high-strength low-alloy steel (HSLAS) with a yield stress of 33 to 80 ksi. HSLAS
sheets are available as Type A, for applications where improved formability is important,
and Type B for even better formability. The metallic coating is available in a wide range of
coating weights, which provide excellent corrosion protection in many applications.

A715 provides for HSLAS, hot and cold-rolled, with improved formability over A606 an
A607 steels. Yield stresses included range from 50 to 80 ksi.

A792 covers sheet in coils and cut lengths coated with aluminum-zinc alloy by the hot
dip process. The coating is available in three coating weights, which provide both corrosion
and heat resistance.
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TABLE 1.6 Specified Minimum Mechanical Properties for Steel Sheet and Strip for Structural

Applications
Yield Tensile
ASTM point, strength, Elongation
designation Grade Type of product ksi ksi in 2 in, %*
A570 Hot-rolled
30 30 49 21
33 33 52 18
36 36 53 17
40 40 55 15
45 45 60 13
50 50 65 11
55 55 70 9
A606 Hot-rolled, cut length 50 70 22
Hot-rolled, coils 45 65 22
Cold-rolled 45 65 22
A607 Hot- or cold-rolled
45 45 60+ 25-22
50 50 657 22-20
55 55 70F 20-18
60 60 75+ 18-16
65 65 807 16-14
70 70 85t 14-12
A611 Cold-rolled
A 25 42 26
B 30 45 24
C 33 48 22
D 40 52 20
A653** Galvanized or galvannealed
SS 33 33 45 20
SS 37 37 52 18
SS 40 40 55 16
SS 50, class 1 50 65 12
SS 50, class 2 50 70 12
HSLAS 50 50 60 20-22
HSLAS 50 60 70 16-18
HSLAS 50 70 80 12-14
HSLAS 50 80 90 10-12
A715 Hot- and cold-rolled
50 50 60 22
60 60 70 18
70 70 80 16
80 80 90 14
A792 Aluminum-zinc alloy coated
SS 33 33 45 20
SS 37 37 52 18
SS 40 40 55 16
SS 50A 50 65 12

*Modified for some thicknesses in accordance with the specification. For A607, where two values are given, the
first is for hot-rolled, the second for cold-rolled steel. For A653, where two values are given, the first is for type A
product, the second for type B.

1 For class 1 product. Reduce tabulated strengths 5 ksi for class 2.

** Also available as A875 with zinc-5% aluminum alloy coating.
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1.5 TUBING FOR STRUCTURAL APPLICATIONS

Structural tubing is being used more frequently in modern construction (Art. 6.30). It is often
preferred to other steel members when resistance to torsion is required and when a smooth,
closed section is aesthetically desirable. In addition, structural tubing often may be the ec-
onomical choice for compression members subjected to moderate to light loads. Square and
rectangular tubing is manufactured either by cold or hot forming welded or seamless round
tubing in a continuous process. AS00 cold-formed carbon-steel tubing (Table 1.7) is produced
in four strength grades in each of two product forms, shaped (square or rectangular) or
round. A minimum yield point of up to 50 ksi is available for shaped tubes and up to 46
ksi for round tubes. A500 grade B and grade C are commonly specified for building con-
struction applications and are available from producers and steel service centers.

A501 tubing is a hot-formed carbon-steel product. It provides a yield point equal to that
of A36 steel in tubing having a wall thickness of 1 in or less.

A618 tubing is a hot-formed HSLA product that provides a minimum yield point of up
to 50 ksi. The three grades all have enhanced resistance to atmospheric corrosion. Grades
Ia and Ib can be used in the bare condition for many applications when properly exposed
to the atmosphere.

A847 tubing covers cold-formed HSLA tubing and provides a minimum yield point of
50 ksi. It also offers enhanced resistance to atmospheric corrosion and, when properly ex-
posed, can be used in the bare condition for many applications.

1.6 STEEL CABLE FOR STRUCTURAL APPLICATIONS

Steel cables have been used for many years in bridge construction and are occasionally used
in building construction for the support of roofs and floors. The types of cables used for

TABLE 1.7 Specified Minimum Mechanical Properties of Structural Tubing

Yield Tensile
ASTM point, strength, Elongation
designation Product form ksi ksi in 2 in, %
A500 Shaped
Grade A 39 45 25
Grade B 46 58 23
Grade C 50 62 21
Grade D 36 58 23
A500 Round
Grade A 33 45 25
Grade B 42 58 23
Grade C 46 62 21
Grade D 36 58 23
A501 Round or shaped 36 58 23
A618 Round or shaped
Grades Ia, 1b, 11
Walls =% in 50 70 22
Walls >¥4
to 1% in 46 67 22
Grade III 50 65 20

A847 Round or shaped 50 70 19
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TABLE 1.8 Mechanical Properties of Steel Cables

Minimum breaking strength, kip,* Minimum modulus of elasticity, ksi,*
of selected cable sizes for indicated diameter range
Nominal Zinc-coated Zinc-coated Nominal diameter Minimum
diameter, in strand rope range, in modulus, ksi
%) 30 23 Prestretched
Ya 68 52 zinc-coated strand
1 122 91.4 Y5 to 2% 24,000
1% 276 208 2% and over 23,000
490 372 Prestretched
3 1076 824 zinc-coated rope
4 1850 1460 Y to 4 20,000

*Values are for cables with class A zinc coating on all wires. Class B or C can be specified where additional
corrosion protection is required.

these applications are referred to as bridge strand or bridge rope. In this use, bridge is a
generic term that denotes a specific type of high-quality strand or rope.

A strand is an arrangement of wires laid helically about a center wire to produce a
symmetrical section. A rope is a group of strands laid helically around a core composed of
either a strand or another wire rope. The term cable is often used indiscriminately in referring
to wires, strands, or ropes. Strand may be specified under ASTM A586; wire rope, under
A603.

During manufacture, the individual wires in bridge strand and rope are generally galva-
nized to provide resistance to corrosion. Also, the finished cable is prestretched. In this
process, the strand or rope is subjected to a predetermined load of not more than 55% of
the breaking strength for a sufficient length of time to remove the “‘structural stretch” caused
primarily by radial and axial adjustment of the wires or strands to the load. Thus, under
normal design loadings, the elongation that occurs is essentially elastic and may be calculated
from the elastic-modulus values given in Table 1.8.

Strands and ropes are manufactured from cold-drawn wire and do not have a definite
yield point. Therefore, a working load or design load is determined by dividing the specified
minimum breaking strength for a specific size by a suitable safety factor. The breaking
strengths for selected sizes of bridge strand and rope are listed in Table 1.8.

1.7 TENSILE PROPERTIES

The tensile properties of steel are generally determined from tension tests on small specimens
or coupons in accordance with standard ASTM procedures. The behavior of steels in these
tests is closely related to the behavior of structural-steel members under static loads. Because,
for structural steels, the yield points and moduli of elasticity determined in tension and
compression are nearly the same, compression tests are seldom necessary.

Typical tensile stress-strain curves for structural steels are shown in Fig. 1.1. The initial
portion of these curves is shown at a magnified scale in Fig. 1.4. Both sets of curves may
be referred to for the following discussion.
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FIGURE 1.4 Partial stress-strain curves for structural steels strained
through the plastic region into the strain-hardening range. (From R. L.
Brockenbrough and B. G. Johnston, USS Steel Design Manual, R. L. Brock-
enbrough & Associates, Inc., Pittsburgh, Pa., with permission.)

Strain Ranges. When a steel specimen is subjected to load, an initial elastic range is
observed in which there is no permanent deformation. Thus, if the load is removed, the
specimen returns to its original dimensions. The ratio of stress to strain within the elastic
range is the modulus of elasticity, or Young’s modulus E. Since this modulus is consistently
about 29 X 10° ksi for all the structural steels, its value is not usually determined in tension
tests, except in special instances.

The strains beyond the elastic range in the tension test are termed the inelastic range.
For as-rolled and high-strength low-alloy (HSLA) steels, this range has two parts. First
observed is a plastic range, in which strain increases with no appreciable increase in stress.
This is followed by a strain-hardening range, in which strain increase is accompanied by
a significant increase in stress. The curves for heat-treated steels, however, do not generally
exhibit a distinct plastic range or a large amount of strain hardening.

The strain at which strain hardening begins (€,) and the rate at which stress increases
with strain in the strain-hardening range (the strain-hardening modulus E,) have been de-
termined for carbon and HSLA steels. The average value of E_, is 600 ksi, and the length
of the yield plateau is 5 to 15 times the yield strain. (T. V. Galambos, ‘“Properties of Steel
for Use in LRFD,” Journal of the Structural Division, American Society of Civil Engineers,
Vol. 104, No. ST9, 1978.)

Yield Point, Yield Strength, and Tensile Strength. As illustrated in Fig. 1.4, carbon and
HSLA steels usually show an upper and lower yield point. The upper yield point is the value
usually recorded in tension tests and thus is simply termed the yield point.

The heat-treated steels in Fig. 1.4, however, do not show a definite yield point in a tension
test. For these steels it is necessary to define a yield strength, the stress corresponding to a
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specified deviation from perfectly elastic behavior. As illustrated in the figure, yield strength
is usually specified in either of two ways: For steels with a specified value not exceeding
80 ksi, yield strength is considered as the stress at which the test specimen reaches a 0.5%
extension under load (0.5% EUL) and may still be referred to as the yield point. For higher-
strength steels, the yield strength is the stress at which the specimen reaches a strain 0.2%
greater than that for perfectly elastic behavior.

Since the amount of inelastic strain that occurs before the yield strength is reached is
quite small, yield strength has essentially the same significance in design as yield point.
These two terms are sometimes referred to collectively as yield stress.

The maximum stress reached in a tension test is the tensile strength of the steel. After
this stress is reached, increasing strains are accompanied by decreasing stresses. Fracture
eventually occurs.

Proportional Limit. The proportional limit is the stress corresponding to the first visible
departure from linear-elastic behavior. This value is determined graphically from the stress-
strain curve. Since the departure from elastic action is gradual, the proportional limit depends
greatly on individual judgment and on the accuracy and sensitivity of the strain-measuring
devices used. The proportional limit has little practical significance and is not usually re-
corded in a tension test.

Ductility. 'This is an important property of structural steels. It allows redistribution of
stresses in continuous members and at points of high local stresses, such as those at holes
or other discontinuities.

In a tension test, ductility is measured by percent elongation over a given gage length or
percent reduction of cross-sectional area. The percent elongation is determined by fitting the
specimen together after fracture, noting the change in gage length and dividing the increase
by the original gage length. Similarly, the percent reduction of area is determined from cross-
sectional measurements made on the specimen before and after testing.

Both types of ductility measurements are an index of the ability of a material to deform
in the inelastic range. There is, however, no generally accepted criterion of minimum ductility
for various structures.

Poisson’s Ratio. The ratio of transverse to longitudinal strain under load is known as Pois-
son’s ratio v. This ratio is about the same for all structural steels—0.30 in the elastic range
and 0.50 in the plastic range.

True-Stress—True-Strain Curves. In the stress-strain curves shown previously, stress values
were based on original cross-sectional area, and the strains were based on the original gauge
length. Such curves are sometimes referred to as engineering-type stress-strain curves.
However, since the original dimensions change significantly after the initiation of yielding,
curves based on instantaneous values of area and gage length are often thought to be of
more fundamental significance. Such curves are known as true-stress—true-strain curves.
A typical curve of this type is shown in Fig. 1.5.

The curve shows that when the decreased area is considered, the true stress actually
increases with increase in strain until fracture occurs instead of decreasing after the tensile
strength is reached, as in the engineering stress-strain curve. Also, the value of true strain
at fracture is much greater than the engineering strain at fracture (though until yielding begins
true strain is less than engineering strain).

1.8 PROPERTIES IN SHEAR

The ratio of shear stress to shear strain during initial elastic behavior is the shear modulus
G. According to the theory of elasticity, this quantity is related to the modulus of elasticity
E and Poisson’s ratio v by
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FIGURE 1.5 Curve shows the relationship between true stress
and true strain for 50-ksi yield-point HSLA steel.

E

G:2(1+V)

(1.8)

Thus a minimum value of G for structural steels is about 11 X 10° ksi. The yield stress in
shear is about 0.57 times the yield stress in tension. The shear strength, or shear stress at
failure in pure shear, varies from two-thirds to three-fourths the tensile strength for the
various steels. Because of the generally consistent relationship of shear properties to tensile
properties for the structural steels, and because of the difficulty of making accurate shear
tests, shear tests are seldom performed.

1.9 HARDNESS TESTS

In the Brinell hardness test, a small spherical ball of specified size is forced into a flat steel
specimen by a known static load. The diameter of the indentation made in the specimen can
be measured by a micrometer microscope. The Brinell hardness number may then be
calculated as the ratio of the applied load, in kilograms, to the surface area of the indentation,
in square millimeters. In practice, the hardness number can be read directly from tables for
given indentation measurements.

The Rockwell hardness test is similar in principle to the Brinell test. A spheroconical
diamond penetrator is sometimes used to form the indentation and the depth of the inden-
tation is measured with a built-in, differential depth-measurement device. This measurement,
which can be read directly from a dial on the testing device, becomes the Rockwell hardness
number.

In either test, the hardness number depends on the load and type of penetrator used;
therefore, these should be indicated when listing a hardness number. Other hardness tests,
such as the Vickers tests, are also sometimes used. Tables are available that give approximate
relationships between the different hardness numbers determined for a specific material.

Hardness numbers are considered to be related to the tensile strength of steel. Although
there is no absolute criterion to convert from hardness numbers to tensile strength, charts
are available that give approximate conversions (see ASTM A370). Because of its simplicity,
the hardness test is widely used in manufacturing operations to estimate tensile strength and
to check the uniformity of tensile strength in various products.
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1.10 EFFECT OF COLD WORK ON TENSILE PROPERTIES

In the fabrication of structures, steel plates and shapes are often formed at room temperatures
into desired shapes. These cold-forming operations cause inelastic deformation, since the
steel retains its formed shape. To illustrate the general effects of such deformation on strength
and ductility, the elemental behavior of a carbon-steel tension specimen subjected to plastic
deformation and subsequent tensile reloadings will be discussed. However, the behavior of
actual cold-formed structural members is more complex.

As illustrated in Fig. 1.6, if a steel specimen is unloaded after being stressed into either
the plastic or strain-hardening range, the unloading curve follows a path parallel to the elastic
portion of the stress-strain curve. Thus a residual strain, or permanent set, remains after the
load is removed. If the specimen is promptly reloaded, it will follow the unloading curve to
the stress-strain curve of the virgin (unstrained) material.

If the amount of plastic deformation is less than that required for the onset of strain
hardening, the yield stress of the plastically deformed steel is about the same as that of the
virgin material. However, if the amount of plastic deformation is sufficient to cause strain
hardening, the yield stress of the steel is larger. In either instance, the tensile strength remains
the same, but the ductility, measured from the point of reloading, is less. As indicated in
Fig. 1.6, the decrease in ductility is nearly equal to the amount of inelastic prestrain.

A steel specimen that has been strained into the strain-hardening range, unloaded, and
allowed to age for several days at room temperature (or for a much shorter time at a mod-
erately elevated temperature) usually shows the behavior indicated in Fig. 1.7 during reload-
ing. This phenomenon, known as strain aging, has the effect of increasing yield and tensile
strength while decreasing ductility.
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FIGURE 1.6 Stress-strain diagram (not to scale) illustrating
the effects of strain-hardening steel. (From R. L. Brockenbrough
and B. G. Johnston, USS Steel Design Manual, R. L. Brocken-
brough & Associates, Inc., Pittsburgh, Pa., with permission.)



PROPERTIES OF STRUCTURAL STEELS AND EFFECTS OF STEELMAKING AND FABRICATION 1.19

INCREASE IN
TENSILE STRENGTH
FROM STRAIN AGING

INCREASE IN
YIELD POINT FROM
STRAIN AGING

INCREASE IN
YIELD POINT FROM
STRAIN HARDENING ~g}

]

STRESS —»

STRAIN —» DUCTILITY AFTER
STRAIN HARDENING
AND STRAIN AGING

DUCTILITY OF VIRGIN MATERIAL

FIGURE 1.7 Effects of strain aging are shown by stress-strain
diagram (not to scale). (From R. L. Brockenbrough and B. G.
Johnston, USS Steel Design Manual, R. L. Brockenbrough & As-
sociates, Inc., Pittsburgh, Pa., with permission.)

Most of the effects of cold work on the strength and ductility of structural steels can be
eliminated by thermal treatment, such as stress relieving, normalizing, or annealing. However,
such treatment is not often necessary.

(G. E. Dieter, Jr., Mechanical Metallurgy, 3rd ed., McGraw-Hill, Inc., New York.)

1.11 EFFECT OF STRAIN RATE ON TENSILE PROPERTIES

Tensile properties of structural steels are usually determined at relatively slow strain rates to
obtain information appropriate for designing structures subjected to static loads. In the design
of structures subjected to high loading rates, such as those caused by impact loads, however,
it may be necessary to consider the variation in tensile properties with strain rate.

Figure 1.8 shows the results of rapid tension tests conducted on a carbon steel, two HSLA
steels, and a constructional alloy steel. The tests were conducted at three strain rates and at
three temperatures to evaluate the interrelated effect of these variables on the strength of the
steels. The values shown for the slowest and the intermediate strain rates on the room-
temperature curves reflect the usual room-temperature yield stress and tensile strength, re-
spectively. (In determination of yield stress, ASTM E8 allows a maximum strain rate of Yie
in per in per mm, or 1.04 X 1073 in per in per sec. In determination of tensile strength, E8
allows a maximum strain rate of 0.5 in per in per mm, or 8.33 X 1072 in per in per sec.)

The curves in Fig. 1.8a and b show that the tensile strength and 0.2% offset yield strength
of all the steels increase as the strain rate increases at —50°F and at room temperature. The
greater increase in tensile strength is about 15%, for A514 steel, whereas the greatest increase
in yield strength is about 48%, for A515 carbon steel. However, Fig. 1.8¢ shows that at
600°F, increasing the strain rate has a relatively small influence on the yield strength. But a
faster strain rate causes a slight decrease in the tensile strength of most of the steels.
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FIGURE 1.8 Effects of strain rate on yield and tensile strengths of structural steels at low, normal,
and elevated temperatures. (From R. L. Brockenbrough and B. G. Johnston, USS Steel Design
Manual, R. L. Brockenbrough & Associates, Inc., Pittsburgh, Pa., with permission.)

Ductility of structural steels, as measured by elongation or reduction of area, tends to
decrease with strain rate. Other tests have shown that modulus of elasticity and Poisson’s
ratio do not vary significantly with strain rate.

1.12 EFFECT OF ELEVATED TEMPERATURES ON TENSILE

PROPERTIES

The behavior of structural steels subjected to short-time loadings at elevated temperatures is
usually determined from short-time tension tests. In general, the stress-strain curve becomes
more rounded and the yield strength and tensile strength are reduced as temperatures are
increased. The ratios of the elevated-temperature value to room-temperature value of yield
and tensile strengths of several structural steels are shown in Fig. 1.9a and b, respectively.

Modulus of elasticity decreases with increasing temperature, as shown in Fig. 1.9¢c. The
relationship shown is nearly the same for all structural steels. The variation in shear modulus
with temperature is similar to that shown for the modulus of elasticity. But Poisson’s ratio
does not vary over this temperature range.

The following expressions for elevated-temperature property ratios, which were derived
by fitting curves to short-time data, have proven useful in analytical modeling (R. L. Brock-
enbrough, “Theoretical Stresses and Strains from Heat Curving,” Journal of the Structural
Division, American Society of Civil Engineers, Vol. 96, No. ST7, 1970):
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T — 100

'’ - - O < < O .
FJF =1 = 100°F < T < 800°F (1.9)
F,/F, = (~720,000 + 4200 — 2.75T%)10°  800°F < T < 1200°F  (1.10)

T - 100

’ = - O < < (o) .
EIE' =1 - — oo 100°F < T < 700°F (1.11)
E/E’ = (500,000 + 13337 — 1.1117%)10¢  700°F < T < 1200°F  (1.12)

a = (6.1 +0.00197)10°¢ 100°F < T < 1200°F (1.13)

In these equations F,/F; and E/E’ are the ratios of elevated-temperature to room-temperature
yield strength and modulus of elasticity, respectively, « is the coefficient of thermal expansion
per degree Fahrenheit, and T is the temperature in degrees Fahrenheit.

Ductility of structural steels, as indicated by elongation and reduction-of-area values,
decreases with increasing temperature until a minimum value is reached. Thereafter, ductility
increases to a value much greater than that at room temperature. The exact effect depends
on the type and thickness of steel. The initial decrease in ductility is caused by strain aging
and is most pronounced in the temperature range of 300 to 700°F. Strain aging also accounts
for the increase in tensile strength in this temperature range shown for two of the steels in
Fig. 1.9b.

Under long-time loadings at elevated temperatures, the effects of creep must be consid-
ered. When a load is applied to a specimen at an elevated temperature, the specimen deforms
rapidly at first but then continues to deform, or creep, at a much slower rate. A schematic
creep curve for a steel subjected to a constant tensile load and at a constant elevated tem-
perature is shown in Fig. 1.10. The initial elongation occurs almost instantaneously and is
followed by three stages. In stage 1 elongation increases at a decreasing rate. In stage 2,
elongation increases at a nearly constant rate. And in stage 3, elongation increases at an
increasing rate. The failure, or creep-rupture, load is less than the load that would cause
failure at that temperature in a short-time loading test.

Table 1.9 indicates typical creep and rupture data for a carbon steel, an HSLA steel, and
a constructional alloy steel. The table gives the stress that will cause a given amount of
creep in a given time at a particular temperature.

For special elevated-temperature applications in which structural steels do not provide
adequate properties, special alloy and stainless steels with excellent high-temperature prop-
erties are available.

1.13 FATIGUE

A structural member subjected to cyclic loadings may eventually fail through initiation and
propagation of cracks. This phenomenon is called fatigue and can occur at stress levels
considerably below the yield stress.

Extensive research programs conducted to determine the fatigue strength of structural
members and connections have provided information on the factors affecting this property.
These programs included studies of large-scale girder specimens with flange-to-web fillet
welds, flange cover plates, stiffeners, and other attachments. The studies showed that the
stress range (algebraic difference between maximum and minimum stress) and notch se-
verity of details are the most important factors. Yield point of the steel had little effect. The
knowledge developed from these programs has been incorporated into specifications of the
American Institute of Steel Construction, American Association of State Highway and Trans-
portation Officials, and the American Railway Engineering and Maintenance-of-Way Asso-
ciation, which offer detailed provisions for fatigue design.
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FIGURE 1.10 Creep curve for structural steel in tension (sche-
matic). (From R. L. Brockenbrough and B. G. Johnston, USS Steel
Design Manual, R. L. Brockenbrough & Associates, Inc., Pitts-
burgh, Pa., with permission.)

1.14 BRITTLE FRACTURE

Under sufficiently adverse combinations of tensile stress, temperature, loading rate, geometric
discontinuity (notch), and restraint, a steel member may experience a brittle fracture. All
these factors need not be present. In general, a brittle fracture is a failure that occurs by
cleavage with little indication of plastic deformation. In contrast, a ductile fracture occurs
mainly by shear, usually preceded by considerable plastic deformation.

Design against brittle fracture requires selection of the proper grade of steel for the ap-
plication and avoiding notchlike defects in both design and fabrication. An awareness of the
phenomenon is important so that steps can be taken to minimize the possibility of this
undesirable, usually catastrophic failure mode.

An empirical approach and an analytical approach directed toward selection and evalua-
tion of steels to resist brittle fracture are outlined below. These methods are actually com-
plementary and are frequently used together in evaluating material and fabrication require-
ments.

Charpy V-Notch Test. Many tests have been developed to rate steels on their relative re-
sistance to brittle fracture. One of the most commonly used tests is the Charpy V-notch test,
which specifically evaluates notch toughness, that is, the resistance to fracture in the presence
of a notch. In this test, a small square bar with a specified-size V-shaped notch at its mid-
length (type A impact-test specimen of ASTM A370) is simply supported at its ends as a
beam and fractured by a blow from a swinging pendulum. The amount of energy required
to fracture the specimen or the appearance of the fracture surface is determined over a range
of temperatures. The appearance of the fracture surface is usually expressed as the percentage
of the surface that appears to have fractured by shear.
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TABLE 1.9 Typical Creep Rates and Rupture Stresses for Structural Steels at Various Temperatures

Test Stress, ksi, for creep rate of Stress, ksi for rupture in
temperature,
°F 0.0001% per hr* 0.00001% per hrf 1000 hours 10,000 hours 100,000 hours
A36 steel
800 21.4 13.8 38.0 24.8 16.0
900 9.9 6.0 18.5 12.4 8.2
1000 4.6 2.6 9.5 6.3 42
A588 grade A steelf
800 34.6 29.2 44.1 35.7 28.9
900 20.3 16.3 28.6 222 17.3
1000 11.4 8.6 17.1 12.0 8.3
1200 1.7 1.0 3.8 2.0 1.0
A514 grade F steelt
700 — — 101.0 99.0 97.0
800 81.0 74.0 86.0 81.0 71.0

*Equivalent to 1% in 10,000 hours.
+Equivalent to 1% in 100,000 hours.
+Not recommended for use where temperatures exceed 800°F.

A shear fracture is indicated by a dull or fibrous appearance. A shiny or crystalline
appearance is associated with a cleavage fracture.

The data obtained from a Charpy test are used to plot curves, such as those in Fig. 1.11,
of energy or percentage of shear fracture as a function of temperature. The temperature near
the bottom of the energy-temperature curve, at which a selected low value of energy is
absorbed, often 15 ft-1b, is called the ductility transition temperature or the 15-ft-1b
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FIGURE 1.11 Transition curves from Charpy-V notch impact tests. (a) Variation of percent shear
fracture with temperature. (b) Variation of absorbed energy with temperature.
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transition temperature. The temperature at which the percentage of shear fracture decreases
to 50% is often called the fracture-appearance transition temperature. These transition
temperatures serve as a rating of the resistance of different steels to brittle fracture. The
lower the transition temperature, the greater is the notch toughness.

Of the steels in Table 1.1, A36 steel generally has about the highest transition temperature.
Since this steel has an excellent service record in a variety of structural applications, it
appears likely that any of the structural steels, when designed and fabricated in an appropriate
manner, could be used for similar applications with little likelihood of brittle fracture. Nev-
ertheless, it is important to avoid unusual temperature, notch, and stress conditions to min-
imize susceptibility to brittle fracture.

In applications where notch toughness is considered important, the minimum Charpy
V-notch value and test temperature should be specified, because there may be considerable
variation in toughness within any given product designation unless specifically produced to
minimum requirements. The test temperature may be specified higher than the lowest op-
erating temperature to compensate for a lower rate of loading in the anticipated application.
(See Art. 1.1.5.)

It should be noted that as the thickness of members increases, the inherent restraint
increases and tends to inhibit ductile behavior. Thus special precautions or greater toughness,
or both, is required for tension or flexural members comprised of thick material. (See Art.
1.17.)

Fracture-Mechanics Analysis. Fracture mechanics offers a more direct approach for pre-
diction of crack propagation. For this analysis, it is assumed that a crack, which may be
defined as a flat, internal defect, is always present in a stressed body. By linear-elastic stress
analysis and laboratory tests on a precracked specimen, the defect size is related to the
applied stress that will cause crack propagation and brittle fracture, as outlined below.

Near the tip of a crack, the stress component f perpendicular to the plane of the crack
(Fig. 1.12a) can be expressed as

f= (1.14)

T T T T T T T T PLANE  MIXED PLANE
J|STRESS  MODE STRAIN
- -
(2]
il
=z
I
(&)
o}
(@)
—
w
14
E ch ™
Q
<1
a
('

l l l 1 l l l l THICKNESS

(a} (b) (c)

FIGURE 1.12 Fracture mechanics analysis for brittle fracture. (a) Sharp crack in a stressed infinite
plate. (b) Disk-shaped crack in an infinite body. (¢) Relation of fracture toughness to thickness.



1.26

SECTION ONE

of crack and to applied loading. The factor K, can be determined from elastic theory for
given crack geometries and loading conditions. For example, for a through-thickness crack
of length 2a in an infinite plate under uniform stress (Fig. 1.12a),

K, = fNm (1.15)

where f, is the nominal applied stress. For a disk-shaped crack of diameter 2a embedded in
an infinite body (Fig. 1.12b), the relationship is

K, = 2f, \/7% (1.16)

If a specimen with a crack of known geometry is loaded until the crack propagates rapidly
and causes failure, the value of K, at that stress level can be calculated from the derived
expression. This value is termed the fracture toughness K.

A precracked tension or bend-type specimen is usually used for such tests. As the thick-
ness of the specimen increases and the stress condition changes from plane stress to plane
strain, the fracture toughness decreases to a minimum value, as illustrated in Fig. 1.12¢. This
value of plane-strain fracture toughness designated K., may be regarded as a fundamental
material property.

Thus, if K, is substituted for K,, for example, in Eq. (1.15) or (1.16) a numerical rela-
tionship is obtained between the crack geometry and the applied stress that will cause frac-
ture. With this relationship established, brittle fracture may be avoided by determining the
maximum-size crack present in the body and maintaining the applied stress below the cor-
responding level. The tests must be conducted at or correlated with temperatures and strain
rates appropriate for the application, because fracture toughness decreases with temperature
and loading rate. Correlations have been made to enable fracture toughness values to be
estimated from the results of Charpy V-notch tests.

Fracture-mechanics analysis has proven quite useful, particularly in critical applications.
Fracture-control plans can be established with suitable inspection intervals to ensure that
imperfections, such as fatigue cracks do not grow to critical size.

(J. M. Barsom and S. T. Rolfe, Fracture and Fatigue Control in Structures; Applications
of Fracture Mechanics, Prentice-Hall, Inc. Englewood Cliffs, N.J.)

1.15 RESIDUAL STRESSES

Stresses that remain in structural members after rolling or fabrication are known as residual
stresses. The magnitude of the stresses is usually determined by removing longitudinal sec-
tions and measuring the strain that results. Only the longitudinal stresses are usually mea-
sured. To meet equilibrium conditions, the axial force and moment obtained by integrating
these residual stresses over any cross section of the member must be zero.

In a hot-rolled structural shape, the residual stresses result from unequal cooling rates
after rolling. For example, in a wide-flange beam, the center of the flange cools more slowly
and develops tensile residual stresses that are balanced by compressive stresses elsewhere
on the cross section (Fig. 1.13a). In a welded member, tensile residual stresses develop near
the weld and compressive stresses elsewhere provide equilibrium, as shown for the welded
box section in Fig. 1.13b.

For plates with rolled edges (UM plates), the plate edges have compressive residual
stresses (Fig. 1.13c). However, the edges of flame-cut plates have tensile residual stresses
(Fig. 1.13d). In a welded I-shaped member, the stress condition in the edges of flanges
before welding is reflected in the final residual stresses (Fig. 1.13e). Although not shown in
Fig. 1.13, the residual stresses at the edges of sheared-edge plates vary through the plate
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FIGURE 1.13 Typical residual-stress distributions (+ indicates tension and — com-
pression).

thickness. Tensile stresses are present on one surface and compressive stresses on the op-
posite surface.

The residual-stress distributions mentioned above are usually relatively constant along the
length of the member. However, residual stresses also may occur at particular locations in a
member, because of localized plastic flow from fabrication operations, such as cold straight-
ening or heat straightening.

When loads are applied to structural members, the presence of residual stresses usually
causes some premature inelastic action; that is, yielding occurs in localized portions before
the nominal stress reaches the yield point. Because of the ductility of steel, the effect on
strength of tension members is not usually significant, but excessive tensile residual stresses,
in combination with other conditions, can cause fracture. In compression members, residual
stresses decrease the buckling load from that of an ideal or perfect member. However, current
design criteria in general use for compression members account for the influence of residual
stress.

In bending members that have residual stresses, a small inelastic deflection of insignificant
magnitude may occur with the first application of load. However, under subsequent loads of
the same magnitude, the behavior is elastic. Furthermore, in “compact” bending members,
the presence of residual stresses has no effect on the ultimate moment (plastic moment).
Consequently, in the design of statically loaded members, it is not usually necessary to
consider residual stresses.
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1.16 LAMELLAR TEARING

In a structural steel member subjected to tension, elongation and reduction of area in sections
normal to the stress are usually much lower in the through-thickness direction than in the
planar direction. This inherent directionality is of small consequence in many applications,
but it does become important in design and fabrication of structures with highly restrained
joints because of the possibility of lamellar tearing. This is a cracking phenomenon that
starts underneath the surface of steel plates as a result of excessive through-thickness strain,
usually associated with shrinkage of weld metal in highly restrained joints. The tear has a
steplike appearance consisting of a series of terraces parallel to the surface. The cracking
may remain completely below the surface or may emerge at the edges of plates or shapes
or at weld toes.

Careful selection of weld details, filler metal, and welding procedure can restrict lamellar
tearing in heavy welded constructions, particularly in joints with thick plates and heavy
structural shapes. Also, when required, structural steels can be produced by special processes,
generally with low sulfur content and inclusion control, to enhance through-thickness duc-
tility.

The most widely accepted method of measuring the susceptibility of a material to lamellar
tearing is the tension test on a round specimen, in which is observed the reduction in area
of a section oriented perpendicular to the rolled surface. The reduction required for a given
application depends on the specific details involved. The specifications to which a particular
steel can be produced are subject to negotiations with steel producers.

(R. L. Brockenbrough, Chap. 1.2 in Constructional Steel Design—An International Guide,
R. Bjorhovde et al., eds., Elsevier Science Publishers, Ltd., New York.)

1.17 WELDED SPLICES IN HEAVY SECTIONS

Shrinkage during solidification of large welds in structural steel members causes, in adjacent
restrained metal, strains that can exceed the yield-point strain. In thick material, triaxial
stresses may develop because there is restraint in the thickness direction as well as in planar
directions. Such conditions inhibit the ability of a steel to act in a ductile manner and increase
the possibility of brittle fracture. Therefore, for members subject to primary tensile stresses
due to axial tension or flexure in buildings, the American Institute of Steel Construction
(AISC) specifications for structural steel buildings impose special requirements for welded
splicing of either group 4 or group 5 rolled shapes or of shapes built up by welding plates
more than 2 in thick. The specifications include requirements for notch toughness, removal
of weld tabs and backing bars (welds ground smooth), generous-sized weld-access holes,
preheating for thermal cutting, and grinding and inspecting cut edges. Even for primary
compression members, the same precautions should be taken for sizing weld access holes,
preheating, grinding, and inspection.

Most heavy wide-flange shapes and tees cut from these shapes have regions where the
steel has low toughness, particularly at flange-web intersections. These low-toughness regions
occur because of the slower cooling there and, because of the geometry, the lower rolling
pressure applied there during production. Hence, to ensure ductility and avoid brittle failure,
bolted splices should be considered as an alternative to welding.

(“AISC Specification for Structural Steel Buildings—Allowable Stress Design and Plastic
Design” and “Load and Resistance Factor Design Specification for Structural Steel Build-
ings,” American Institute of Steel Construction; R. L. Brockenbrough, Sec. 9, in Standard
Handbook for Civil Engineers, 4th ed., McGraw-Hill, Inc., New York.)
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1.18 k-AREA CRACKING

Wide flange sections are typically straightened as part of the mill production process. Often
a rotary straightening process is used, although some heavier members may be straightened
in a gag press. Some reports in recent years have indicated a potential for crack initiation
at or near connections in the “k” area of wide flange sections that have been rotary straight-
ened. The k area is the region extending from approximately the mid-point of the web-to-
flange fillet, into the web for a distance approximately 1 to 1% in beyond the point of
tangency. Apparently, in some cases, this limited region had a reduced notch toughness due
to cold working and strain hardening. Most of the incidents reported occurred at highly
restrained joints with welds in the k area. However, the number of examples reported has
been limited and these have occurred during construction or laboratory tests, with no evi-
dence of difficulties with steel members in service.

Research sponsored by AISC is underway to define the extent of the problem and make
appropriate recommendations. Until further information is available, AISC has issued the
following recommendations concerning fabrication and design practices for rolled wide
flange shapes:

* Welds should be stopped short of the “k” area for transverse stiffeners (continuity plates).

* For continuity plates, fillet welds and/or partial joint penetration welds, proportioned to
transfer the calculated stresses to the column web, should be considered instead of com-
plete joint penetration welds. Weld volume should be minimized.

¢ Residual stresses in highly restrained joints may be decreased by increased preheat and
proper weld sequencing.

e Magnetic particle or dye penetrant inspection should be considered for weld areas in or
near the k area of highly restrained connections after the final welding has completely
cooled.

* When possible, eliminate the need for column web doubler plates by increasing column
size.

Good fabrication and quality control practices, such as inspection for cracks and gouges
at flame-cut access holes or copes, should continue to be followed and any defects repaired
and ground smooth. All structural wide flange members for normal service use in building
construction should continue to be designed per AISC Specifications and the material fur-
nished per ASTM standards.”

(AISC Advisory Statement, Modern Steel Construction, February 1997.)

1.19 VARIATIONS IN MECHANICAL PROPERTIES

Tensile properties of structural steel may vary from specified minimum values. Product spec-
ifications generally require that properties of the material ““as represented by the test speci-
men”’ meet certain values. With some exceptions, ASTM specifications dictate a test fre-
quency for structural-grade steels of only two tests per heat (in each strength level produced,
if applicable) and more frequent testing for pressure-vessel grades. If the heats are very large,
the test specimens qualify a considerable amount of product. As a result, there is a possibility
that properties at locations other than those from which the specimens were taken will be
different from those specified.

For plates, a test specimen is required by ASTM A6 to be taken from a corner. If the
plates are wider than 24 in, the longitudinal axis of the specimen should be oriented trans-
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versely to the final direction in which the plates were rolled. For other products, however,
the longitudinal axis of the specimen should be parallel to the final direction of rolling.

For structural shapes with a flange width of 6 in or more, test specimens should be
selected from a point in the flange as near as practicable to %5 the distance from the flange
centerline to the flange toe. Prior to 1997-1998, the specimens were taken from the web.

An extensive study commissioned by the American Iron and Steel Institute (AISI) com-
pared yield points at various sample locations with the official product test. The studies
indicated that the average difference at the check locations was —0.7 ksi. For the top and
bottom flanges, at either end of beams, the average difference at check locations was —2.6
ksi.

Although the test value at a given location may be less than that obtained in the official
test, the difference is offset to the extent that the value from the official test exceeds the
specified minimum value. For example, a statistical study made to develop criteria for load
and resistance factor design showed that the mean yield points exceeded the specified min-
imum yield point F, (specimen located in web) as indicated below and with the indicated
coefficient of variation (COV).

Flanges of rolled shapes 1.05F,, COV = 0.10
Webs of rolled shapes 1.10F,, COV = 0.11
Plates 1.10F,, COV = 0.11

Also, these values incorporate an adjustment to the lower ‘“‘static” yield points.
For similar reasons, the notch toughness can be expected to vary throughout a product.
(R. L. Brockenbrough, Chap. 1.2, in Constructional Steel Design—An International
Guide, R. Bjorhovde, ed., Elsevier Science Publishers, Ltd., New York.)

1.20 CHANGES IN CARBON STEELS ON HEATING AND

COOLING*

As pointed out in Art. 1.12, heating changes the tensile properties of steels. Actually, heating
changes many steel properties. Often, the primary reason for such changes is a change in
structure brought about by heat. Some of these structural changes can be explained with the
aid of an iron-carbon equilibrium diagram (Fig. 1.14).

The diagram maps out the constituents of carbon steels at various temperatures as carbon
content ranges from 0 to 5%. Other elements are assumed to be present only as impurities,
in negligible amounts.

If a steel with less than 2% carbon is very slowly cooled from the liquid state, a solid
solution of carbon in gamma iron will result. This is called austenite. (Gamma iron is a
pure iron whose crystalline structure is face-centered cubic.)

If the carbon content is about 0.8%, the carbon remains in solution as the austenite slowly
cools, until the A, temperature (1340°F) is reached. Below this temperature, the austenite
transforms to the eutectoid pearlite. This is a mixture of ferrite and cementite (iron carbide,
Fe,C). Pearlite, under a microscope, has a characteristic platelike, or lamellar, structure with
an iridescent appearance, from which it derives its name.

If the carbon content is less than 0.8%, as is the case with structural steels, cooling
austenite below the A; temperature line causes transformation of some of the austenite to
ferrite. (This is a pure iron, also called alpha iron, whose crystalline structure is body-
centered cubic.) Still further cooling to below the A, line causes the remaining austenite to

*Articles 1.20 through 1.28 adapted from previous edition written by Frederick S. Merritt, Consulting Engineer,
‘West Palm Beach, Florida.
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FIGURE 1.14 Iron-carbon equilibrium diagram.

transform to pearlite. Thus, as indicated in Fig. 1.14, low-carbon steels are hypoeutectoid
steels, mixtures of ferrite and pearlite.

Ferrite is very ductile but has low tensile strength. Hence carbon steels get their high
strengths from the pearlite present or, more specifically, from the cementite in the pearlite.

The iron-carbon equilibrium diagram shows only the constituents produced by slow cool-
ing. At high cooling rates, however, equilibrium cannot be maintained. Transformation tem-
peratures are lowered, and steels with microstructures other than pearlitic may result. Prop-
erties of such steels differ from those of the pearlitic steels. Heat treatments of steels are
based on these temperature effects.

If a low-carbon austenite is rapidly cooled below about 1300°F, the austenite will trans-
form at constant temperature into steels with one of four general classes of microstructure:

Pearlite, or lamellar, microstructure results from transformations in the range 1300 to
1000°F. The lower the temperature, the closer is the spacing of the platelike elements. As
the spacing becomes smaller, the harder and tougher the steels become. Steels such as A36,
A572, and A588 have a mixture of a soft ferrite matrix and a hard pearlite.

Bainite forms in transformations below about 1000°F and above about 450°F. It has an
acicular, or needlelike, microstructure. At the higher temperatures, bainite may be softer than
the pearlitic steels. However, as the transformation temperature is decreased, hardness and
toughness increase.

Martensite starts to form at a temperature below about 500°F, called the M, temperature.
The transformation differs from those for pearlitic and bainitic steels in that it is not time-
dependent. Martensite occurs almost instantly during rapid cooling, and the percentage of
austenite transformed to martensite depends only on the temperature to which the steel is
cooled. For complete conversion to martensite, cooling must extend below the M, temper-
ature, which may be 200°F or less. Like bainite, martensite has an acicular microstructure,
but martensite is harder and more brittle than pearlitic and bainitic steels. Its hardness varies
with carbon content and to some extent with cooling rate. For some applications, such as
those where wear resistance is important, the high hardness of martensite is desirable, despite
brittleness. Generally, however, martensite is used to obtain tempered martensite, which has
superior properties.

Tempered martensite is formed when martensite is reheated to a subcritical temperature
after quenching. The tempering precipitates and coagulates carbides. Hence the microstruc-
ture consists of carbide particles, often spheroidal in shape, dispersed in a ferrite matrix. The
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result is a loss in hardness but a considerable improvement in ductility and toughness. The
heat-treated carbon and HSLA steels and quenched and tempered constructional steels dis-
cussed in Art. 1.1 are low-carbon martensitic steels.

(Z. D. Jastrzebski, Nature and Properties of Engineering Materials, John Wiley & Sons,
Inc., New York.)

1.21 EFFECTS OF GRAIN SIZE

As indicated in Fig. 1.14, when a low-carbon steel is heated above the A, temperature line,
austenite, a solid solution of carbon in gamma iron, begins to appear in the ferrite matrix.
Each island of austenite grows until it intersects its neighbor. With further increase in tem-
perature, these grains grow larger. The final grain size depends on the temperature above the
A, line to which the metal is heated. When the steel cools, the relative coarseness of the
grains passes to the ferrite-plus-pearlite phase.

At rolling and forging temperatures, therefore, many steels grow coarse grains. Hot work-
ing, however, refines the grain size. The temperature at the final stage of the hot-working
process determines the final grain size. When the finishing temperature is relatively high,
the grains may be rather coarse when the steel is air-cooled. In that case, the grain size can
be reduced if the steel is normalized (reheated to just above the A, line and again air-cooled).
(See Art. 1.22.)

Fine grains improve many properties of steels. Other factors being the same, steels with
finer grain size have better notch toughness because of lower transition temperatures (see
Art. 1.14) than coarser-grained steels. Also, decreasing grain size improves bendability and
ductility. Furthermore fine grain size in quenched and tempered steel improves yield strength.
And there is less distortion, less quench cracking, and lower internal stress in heat-treated
products.

On the other hand, for some applications, coarse-grained steels are desirable. They permit
deeper hardening. If the steels should be used in elevated-temperature service, they offer
higher load-carrying capacity and higher creep strength than fine-grained steels.

Austenitic-grain growth may be inhibited by carbides that dissolve slowly or remain
undissolved in the austenite or by a suitable dispersion of nonmetallic inclusions. Steels
produced this way are called fine-grained. Steels not made with grain-growth inhibitors are
called coarse-grained.

When heated above the critical temperature, 1340°F, grains in coarse-grained steels grow
gradually. The grains in fine-grained steels grow only slightly, if at all, until a certain tem-
perature, the coarsening temperature, is reached. Above this, abrupt coarsening occurs. The
resulting grain size may be larger than that of coarse-grained steel at the same temperature.
Note further that either fine-grained or coarse-grained steels can be heat-treated to be either
fine-grained or coarse-grained (see Art. 1.22).

The usual method of making fine-grained steels involves controlled aluminum deoxidation
(see also Art. 1.24). The inhibiting agent in such steels may be a submicroscopic dispersion
of aluminum nitride or aluminum oxide.

(W. T. Lankford, Jr., ed., The Making, Shaping and Treating of Steel, Association of Iron
and Steel Engineers, Pittsburgh, Pa.)

1.22 ANNEALING AND NORMALIZING

Structural steels may be annealed to relieve stresses induced by cold or hot working. Some-
times, also, annealing is used to soften metal to improve its formability or machinability.
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Annealing involves austenitizing the steel by heating it above the A; temperature line in
Fig. 1.14, then cooling it slowly, usually in a furnace. This treatment improves ductility but
decreases tensile strength and yield point. As a result, further heat treatment may be nec-
essary to improve these properties.

Structural steels may be normalized to refine grain size. As pointed out in Art. 1.21, grain
size depends on the finishing temperature in hot rolling.

Normalizing consists of heating the steel above the A, temperature line, then cooling the
metal in still air. Thus the rate of cooling is more rapid than in annealing. Usual practice is
to normalize from 100 to 150°F above the critical temperature. Higher temperatures coarsen
the grains.

Normalizing tends to improve notch toughness by lowering ductility and fracture transi-
tion temperatures. Thick plates benefit more from this treatment than thin plates. Requiring
fewer roller passes, thick plates have a higher finishing temperature and cool slower than
thin plates, thus have a more adverse grain structure. Hence the improvement from normal-
izing is greater for thick plates.

1.23 EFFECTS OF CHEMISTRY ON STEEL PROPERTIES

Chemical composition determines many characteristics of steels important in construction
applications. Some of the chemicals present in commercial steels are a consequence of the
steelmaking process. Other chemicals may be added deliberately by the producers to achieve
specific objectives. Specifications therefore usually require producers to report the chemical
composition of the steels.

During the pouring of a heat of steel, producers take samples of the molten steel for
chemical analysis. These heat analyses are usually supplemented by product analyses taken
from drillings or millings of blooms, billets, or finished products. ASTM specifications con-
tain maximum and minimum limits on chemicals reported in the heat and product analyses,
which may differ slightly.

Principal effects of the elements more commonly found in carbon and low-alloy steels
are discussed below. Bear in mind, however, that the effects of two or more of these chem-
icals when used in combination may differ from those when each alone is present. Note also
that variations in chemical composition to obtain specific combinations of properties in a
steel usually increase cost, because it becomes more expensive to make, roll, and fabricate.

Carbon is the principal strengthening element in carbon and low-alloy steels. In general,
each 0.01% increase in carbon content increases the yield point about 0.5 ksi. This, however,
is accompanied by increase in hardness and reduction in ductility, notch toughness, and
weldability, raising of the transition temperatures, and greater susceptibility to aging. Hence
limits on carbon content of structural steels are desirable. Generally, the maximum permitted
in structural steels is 0.30% or less, depending on the other chemicals present and the weld-
ability and notch toughness desired.

Aluminum, when added to silicon-killed steel, lowers the transition temperature and
increases notch toughness. If sufficient aluminum is used, up to about 0.20%, it reduces the
transition temperature even when silicon is not present. However, the larger additions of
aluminum make it difficult to obtain desired finishes on rolled plate. Drastic deoxidation of
molten steels with aluminum or aluminum and titanium, in either the steelmaking furnace
or the ladle, can prevent the spontaneous increase in hardness at room temperature called
aging. Also, aluminum restricts grain growth during heat treatment and promotes surface
hardness by nitriding.

Boron in small quantities increases hardenability of steels. It is used for this purpose in
quenched and tempered low-carbon constructional alloy steels. However, more than 0.0005
to 0.004% boron produces no further increase in hardenability. Also, a trace of boron in-
creases strength of low-carbon, plain molybdenum (0.40%) steel.
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Chromium improves strength, hardenability, abrasion resistance, and resistance to at-
mospheric corrosion. However, it reduces weldability. With small amounts of chromium,
low-alloy steels have higher creep strength than carbon steels and are used where higher
strength is needed for elevated-temperature service. Also chromium is an important constit-
uent of stainless steels.

Columbium in very small amounts produces relatively larger increases in yield point but
smaller increases in tensile strength of carbon steel. However, the notch toughness of thick
sections is appreciably reduced.

Copper in amounts up to about 0.35% is very effective in improving the resistance of
carbon steels to atmospheric corrosion. Improvement continues with increases in copper
content up to about 1% but not so rapidly. Copper increases strength, with a proportionate
increase in fatigue limit. Copper also increases hardenability, with only a slight decrease in
ductility and little effect on notch toughness and weldability. However, steels with more than
0.60% copper are susceptible to precipitation hardening. And steels with more than about
0.5% copper often experience hot shortness during hot working, and surface cracks or rough-
ness develop. Addition of nickel in an amount equal to about half the copper content is
effective in maintaining surface quality.

Hydrogen, which may be absorbed during steelmaking, embrittles steels. Ductility will
improve with aging at room temperature as the hydrogen diffuses out of the steel, faster
from thin sections than from thick. When hydrogen content exceeds 0.0005%, flaking, in-
ternal cracks or bursts, may occur when the steel cools after rolling, especially in thick
sections. In carbon steels, flaking may be prevented by slow cooling after rolling, to permit
the hydrogen to diffuse out of the steel.

Manganese increases strength, hardenability, fatigue limit, notch toughness, and corrosion
resistance. It lowers the ductility and fracture transition temperatures. It hinders aging. Also,
it counteracts hot shortness due to sulfur. For this last purpose, the manganese content should
be three to eight times the sulfur content, depending on the type of steel. However, man-
ganese reduces weldability.

Molybdenum increases yield strength, hardenability, abrasion resistance, and corrosion
resistance. It also improves weldability. However, it has an adverse effect on toughness and
transition temperature. With small amounts of molybdenum, low-alloy steels have higher
creep strength than carbon steels and are used where higher strength is needed for elevated-
temperature service.

Nickel increases strength, hardenability, notch toughness, and corrosion resistance. It is
an important constituent of stainless steels. It lowers the ductility and fracture transition
temperatures, and it reduces weldability.

Nitrogen increases strength, but it may cause aging. It also raises the ductility and fracture
transition temperatures.

Oxygen, like nitrogen, may be a cause of aging. Also, oxygen decreases ductility and
notch toughness.

Phosphorus increases strength, fatigue limit, and hardenability, but it decreases ductility
and weldability and raises the ductility transition temperature. Additions of aluminum, how-
ever, improve the notch toughness of phosphorus-bearing steels. Phosphorus improves the
corrosion resistance of steel and works very effectively together with small amounts of
copper toward this result.

Silicon increases strength, notch toughness, and hardenability. It lowers the ductility tran-
sition temperature, but it also reduces weldability. Silicon often is used as a deoxidizer in
steelmaking (see Art. 1.24).

Sulfur, which enters during the steelmaking process, can cause hot shortness. This results
from iron sulfide inclusions, which soften and may rupture when heated. Also, the inclusions
may lead to brittle failure by providing stress raisers from which fractures can initiate. And
high sulfur contents may cause porosity and hot cracking in welding unless special precau-
tions are taken. Addition of manganese, however, can counteract hot shortness. It forms
manganese sulfide, which is more refractory than iron sulfide. Nevertheless, it usually is
desirable to keep sulfur content below 0.05%.
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Titanium increases creep and rupture strength and abrasion resistance. It plays an im-
portant role in preventing aging. It sometimes is used as a deoxidizer in steelmaking (see
Art. 1.24) and grain-growth inhibitor (see Art. 1.21).

Tungsten increases creep and rupture strength, hardenability and abrasion resistance. It
is used in steels for elevated-temperature service.

Vanadium, in amounts up to about 0.12%, increases rupture and creep strength without
impairing weldability or notch toughness. It also increases hardenability and abrasion resis-
tance. Vanadium sometimes is used as a deoxidizer in steelmaking (see Art. 1.24) and grain-
growth inhibitor (see Art. 1.21).

In practice, carbon content is limited so as not to impair ductility, notch toughness, and
weldability. To obtain high strength, therefore, resort is had to other strengthening agents
that improve these desirable properties or at least do not impair them as much as carbon.
Often, the better these properties are required to be at high strengths, the more costly the
steels are likely to be.

Attempts have been made to relate chemical composition to weldability by expressing
the relative influence of chemical content in terms of carbon equivalent. One widely used
formula, which is a supplementary requirement in ASTM A6 for structural steels, is

Mn (Cr + Mo + V)  (Ni + Cu)
=C+—+ +
C=Ct75 5 15

(1.17)

where C = carbon content, %
Mn = manganese content, %
Cr = chromium content, %
Mo = molybdenum, %
V = vanadium, %
Ni = nickel content, %
Cu = copper, %

Carbon equivalent is related to the maximum rate at which a weld and adjacent plate
may be cooled after welding, without underbead cracking occurring. The higher the carbon
equivalent, the lower will be the allowable cooling rate. Also, use of low-hydrogen welding
electrodes and preheating becomes more important with increasing carbon equivalent. (Struc-
tural Welding Code—Steel, American Welding Society, Miami, Fla.)

Though carbon provides high strength in steels economically, it is not a necessary ingre-
dient. Very high strength steels are available that contain so little carbon that they are con-
sidered carbon-free.

Maraging steels, carbon-free iron-nickel martensites, develop yield strengths from 150
to 300 ksi, depending on alloying composition. As pointed out in Art. 1.20, iron-carbon
martensite is hard and brittle after quenching and becomes softer and more ductile when
tempered. In contrast, maraging steels are relatively soft and ductile initially but become
hard, strong, and tough when aged. They are fabricated while ductile and later strengthened
by an aging treatment. These steels have high resistance to corrosion, including stress-
corrosion cracking.

(W. T. Lankford, Jr., ed., The Making, Shaping and Treating of Steel, Association of Iron
and Steel Engineers, Pittsburgh, Pa.)

1.24 STEELMAKING METHODS

Structural steel is usually produced today by one of two production processes. In the tradi-
tional process, iron or “hot metal” is produced in a blast furnace and then further processed
in a basic oxygen furnace to make the steel for the desired products. Alternatively, steel can
be made in an electric arc furnace that is charged mainly with steel scrap instead of hot
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metal. In either case, the steel must be produced so that undesirable elements are reduced
to levels allowed by pertinent specifications to minimize adverse effects on properties.

In a blast furnace, iron ore, coke, and flux (limestone and dolomite) are charged into
the top of a large refractory-lined furnace. Heated air is blown in at the bottom and passed
up through the bed of raw materials. A supplemental fuel such as gas, oil, or powdered coal
is also usually charged. The iron is reduced to metallic iron and melted; then it is drawn off
periodically through tap holes into transfer ladles. At this point, the molten iron includes
several other elements (manganese, sulfur, phosphorus, and silicon) in amounts greater than
permitted for steel, and thus further processing is required.

In a basic oxygen furnace, the charge consists of hot metal from the blast furnace and
steel scrap. Oxygen, introduced by a jet blown into the molten metal, reacts with the im-
purities present to facilitate the removal or reduction in level of unwanted elements, which
are trapped in the slag or in the gases produced. Also, various fluxes are added to reduce
the sulfur and phosphorus contents to desired levels. In this batch process, large heats of
steel may be produced in less than an hour.

An electric-arc furnace does not require a hot metal charge but relies mainly on steel
scrap. The metal is heated by an electric arc between large carbon electrodes that project
through the furnace roof into the charge. Oxygen is injected to speed the process. This is a
versatile batch process that can be adapted to producing small heats where various steel
grades are required, but it also can be used to produce large heats.

Ladle treatment is an integral part of most steelmaking processes. The ladle receives
the product of the steelmaking furnace so that it can be moved and poured into either ingot
molds or a continuous casting machine. While in the ladle, the chemical composition of the
steel is checked, and alloying elements are added as required. Also, deoxidizers are added
to remove dissolved oxygen. Processing can be done at this stage to reduce further sulfur
content, remove undesirable nonmetallics, and change the shape of remaining inclusions.
Thus significant improvements can be made in the toughness, transverse properties, and
through-thickness ductility of the finished product. Vacuum degassing, argon bubbling, in-
duction stirring, and the injection of rare earth metals are some of the many procedures that
may be employed.

Killed steels usually are deoxidized by additions to both furnace and ladle. Generally,
silicon compounds are added to the furnace to lower the oxygen content of the liquid metal
and stop oxidation of carbon (block the heat). This also permits addition of alloying elements
that are susceptible to oxidation. Silicon or other deoxidizers, such as aluminum, vanadium,
and titanium, may be added to the ladle to complete deoxidation. Aluminum, vanadium, and
titanium have the additional beneficial effect of inhibiting grain growth when the steel is
normalized. (In the hot-rolled conditions, such steels have about the same ferrite grain size
as semikilled steels.) Killed steels deoxidized with aluminum and silicon (made to fine-
grain practice) often are used for structural applications because of better notch toughness
and lower transition temperatures than semikilled steels of the same composition.

(W. T. Lankford, Jr., ed., The Making, Shaping and Treating of Steel, Association of Iron
and Steel Engineers, Pittsburgh, Pa.)

1.25 CASTING AND HOT ROLLING

Today, the continuous casting process is used to produce semifinished products directly
from liquid steel, thus eliminating the ingot molds and primary mills used previously. With
continuous casting, the steel is poured from sequenced ladles to maintain a desired level in
a tundish above an oscillating water-cooled copper mold (Fig. 1.15). The outer skin of the
steel strand solidifies as it passes through the mold, and this action is further aided by water
sprayed on the skin just after the strand exits the mold. The strand passes through sets of
supporting rolls, curving rolls, and straightening rolls and is then rolled into slabs. The slabs



PROPERTIES OF STRUCTURAL STEELS AND EFFECTS OF STEELMAKING AND FABRICATION 1.37

LADLE CAR
LADLE
MOLD
TUNDISH MOLD DISCHARGE
CAR T RACK
_g_ 1
UPPER DRIVE :

ROLLS : FIXED VERTICAL RACK

BEND UNIT |-|-|

| CURVED RACK

| STRAIGHTENER

DRIVE ROLLS
FIGURE 1.15 Schematic of slab caster.

are cut to length from the moving strand and held for subsequent rolling into finished product.
Not only is the continuous casting process a more efficient method, but it also results in
improved quality through more consistent chemical composition and better surfaces on the
finished product.

Plates, produced from slabs or directly from ingots, are distinguished from sheet, strip,
and flat bars by size limitations in ASTM A6. Generally, plates are heavier, per linear foot,
than these other products. Plates are formed with straight horizontal rolls and later trimmed
(sheared or gas cut) on all edges.

Slabs usually are reheated in a furnace and descaled with high-pressure water sprays
before they are rolled into plates. The plastic slabs are gradually brought to desired dimen-
sions by passage through a series of rollers. In the last rolling step, the plates pass through
leveling, or flattening, rollers. Generally, the thinner the plate, the more flattening required.
After passing through the leveler, plates are cooled uniformly, then sheared or gas cut to
desired length, while still hot.

Some of the plates may be heat treated, depending on grade of steel and intended use.
For carbon steel, the treatment may be annealing, normalizing, or stress relieving. Plates of
HSLA or constructional alloy steels may be quenched and tempered. Some mills provide
facilities for on-line heat treating or for thermomechanical processing (controlled rolling).
Other mills heat treat off-line.

Shapes are rolled from continuously cast beam blanks or from blooms that first are
reheated to 2250°F. Rolls gradually reduce the plastic blooms to the desired shapes and sizes.
The shapes then are cut to length for convenient handling, with a hot saw. After that, they
are cooled uniformly. Next, they are straightened, in a roller straightener or in a gag press.
Finally, they are cut to desired length, usually by hot shearing, hot sawing, or cold sawing.
Also, column ends may be milled to close tolerances.

ASTM A6 requires that material for delivery ‘“shall be free from injurious defects and
shall have a workmanlike finish.” The specification permits manufacturers to condition plates
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and shapes ‘“for the removal of injurious surface imperfections or surface depressions by
grinding, or chipping and grinding. . . . Except in alloy steels, small surface imperfections
may be corrected by chipping or grinding, then depositing weld metal with low-hydrogen
electrodes. Conditioning also may be done on slabs before they are made into other products.
In addition to chipping and grinding, they may be scarfed to remove surface defects.

Hand chipping is done with a cold chisel in a pneumatic hammer. Machine chipping may
be done with a planer or a milling machine.

Scarfing, by hand or machine, removes defects with an oxygen torch. This can create
problems that do not arise with other conditioning methods. When the heat source is removed
from the conditioned area, a quenching effect is produced by rapid extraction of heat from
the hot area by the surrounding relatively cold areas. The rapid cooling hardens the steel,
the amount depending on carbon content and hardenability of the steel. In low-carbon steels,
the effect may be insignificant. In high-carbon and alloy steels, however, the effect may be
severe. If preventive measures are not taken, the hardened area will crack. To prevent scarfing
cracks, the steel should be preheated before scarfing to between 300 and 500°F and, in some
cases, postheated for stress relief. The hardened surface later can be removed by normalizing
or annealing.

Internal structure and many properties of plates and shapes are determined largely by the
chemistry of the steel, rolling practice, cooling conditions after rolling, and heat treatment,
where used. Because the sections are rolled in a temperature range at which steel is austenitic
(see Art. 1.20), internal structure is affected in several ways.

The final austenitic grain size is determined by the temperature of the steel during the
last passes through the rolls (see Art. 1.21). In addition, inclusions are reoriented in the
direction of rolling. As a result, ductility and bendability are much better in the longitudinal
direction than in the transverse, and these properties are poorest in the thickness direction.

The cooling rate after rolling determines the distribution of ferrite and the grain size of
the ferrite. Since air cooling is the usual practice, the final internal structure and, therefore,
the properties of plates and shapes depend principally on the chemistry of the steel, section
size, and heat treatment. By normalizing the steel and by use of steels made to fine-grain
practice (with grain-growth inhibitors, such as aluminum, vanadium, and titanium), grain
size can be refined and properties consequently improved.

In addition to the preceding effects, rolling also may induce residual stresses in plates
and shapes (see Art. 1.15). Still other effects are a consequence of the final thickness of the
hot-rolled material.

Thicker material requires less rolling, the finish rolling temperature is higher, and the
cooling rate is slower than for thin material. As a consequence, thin material has a superior
microstructure. Furthermore, thicker material can have a more unfavorable state of stress
because of stress raisers, such as tiny cracks and inclusions, and residual stresses.

Consequently, thin material develops higher tensile and yield strengths than thick material
of the same steel chemistry. ASTM specifications for structural steels recognize this usually
by setting lower yield points for thicker material. A36 steel, however, has the same yield
point for all thicknesses. To achieve this, the chemistry is varied for plates and shapes and
for thin and thick plates. Thicker plates contain more carbon and manganese to raise the
yield point. This cannot be done for high-strength steels because of the adverse effect on
notch toughness, ductility, and weldability.

Thin material generally has greater ductility and lower transition temperatures than thick
material of the same steel. Since normalizing refines the grain structure, thick material im-
proves relatively more with normalizing than does thin material. The improvement is even
greater with silicon-aluminum-killed steels.

(W. T. Lankford, Jr., ed., The Making, Shaping and Treating of Steel, Association of Iron
and Steel Engineers, Pittsburgh, Pa.)
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1.26 EFFECTS OF PUNCHING HOLES AND SHEARING

Excessive cold working of exposed edges of structural-steel members can cause embrittle-
ment and cracking and should be avoided. Punching holes and shearing during fabrication
are cold-working operations that can cause brittle failure in thick material.

Bolt holes, for example, may be formed by drilling, punching, or punching followed by
reaming. Drilling is preferable to punching, because punching drastically coldworks the ma-
terial at the edge of a hole. This makes the steel less ductile and raises the transition tem-
perature. The degree of embrittlement depends on type of steel and plate thickness. Fur-
thermore, there is a possibility that punching can produce short cracks extending radially
from the hole. Consequently, brittle failure can be initiated at the hole when the member is
stressed.

Should the material around the hole become heated, an additional risk of failure is intro-
duced. Heat, for example, may be supplied by an adjacent welding operation. If the tem-
perature should rise to the 400 to 850°F range, strain aging will occur in material susceptible
to it. The result will be a loss in ductility.

Reaming a hole after punching can eliminate the short, radial cracks and the risks of
embrittlement. For that purpose, the hole diameter should be increased from Y6 to ¥4 in by
reaming, depending on material thickness and hole diameter.

Shearing has about the same effects as punching. If sheared edges are to be left exposed.
Y16 in or more material, depending on thickness, should be trimmed, usually by grinding or
machining. Note also that rough machining, for example, with edge planers making a deep
cut, can produce the same effects as shearing or punching.

(M. E. Shank, Control of Steel Construction to Avoid Brittle Failure, Welding Research
Council, New York.)

1.27 EFFECTS OF WELDING

Failures in service rarely, if ever, occur in properly made welds of adequate design.

If a fracture occurs, it is initiated at a notchlike defect. Notches occur for various reasons.
The toe of a weld may form a natural notch. The weld may contain flaws that act as notches.
A welding-arc strike in the base metal may have an embrittling effect, especially if weld
metal is not deposited. A crack started at such notches will propagate along a path determined
by local stresses and notch toughness of adjacent material.

Preheating before welding minimizes the risk of brittle failure. Its primary effect initially
is to reduce the temperature gradient between the weld and adjoining base metal. Thus, there
is less likelihood of cracking during cooling and there is an opportunity for entrapped hy-
drogen, a possible source of embrittlement, to escape. A consequent effect of preheating is
improved ductility and notch toughness of base and weld metals, and lower transition tem-
perature of weld.

Rapid cooling of a weld can have an adverse effect. One reason that arc strikes that do
not deposit weld metal are dangerous is that the heated metal cools very fast. This causes
severe embrittlement. Such arc strikes should be completely removed. The material should
be preheated, to prevent local hardening, and weld metal should be deposited to fill the
depression.

Welding processes that deposit weld metal low in hydrogen and have suitable moisture
control often can eliminate the need for preheat. Such processes include use of low-hydrogen
electrodes and inert-arc and submerged-arc welding.

Pronounced segregation in base metal may cause welds to crack under certain fabricating
conditions. These include use of high-heat-input electrodes and deposition of large beads at
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slow speeds, as in automatic welding. Cracking due to segregation, however, is rare for the
degree of segregation normally occurring in hot-rolled carbon-steel plates.

Welds sometimes are peened to prevent cracking or distortion, although special welding
sequences and procedures may be more effective. Specifications often prohibit peening of
the first and last weld passes. Peening of the first pass may crack or punch through the weld.
Peening of the last pass makes inspection for cracks difficult. Peening considerably reduces
toughness and impact properties of the weld metal. The adverse effects, however, are elim-
inated by the covering weld layer (last pass).

(M. E. Shank, Control of Steel Construction to Avoid Brittle Failure, Welding Research
Council, New York; R. D. Stout and W. D. Doty, Weldability of Steels, Welding Research
Council, New York.)

1.28 EFFECTS OF THERMAL CUTTING

Fabrication of steel structures usually requires cutting of components by thermal cutting
processes such as oxyfuel, air carbon arc, and plasma arc. Thermal cutting processes liberate
a large quantity of heat in the kerf, which heats the newly generated cut surfaces to very
high temperatures. As the cutting torch moves away, the surrounding metal cools the cut
surfaces rapidly and causes the formation of a heat-affected zone analogous to that of a weld.
The depth of the heat-affected zone depends on the carbon and alloy content of the steel,
the thickness of the piece, the preheat temperature, the cutting speed, and the postheat treat-
ment. In addition to the microstructural changes that occur in the heat-affected zone, the cut
surface may exhibit a slightly higher carbon content than material below the surface.

The detrimental properties of the thin layer can be improved significantly by using proper
preheat, or postheat, or decreasing cutting speed, or any combination thereof. The hardness
of the thermally cut surface is the most important variable influencing the quality of the
surface as measured by a bend test. Plate chemistry (carbon content), Charpy V-notch tough-
ness, cutting speed, and plate temperature are also important. Preheating the steel prior to
cutting, and decreasing the cutting speed, reduce the temperature gradients induced by the
cutting operation, thereby serving to (1) decrease the migration of carbon to the cut surface,
(2) decrease the hardness of the cut surface, (3) reduce distortion, (4) reduce or give more
favorable distribution to the thermally induced stresses, and (5) prevent the formation of
quench or cooling cracks. The need for preheating increases with increased carbon and alloy
content of the steel, with increased thickness of the steel, and for cuts having geometries
that act as high stress raisers. Most recommendations for minimum preheat temperatures are
similar to those for welding.

The roughness of thermally cut surfaces is governed by many factors such as (1) unifor-
mity of the preheat, (2) uniformity of the cutting velocity (speed and direction), and (3)
quality of the steel. The larger the nonuniformity of these factors, the larger is the roughness
of the cut surface. The roughness of a surface is important because notches and stress raisers
can lead to fracture. The acceptable roughness for thermally cut surfaces is governed by the
job requirements and by the magnitude and fluctuation of the stresses for the particular
component and the geometrical detail within the component. In general, the surface rough-
ness requirements for bridge components are more stringent than for buildings. The desired
magnitude and uniformity of surface roughness can be achieved best by using automated
thermal cutting equipment where cutting speed and direction are easily controlled. Manual
procedures tend to produce a greater surface roughness that may be unacceptable for primary
tension components. This is attributed to the difficulty in controlling both the cutting speed
and the small transverse perturbations from the cutting direction.

(R. L. Brockenbrough and J. M. Barsom, Metallurgy, Chapter 1.1 in Constructional Steel
Design—An International Guide, R. Bjorhovde et al, Eds., Elsevier Science Publishers, Ltd.,
New York.)
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Designers of steel-framed structures should be familiar not only with strength and service-
ability requirements for the structures but also with fabrication and erection methods. These
may determine whether a design is practical and cost-efficient. Furthermore, load capacity
and stability of a structure may depend on design assumptions made as to type and magnitude
of stresses and strains induced during fabrication and erection.

2.1 SHOP DETAIL DRAWINGS

Bidding a structural fabrication project demands review of project requirements and assembly
of costs. A take-off is made listing each piece of material and an estimate of the connection
material that will be attached to it. An estimate of the labor to fabricate each piece is made.
The list is sorted, evaluated, and an estimate of the material cost is calculated. The project
estimate is the sum of material, fabrication labor, drafting, inbound and outbound freight,
purchased parts, and erection.

There are many issues to consider in estimating and purchasing material. Every section
available is not produced by every mill. Individual sections can be purchased from service
centers but at a premium price. Steel producers (mills) sell sections in bundle quantities
that vary by size. A bundle may include five lighter weight W18 shapes or one heavy W14.
Material is available in cut lengths but some suppliers ship in increments of 4 to 6 in.
Frequently material is bought in stock lengths of 30 to 60 ft in 5 ft increments. Any special
requirements, such as toughness testing, add to the cost and must be shown on the order.

Advance bills of material and detail drawings are made in the drafting room. Advance
bills are made as early as possible to allow for mill lead times. Detail drawings are the means
by which the intent of the designer is conveyed to the fabricating shop. They may be prepared
by drafters (shop detailers) in the employ of the fabricator or by an independent detailing
firm contracted by the steel fabricator. Detail drawings can be generated by computer with
software developed for that purpose. Some computer software simply provides a graphic

*Revised Sect. 2, previously authored by Charles Peshek, Consulting Engineer, Naperville, Illinois, and Richard W.
Marshall, Vice President, American Steel Erectors, Inc., Allentown, Pennsylvania.
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tool to the drafter, but other software calculates geometric and mechanical properties for the
connections. Work is underway to promote a standard computer interface for design and
detail information. The detailer works from the engineering and architectural drawings and
specifications to obtain member sizes, grades of steel, controlling dimensions, and all infor-
mation pertinent to the fabrication process. After the detail drawings have been completed,
they are meticulously checked by an experienced detailer, called a checker, before they are
submitted for approval to the engineer or architect. After approval, the shop drawings are
released to the shop for fabrication.

There are essentially two types of detail drawings, erection drawings and shop working
drawings. Erection drawings are used by the erector in the field. They consist of line diagrams
showing the location and orientation of each member or assembly, called shipping pieces,
which will be shipped to the construction site. Each shipping piece is identified by a piece
mark, which is painted on the member and shown in the erection drawings on the corre-
sponding member. Erection drawings should also show enough of the connection details to
guide field forces in their work.

Shop working drawings, simply called details, are prepared for every member of a steel
structure. All information necessary for fabricating the piece is shown clearly on the detail.
The size and location of all holes are shown, as well as the type, size, and length of welds.

While shop detail drawings are absolutely imperative in fabrication of structural steel,
they are used also by inspectors to ascertain that members are being made as detailed. In
addition, the details have lasting value to the owner of the structure in that he or she knows
exactly what he or she has, should any alterations or additions be required at some later
date.

To enable the detailer to do his or her job, the designer should provide the following
information:

For simple-beam connections: Reactions of beams should be shown on design drawings,
particularly when the fabricator must develop the connections. For unusual or complicated
connections, it is good practice for the designer to consult with a fabricator during the design
stages of a project to determine what information should be included in the design drawings.

For rigid beam-to-column connections: Some fabricators prefer to be furnished the mo-
ments and forces in such connections. With these data, fabricators can develop an efficient
connection best suited to their practices.

For welding: Weld sizes and types of electrode should, in general, be shown on design
drawings. Designers unfamiliar with welding can gain much by consulting with a fabricator,
preferably while the project is being designed.

If the reactions have been shown, the engineer may show only the weld configuration. If
reactions are not shown, the engineer should show the configuration, size, filler metal
strength, and length of the weld. If the engineer wishes to restrict weld sizes, joint config-
urations, or weld process variables, these should be shown on the design drawings. Unnec-
essary restrictions should be avoided. For example, full joint penetration welds may only be
required for cyclic loads or in butt splices where the full strength of the member has to be
developed. The AWS D1.1 Welding Code Structural permits differing acceptance criteria
depending on the type of load applied to a weld. The engineer may also require special
testing of some welds. Therefore to allow proper inspection, load types and special testing
requirements must be shown on design drawings.

For fasteners: The type of fastening must be shown in design drawings. When specifying
high strength bolts, designers must indicate whether the bolts are to be used in slip-critical,
fully tightened non-slip critical, or snug tight connections, or in connections designed to slip.

For tolerances: If unusual tolerances for dimensional accuracy exist, these must be clearly
shown on the design drawings. Unusual tolerances are those which are more stringent than
tolerances specified in the general specification for the type of structure under consideration.
Typical tolerances are given in AISC publications “Code of Standard Practice for Steel
Buildings and Bridges,” ““Specification for Structural Steel Buildings, Allowable Stress De-
sign and Plastic Design,” and “Load and Resistance Factor Design Specification for Struc-
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tural Steel Buildings”; in AASHTO publications “Standard Specifications for Highway
Bridges,” and “LRFD Bridge Design Specifications”; and in ASTM A6 General Require-
ments for Delivery of Rolled Steel Plates, Shapes, Sheet Piling, and Bars for Structural Use.”
The AISC “Code of Standard Practice for Steel Building and Bridges” shows tolerances in
a format that can be used by the work force fabricating or erecting the structure. Different,
unusual or restrictive tolerances often demand specific procedures in the shop and field. Such
special tolerances must be clearly defined prior to fabrication in a method that considers the
processes used in fabrication and erection. This includes clearly labeling architecturally ex-
posed structural steel and providing adjustment where necessary. One of the issues often
encountered in the consideration of tolerances in buildings is the relative horizontal location
of points on different floors, and the effect this has on parts that connect to more than one
floor, such as stairs. Room must be provided around these parts to accommodate tolerances.
Large steel buildings also move significantly as construction loads and conditions change.
Ambient environmental conditions also cause deflections in large structures.

For special material requirements: Any special material requirements such as testing or
toughness must be shown. Fracture critical members and parts must be designated. The AISC
specifications require that shapes defined as ASTM A6 Group 4 and Group 5, and those
built from plates greater than 2 in thick, that will be spliced with complete joint penetration
welds subject to tension, be supplied with a minimum Charpy V-notch toughness value. The
toughness value, and the location on the cross section for specimens, is given in the speci-
fications. This requirement also applies when Group 4 and Group 5 shapes, or shapes made
from plate greater than 2 in thick, are connected with complete joint penetration welds and
tension is applied through the thickness of the material. Other requirements may apply for
seismic structures.

2.2 CUTTING, SHEARING, AND SAWING

Steel shops are commonly organized into departments such as receiving, detail material,
main material cut-and-preparation, assembly and shipping. Many shops also have paint de-
partments. Material is received on trucks or by rail, off loaded, compared to order require-
ments, and stored by project or by size and grade. Material is received from the mill or
warehouse marked with the size, specification, grade, and heat number. The specification
and grade marks are maintained on the material that is returned to stock from production.
Material handling is a major consideration in a structural shop and organized storage is a
key to reducing handling.

Flame cutting steel with an oxygen-fed torch is one of the most useful methods in steel
fabrication. The torch is used extensively to cut material to proper size, including stripping
flange plates from a wider plate, or cutting beams to required lengths. The torch is also used
to cut complex curves or forms, such as those encountered in finger-type expansion devices
for bridge decks. In addition, two torches are sometimes used simultaneously to cut a member
to size and bevel its edge in preparation for welding. Also, torches may be gang-mounted
for simultaneous multiple cutting.

Flame-cutting torches may be manually held or mechanically guided. Mechanical guides
may take the form of a track on which is mounted a small self-propelled unit that carries
the torch. This type is used principally for making long cuts, such as those for stripping
flange plates or trimming girder web plates to size. Another type of mechanically guided
torch is used for cutting intricately detailed pieces. This machine has an arm that supports
and moves the torch. The arm may be controlled by a device following the contour of a
template or may be computer-controlled.

In the flame-cutting process, the torch burns a mixture of oxygen and gas to bring the
steel at the point where the cut is to be started to preheat temperature of about 1600°F. At
this temperature, the steel has a great affinity for oxygen. The torch then releases pure oxygen



2.4

SECTION TWO

under pressure through the cutting tip. This oxygen combines immediately with the steel.
As the torch moves along the cut line, the oxidation, coupled with the erosive force of the
oxygen stream, produces a cut about % in wide. Once cutting begins, the heat of oxidation
helps to heat the material.

Structural steel of certain grades and thicknesses may require additional preheat. In those
cases, flame is played on the metal ahead of the cut.

In such operations as stripping plate-girder flange plates, it is desirable to flame-cut both
edges of the plate simultaneously. This limits distortion by imposing shrinkage stresses of
approximately equal magnitude in both edges of the plate. For this reason, plates to be
supplied by a mill for multiple cutting are ordered with sufficient width to allow a flame cut
adjacent to the mill edges. It is not uncommon to strip three flange plates at one time using
4 torches.

Plasma-arc cutting is an alternative process for steel fabrication. A tungsten electrode may
be used, but hafnium is preferred because it eliminates the need for expensive inert shielding
gases. Advantages of this method include faster cutting, easy removal of dross, and lower
operating cost. Disadvantages include higher equipment cost, limitation of thickness of cut
to 1% in, slightly beveled edges, and a wider kerf. Plasma is advantageous for stainless
steels that cannot be cut with oxyfuel torches.

Shearing is used in the fabricating shop to cut certain classes of plain material to size.
Several types of shears are available. Guillotine-type shears are used to cut plates of mod-
erate thickness. Some plate shears, called rotary-plate shears, have a rotatable cutting head
that allows cutting on a bevel. Angle shears are used to cut both legs of an angle with one
stroke. Rotary-angle shears can produce beveled cuts.

Sawing with a high-speed friction saw is often employed in the shop on light beams and
channels ordered to multiple lengths. Sawing is also used for relatively light columns, be-
cause the cut produced is suitable for bearing and sawing is faster and less expensive than
milling. Some fabricators utilize cold sawing as a means of cutting beams to nearly exact
length when accuracy is demanded by the type of end connection being used. Sawing may
be done with cold saws, band saws, or in some cases, with hack saws or friction saws. The
choice of saws depends on the section size being cut and effects the speed and accuracy of
the cut. Some saws provide a cut adequate for use in column splices. The adequacy of
sawing is dependent on the maintenance of blades and on how the saw and work piece is
set up.

2.3 PUNCHING AND DRILLING

Bolt holes in structural steel are usually produced by punching (within thickness limitations).
The American Institute of Steel Construction (AISC) limits the thickness for punching to
the nominal diameter of the bolt plus Y% in. In thicker material, the holes may be made by
subpunching and reaming or by drilling. Multiple punches are generally used for large groups
of holes, such as for beam splices. Drilling is more time-consuming and therefore more
costly than punching. Both drill presses and multiple-spindle drills are used, and the flanges
and webs may be drilled simultaneously.

2.4 CNC MACHINES

Computer numerically controlled (CNC) machines that offer increased productivity are
used increasingly for punching, cutting, and other operations. Their use can reduce the time
required for material handling and layout, as well as for punching, cutting, or shearing. Such
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machines can handle plates up to 30 by 120 in by 1% in thick. CNC machines are also
available for fabricating W shapes, including punching or drilling, flame-cutting copes, weld
preparation (bevels and rat holes) for splices and moment connections, and similar items.
CNC machines have the capacity to drill holes up to 1%e in in diameter in either flanges
or web. Production is of high quality and accuracy.

2.5 BOLTING

Most field connections are made by bolting, either with high-strength bolts (ASTM A325 or
A490) or with ordinary machine bolts (A307 bolts), depending on strength requirements.
Shop connections frequently are welded but may use these same types of bolts.

When high-strength bolts are used, the connections should satisfy the requirements of the
“Specification for Structural Joints Using ASTM A325 or A490 Bolts,” approved by the
Research Council on Structural Connections (RCSC) of the Engineering Foundation. Joints
with high strength bolts are designed as bearing-type, fully-tightened, loose-to-slip or slip-
critical connections (see Art. 5.3). Bearing-type connections have a higher allowable load or
design strength. Slip-critical connections always must be fully tightened to specified mini-
mum values. Bearing-type connections may be either “snug tight” or fully tightened de-
pending on the type of connection and service conditions. AISC specifications for structural
steel buildings require fully tensioned high-strength bolts (or welds) for certain connections
(see Art. 6.14.2). The AASHTO specifications require slip-critical joints in bridges where
slippage would be detrimental to the serviceability of the structure, including joints subjected
to fatigue loading or significant stress reversal. In all other cases, connections may be made
with “snug tight” high strength bolts or A307 bolts, as may be required to develop the
necessary strength. For tightening requirements, see Art. 5.14.

2.6 WELDING

Use of welding in fabrication of structural steel for buildings and bridges is governed by
one or more of the following: American Welding Society Specifications DI.1, *“Structural
Welding Code,” and D1.5, “Bridge Welding Code,” and the AISC ““Specification for Struc-
tural Steel Buildings, ” both ASD and LRFD. In addition to these specifications, welding
may be governed by individual project specifications or standard specifications of agencies
or groups, such as state departments of transportation.

Steels to be welded should be of a “weldable grade,” such as A36, A572, A588, A514,
A709, A852, A913, or A992. Such steels may be welded by any of several welding pro-
cesses: shielded metal arc, submerged arc, gas metal arc, flux-cored arc, electroslag, electro-
gas, and stud welding. Some processes, however, are preferred for certain grades and some
are excluded, as indicated in the following.

AWS “Structural Welding Code” and other specifications require the use of written,
qualified procedures, qualified welders, the use of certain base and filler metals, and inspec-
tion. The AWS DI.1 code exempts from tests and qualification most of the common welded
joints used in steel structures which are considered *“‘prequalified”. The details of such pre-
qualified joints are shown in AWS DI.1 and in the AISC “Steel Construction Manual—
ASD”” and ““Steel Construction Manual—LRFD.” It is advantageous to use these joints where
applicable to avoid costs for additional qualification tests.

Shielded metal arc welding (SMAW) produces coalescence, or fusion, by the heat of
an electric arc struck between a coated metal electrode and the material being joined, or
base metal. The electrode supplies filler metal for making the weld, gas for shielding the
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molten metal, and flux for refining this metal. This process is commonly known also as
manual, hand, or stick welding. Pressure is not used on the parts to be joined.

When an arc is struck between the electrode and the base metal, the intense heat forms
a small molten pool on the surface of the base metal. The arc also decomposes the electrode
coating and melts the metal at the tip of the electrode. The electron stream carries this metal
in the form of fine globules across the gap and deposits and mixes it into the molten pool
on the surface of the base metal. (Since deposition of electrode material does not depend on
gravity, arc welding is feasible in various positions, including overhead.) The decomposed
coating of the electrode forms a gas shield around the molten metal that prevents contact
with the air and absorption of impurities. In addition, the electrode coating promotes elec-
trical conduction across the arc, helps stabilize the arc, adds flux, slag-forming materials, to
the molten pool to refine the metal, and provides materials for controlling the shape of the
weld. In some cases, the coating also adds alloying elements. As the arc moves along, the
molten metal left behind solidifies in a homogeneous deposit, or weld.

The electric power used with shielded metal arc welding may be direct or alternating
current. With direct current, either straight or reverse polarity may be used. For straight
polarity, the base metal is the positive pole and the electrode is the negative pole of the
welding arc. For reverse polarity, the base metal is the negative pole and the electrode is the
positive pole. Electrical equipment with a welding-current rating of 400 to 500 A is usually
used for structural steel fabrication. The power source may be portable, but the need for
moving it is minimized by connecting it to the electrode holder with relatively long cables.

The size of electrode (core wire diameter) depends primarily on joint detail and welding
position. Electrode sizes of Y5, %52, 6, 752, V4, and Yie in are commonly used. Small-size
electrodes are 14 in long, and the larger sizes are 18 in long. Deposition rate of the weld
metal depends primarily on welding current. Hence use of the largest electrode and welding
current consistent with good practice is advantageous.

About 57 to 68% of the gross weight of the welding electrodes results in weld metal.
The remainder is attributed to spatter, coating, and stub-end losses.

Shielded metal arc welding is widely used for manual welding of low-carbon steels, such
as A36, and HSLA steels, such as A572 and A588. Though stainless steels, high-alloy steels,
and nonferrous metals can be welded with this process, they are more readily welded with
the gas metal arc process.

Submerged-arc welding (SAW) produces coalescence by the heat of an electric arc
struck between a bare metal electrode and the base metal. The weld is shielded by flux, a
blanket of granular fusible material placed over the joint. Pressure is not used on the parts
to be joined. Filler metal is obtained either from the electrode or from a supplementary
welding rod.

The electrode is pushed through the flux to strike an arc. The heat produced by the arc
melts adjoining base metal and flux. As welding progresses, the molten flux forms a protec-
tive shield above the molten metal. On cooling, this flux solidifies under the unfused flux as
a brittle slag that can be removed easily. Unfused flux is recovered for future use. About 1.5
Ib of flux is used for each pound of weld wire melted.

Submerged-arc welding requires high currents. The current for a given cross-sectional
area of electrode often is as much as 10 times as great as that used for manual welding.
Consequently, the deposition rate and welding speeds are greater than for manual welding.
Also, deep weld penetration results. Consequently, less edge preparation of the material to
be joined is required for submerged-arc welding than for manual welding. For example,
material up to ¥ in thick can be groove-welded, without any preparation or root opening,
with two passes, one from each side of the joint. Complete fusion of the joint results.

Submerged-arc welding may be done with direct or alternating current. Conventional
welding power units are used but with larger capacity than those used for manual welding.
Equipment with current ratings up to 4000 A is used.

The process may be completely automatic or semiautomatic. In the semiautomatic pro-
cess, the arc is moved manually. One-, two-, or three-wire electrodes can be used in automatic
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operation, two being the most common. Only one electrode is used in semiautomatic oper-
ation.

Submerged-arc welding is widely used for welding low-carbon steels and HSLA steels.
Though stainless steels, high-alloy steels, and nonferrous metals can be welded with this
process, they are generally more readily welded with the gas-shielded metal-arc process.

Gas metal arc welding (GMAW) produces coalescence by the heat of an electric arc
struck between a filler-metal electrode and base metal. Shielding is obtained from a gas or
gas mixture (which may contain an inert gas) or a mixture of a gas and flux.

This process is used with direct or alternating current. Either straight or reverse polarity
may be employed with direct current. Operation may be automatic or semiautomatic. In the
semiautomatic process, the arc is moved manually.

As in the submerged-arc process, high current densities are used, and deep weld penetra-
tion results. Electrodes range from 0.020 to '% in diameter, with corresponding welding
currents of about 75 to 650 A.

Practically all metals can be welded with this process. It is superior to other presently
available processes for welding stainless steels and nonferrous metals. For these metals,
argon, helium, or a mixture of the two gases is generally used for the shielding gas. For
welding of carbon steels, the shielding gas may be argon, argon with oxygen, or carbon
dioxide. Gas flow is regulated by a flowmeter. A rate of 25 to 50 ft*/hr of arc time is
normally used.

Flux-cored arc welding (FCAW) is similar to the GMAW process except that a flux-
containing tubular wire is used instead of a solid wire. The process is classified into two
sub-processes self-shielded and gas-shielded. Shielding is provided by decomposition of the
flux material in the wire. In the gas-shielded process, additional shielding is provided by an
externally supplied shielding gas fed through the electrode gun. The flux performs functions
similar to the electrode coatings used for SMAW. The self-shielded process is particularly
attractive for field welding because the shielding produced by the cored wire does not blow
off in normal ambient conditions and heavy gas supply bottles do not have to be moved
around the site.

Electroslag welding (ESW) produces fusion with a molten slag that melts filler metal
and the surfaces of the base metal. The weld pool is shielded by this molten slag, which
moves along the entire cross section of the joint as welding progresses. The electrically
conductive slag is maintained in a molten condition by its resistance to an electric current
that flows between the electrode and the base metal.

The process is started much like the submerged-arc process by striking an electric arc
beneath a layer of granular flux. When a sufficiently thick layer of hot molten slag is formed,
arc action stops. The current then passes from the electrode to the base metal through the
conductive slag. At this point, the process ceases to be an arc welding process and becomes
the electroslag process. Heat generated by resistance to flow of current through the molten
slag and weld puddle is sufficient to melt the edges at the joint and the tip of the welding
electrode. The temperature of the molten metal is in the range of 3500°F. The liquid metal
coming from the filler wire and the molten base metal collect in a pool beneath the slag and
slowly solidify to form the weld. During welding, since no arc exists, no spattering or intense
arc flash occurs.

Because of the large volume of molten slag and weld metal produced in electroslag
welding, the process is generally used for welding in the vertical position. The parts to be
welded are assembled with a gap 1 to 1% in wide. Edges of the joint need only be cut
squarely, by either machine or flame.

Water-cooled copper shoes are attached on each side of the joint to retain the molten
metal and slag pool and to act as a mold to cool and shape the weld surfaces. The copper
shoes automatically slide upward on the base-metal surfaces as welding progresses.

Preheating of the base metal is usually not necessary in the ordinary sense. Since the
major portion of the heat of welding is transferred into the joint base metal, preheating is
accomplished without additional effort.
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The electroslag process can be used to join plates from 1% to 18 in thick. The process
cannot be used on heat-treated steels without subsequent heat treatment. AWS and other
specifications prohibit the use of ESW for welding quenched-and-tempered steel or for weld-
ing dynamically loaded structural members subject to tensile stresses or to reversal of stress.
However, research results currently being introduced on joints with narrower gaps should
lead to acceptance in cyclically loaded structures.

Electrogas welding (EGW) is similar to electroslag welding in that both are automatic
processes suitable only for welding in the vertical position. Both utilize vertically traveling,
water-cooled shoes to contain and shape the weld surface. The electrogas process differs in
that once an arc is established between the electrode and the base metal, it is continuously
maintained. The shielding function is performed by helium, argon, carbon dioxide, or
mixtures of these gases continuously fed into the weld area. The flux core of the electrode
provides deoxidizing and slagging materials for cleansing the weld metal. The surfaces to
be joined, preheated by the shielding gas, are brought to the proper temperature for complete
fusion by contact with the molten slag. The molten slag flows toward the copper shoes and
forms a protective coating between the shoes and the faces of the weld. As weld metal is
deposited, the copper shoes, forming a weld pocket of uniform depth, are carried continu-
ously upward.

The electrogas process can be used for joining material from %2 to more than 2 in thick.
The process cannot be used on heat-treated material without subsequent heat treatment. AWS
and other specifications prohibit the use of EGW for welding quenched-and-tempered steel
or for welding dynamically loaded structural members subject to tensile stresses or to reversal
of stress.

Stud welding produces coalescence by the heat of an electric arc drawn between a metal
stud or similar part and another work part. When the surfaces to be joined are properly
heated, they are brought together under pressure. Partial shielding of the weld may be ob-
tained by surrounding the stud with a ceramic ferrule at the weld location.

Stud welding usually is done with a device, or gun, for establishing and controlling the
arc. The operator places the stud in the chuck of the gun with the flux end protruding. Then
the operator places the ceramic ferrule over this end of the stud. With timing and welding-
current controls set, the operator holds the gun in the welding position, with the stud pressed
firmly against the welding surface, and presses the trigger. This starts the welding cycle by
closing the welding-current contactor. A coil is activated to lift the stud enough to establish
an arc between the stud and the welding surface. The heat melts the end of the stud and the
welding surface. After the desired arc time, a control releases a spring that plunges the stud
into the molten pool.

Direct current is used for stud welding. A high current is required for a very short time.
For example, welding currents up to 2500 A are used with arc time of less than 1 sec for
studs up to 1 in diameter.

(O. W. Blodgett, Design of Welded Structures, The James F. Lincoln Arc Welding Foun-
dation, Cleveland, Ohio.) See also Arts. 5.15 to 5.23.

2.7 CAMBER

Camber is a curvature built into a member or structure so that when it is loaded, it deflects
to a desired shape. Camber, when required, might be for dead load only, dead load and
partial live load, or dead load and full live load. The decision to camber and how much to
camber is one made by the designer.

Rolled beams are generally cambered cold in a machine designed for the purpose, in a
large press, known as a bulldozer or gag press, through the use of heat, or a combination of
mechanically applied stress and heat. In a cambering machine, the beam is run through a
multiple set of hydraulically controlled rollers and the curvature is induced in a continuous
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operation. In a gag press, the beam is inched along and given an incremental bend at many
points.

There are a variety of specific techniques used to heat-camber beams but in all of them,
the side to be shortened is heated with an oxygen-fed torch. As the part is heated, it tries to
elongate. But because it is restrained by unheated material, the heated part with reduced
yield stress is forced to upset (increase inelastically in thickness) to relieve its compressive
stress. Since the increase in thickness is inelastic, the part will not return to its original
thickness on cooling. When the part is allowed to cool, therefore, it must shorten to return
to its original volume. The heated flange therefore experiences a net shortening that produces
the camber. Heat cambering is generally slow and expensive and is typically used in sections
larger than the capacity of available equipment. Heat can also be used to straighten or
eliminate warping from parts. Some of these procedures are quite complex and intuitive,
demanding experience on the part of the operator.

Experience has shown that the residual stresses remaining in a beam after cambering are
little different from those due to differential cooling rates of the elements of the shape after
it has been produced by hot rolling. Note that allowable design stresses are based to some
extent on the fact that residual stresses virtually always exist.

Plate girders usually are cambered by cutting the web plate to the cambered shape before
the flanges are attached.

Large bridge and roof trusses are cambered by fabricating the members to lengths that
will yield the desired camber when the trusses are assembled. For example, each compression
member is fabricated to its geometric (loaded) length plus the calculated axial deformation
under load. Similarly, each tension member is fabricated to its geometric length minus the
axial deformation.

2.8 SHOP PREASSEMBLY

When the principal operations on a main member, such as punching, drilling, and cutting,
are completed, and when the detail pieces connecting to it are fabricated, all the components
are brought together to be fitted up, i.e.,temporarily assembled with fit-up bolts, clamps, or
tack welds. At this time, the member is inspected for dimensional accuracy, squareness, and,
in general, conformance with shop detail drawings. Misalignment in holes in mating parts
should be detected then and holes reamed, if necessary, for insertion of bolts. When fit-up
is completed, the member is bolted or welded with final shop connections.

The foregoing type of shop preassembly or fit-up is an ordinary shop practice, routinely
performed on virtually all work. There is another class of fit-up, however, mainly associated
with highway and railroad bridges, that may be required by project specifications. These
may specify that the holes in bolted field connections and splices be reamed while the
members are assembled in the shop. Such requirements should be reviewed carefully before
they are specified. The steps of subpunching (or subdrilling), shop assembly, and reaming
for field connections add significant costs. Modern CNC drilling equipment can provide full-
size holes located with a high degree of accuracy. AASHTO specifications, for example,
include provisions for reduced shop assembly procedures when CNC drilling operations are
used.

Where assembly and reaming are required, the following guidelines apply:

Splices in bridge girders are commonly reamed assembled. Alternatively, the abutting
ends and the splice material may be reamed to templates independently.

Ends of floorbeams and their mating holes in trusses or girders usually are reamed to
templates separately.

For reaming truss connections, three methods are in use in fabricating shops. The partic-
ular method to be used on a job is dictated by the project specifications or the designer.
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Associated with the reaming methods for trusses is the method of cambering trusses.
Highway and railroad bridge trusses are cambered by increasing the geometric (loaded)
length of each compression member and decreasing the geometric length of each tension
member by the amount of axial deformation it will experience under load (see Art. 2.7).

Method 1 (RT, or Reamed-template, Method). All members are reamed to geometric an-
gles (angles between members under load) and cambered (no-load) lengths. Each chord is
shop-assembled and reamed. Web members are reamed to metal templates. The procedure
is as follows:

With the bottom chord assembled in its loaded position (with a minimum length of three
abutting sections), the field connection holes are reamed. (Section, as used here and in
methods 2 and 3, means fabricated member. A chord section, or fabricated member, usually
is two panels long.)

With the top chord assembled in its loaded position (with a minimum length of three
abutting sections), the field connection holes are reamed.

The end posts of heavy trusses are normally assembled and the end connection holes
reamed, first for one chord and then for the other. The angles between the end post and the
chords will be the geometric angles. For light trusses, however, the end posts may be treated
as web members and reamed to metal templates.

The ends of all web members and their field holes in gusset plates are reamed separately
to metal templates. The templates are positioned on the gusset plates to geometric angles.
Also, the templates are located on the web members and gusset plates so that when the
unloaded member is connected, the length of the member will be its cambered length.

Method 2 (Gary or Chicago Method). All members are reamed to geometric angles and
cambered lengths. Each chord is assembled and reamed. Web members are shop-assembled
and reamed to each chord separately. The procedure is as follows:

With the bottom chord assembled in its geometric (loaded) alignment (with a minimum
number of three abutting sections), the field holes are reamed.

With the top chord assembled in its geometric position (with a minimum length of three
abutting sections), the holes in the field connections are reamed.

The end posts and all web members are assembled and reamed to each chord separately.
All members, when assembled for reaming, are aligned to geometric angles.

Method 3 (Fully Assembled Method). The truss is fully assembled, then reamed. In this
method, the bottom chord is assembled and blocked into its cambered (unloaded) alignment,
and all the other members are assembled to it. The truss, when fully assembled to its cam-
bered shape, is then reamed. Thus the members are positioned to cambered angles, not
geometric angles.

When the extreme length of trusses prohibits laying out the entire truss, method 3 can
be used sectionally. For example, at least three abutting complete sections (top and bottom
chords and connecting web members) are fully assembled in their cambered position and
reamed. Then complete sections are added to and removed from the assembled sections. The
sections added are always in their cambered position. There should always be at least two
previously assembled and reamed sections in the layout. Although reaming is accomplished
sectionally, the procedure fundamentally is the same as for a full truss assembly.

In methods 1 and 2, field connections are reamed to cambered lengths and geometric
angles, whereas in method 3, field connections are reamed to cambered lengths and angles.
To illustrate the effects of these methods on an erected and loaded truss, Fig. 2.1a shows by
dotted lines the shape of a truss that has been reamed by either method 1 or 2 and then fully
connected, but without load. As the members are fitted up (pinned and bolted), the truss is
forced into its cambered position. Bending stresses are induced into the members because
their ends are fixed at their geometric (not cambered) angles. This bending is indicated by
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FIGURE 2.1 Effects of reaming methods on truss assembly. (a) Truss configurations produced in
methods 1 and 2. (b) Truss shapes produced in method 3.

exaggerated S curves in the dotted configuration. The configuration shown in solid lines in
Fig. 2.1a represents the truss under the load for which the truss was cambered. Each member
now is strained; the fabricated length has been increased or decreased to the geometric length.
The angles that were set in geometric position remain geometric. Therefore, the S curves
induced in the no-load assembly vanish. Secondary bending stresses, for practical purposes,
have been eliminated. Further loading or a removal of load, however, will produce some
secondary bending in the members.

Figure 2.1b illustrates the effects of method 3. Dotted lines represent the shape of a truss
reamed by method 3 and then fully connected, but without load. As the members are fitted
up (pinned and bolted), the truss takes its cambered position. In this position, as when they
were reamed, members are straight and positioned to their cambered angles, hence have no
induced bending. The solid lines in Fig. 2.1b represent the shape of the truss under the load
for which the truss was cambered. Each member now is strained; the fabricated length has
been increased or decreased to its geometric length. The angles that were set in the cambered
(no-load) position are still in that position. As a result, S curves are induced in the members,
as indicated in Fig. 2.1b by exaggerated S curves in solid lines. Secondary stresses due to
bending, which do not occur under camber load in methods 1 and 2, are induced by this
load in method 3. Further loading will increase this bending and further increase the sec-
ondary stresses.

Bridge engineers should be familiar with the reaming methods and see that design and
fabrication are compatible.

2.9 ROLLED SECTIONS

Hot-rolled sections produced by rolling mills and delivered to the fabricator include the
following designations: W shapes, wide-flange shapes with essentially parallel flange sur-
faces; S shapes, American Standard beams with slope of 16%5% on inner flange surfaces;
HP shapes, bearing-pile shapes (similar to W shapes but with flange and web thicknesses
equal), M shapes (miscellaneous shapes that are similar to W, S, or HP but do not meet that
classification), C shapes (American Standard channel shape with slope of 16%5% on inner
flange surfaces), MC shapes (miscellaneous channels similar to C), L shapes or angles, and
ST (structural tees cut from W, M, or S shapes). Such material, as well as plates and bars,
is referred to collectively as plain material.

To fulfill the needs of a particular contract, some of the plain material may be purchased
from a local warehouse or may be taken from the fabricator’s own stock. The major portion
of plain material, however, is ordered directly from a mill to specific properties and dimen-
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sions. Each piece of steel on the order is given an identifying mark through which its origin
can be traced. Mill test reports, when required, are furnished by the mill to the fabricator to
certify that the requirements specified have been met.

Steel shapes, such as beams, columns, and truss chords, that constitute main material for
a project are often ordered from the mill to approximately their final length. The exact length
ordered depends on the type of end connection or end preparation and the extent to which
the final length can be determined at the time of ordering. The length ordered must take into
account the mill tolerances on length. These range for wide-flange shapes from +3%to =Y
in or more, depending on size and length of section (see ASTM A6). Beams that are to have
standard framed or seated end connections therefore are ordered to such lengths that they
will not be delivered too long. When connection material is attached, it is positioned to
produce the desired length. Beams that will frame directly to other members, as is often the
case in welded construction, must be ordered to such lengths that they cannot be delivered
too short. In addition, an allowance for trimming must be added. Economies are achieved
by limiting the number of lengths shipped, and current practice of some producers is to
supply material grouped in length increments of 4 in.

Wide-flange shapes used as columns are ordered with an allowance for finishing the ends.

Items such as angles for bracing or truss-web members, detail material, and light members
in general are ordered in long pieces from which several members can be cut.

Plate material such as that for use in plate-girder webs is generally ordered to required
dimensions plus additional amounts for trim and camber.

Plate material such as that for use in plate-girder flanges or built-up column webs and
flanges is generally ordered to the required length plus trim allowance but in multiple widths
for flame cutting or stripping to required widths.

The dimensions in which standard sections are ordered, i.e., multiple widths, multiple
lengths, etc., are given careful consideration by the fabricator because the mill unit prices
for the material depend on dimensions as well as on physical properties and chemistry.
Computers are often used to optimize ordering of material.

ASTM A36, A572, A588, A514, A709, A852, A913, A992 and A709 define the me-
chanical properties, chemistry and permissible production methods for the materials com-
monly used in structural steel for buildings and bridges. The common production require-
ments for shapes and plate are defined in ASTM A6. This standard includes requirements
on what testing is required, what is to be included in test reports, quality requirements such
as surface imperfection limits, and tolerances on physical dimensions. A6 also contains a
list of shape designations with their associated dimensions. Not all shapes defined in A6 are
produced by a mill at any given time. While most of the shapes listed are available from
more than one domestic or foreign mill, some shapes may not be available at all, or may be
available only in mill quantities (anywhere from 20 to 200 tons) or may be available only
with long lead times. The AISC publishes information on the availability of shapes period-
ically. When rolled shapes are not available to suit a given requirement, shapes can be built
in the fabricating shop.

Fabrication of standard sections entails several or all of the following operations: template
making, layout, punching and drilling, fitting up and reaming, bolting, welding, finishing,
inspection, cleaning, painting, and shipping.

2.10 BUILT-UP SECTIONS

These are members made up by a fabricator from two or more standard sections. Examples
of common built-up sections are shown in Fig. 2.2. Built-up members are specified by the
designer when the desired properties or configuration cannot be obtained in a single hot-
rolled section. Built-up sections can be bolted or welded. Welded members, in general, are
less expensive because much less handling is required in the shop and because of more
efficient utilization of material. The clean lines of welded members also produce a better
appearance.
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FIGURE 2.2 Typical built-up structural sections.

Cover-plated rolled beams are used when the required bending capacity is not available
in a rolled standard beam or when depth limitations preclude use of a deeper rolled beam
or plate girder. Cover-plated beams are also used in composite construction to obtain the
efficiency of a nonsymmetrical section.

Cover-plate material is ordered to multiple widths for flame cutting or stripping to the
required width in the shop. For this reason, when several different design conditions exist
in a project, it is good practice, as well as good economy, for the designer to specify as few
different cover-plate thicknesses as possible and to vary the width of plate for the different
members.

For bolted sections, cover plates and rolled-beam flanges are punched separately and are
then brought together for fit-up. Sufficient temporary fitting bolts are installed to hold the
cover plates in alignment, and minor mismatches of holes in mating parts are cleaned up by
reaming. For welded sections, cover plates are held in position with small intermittent tack
welds until final welding is done.

Plate girders are specified when the moment capacity, stiffness, or on occasion, web
shear capacity cannot be obtained in a rolled beam. They usually are fabricated by welding.

Welded plate girders consist of a web plate, a top flange plate, a bottom flange plate,
and stiffener plates. Web material is ordered from the mill to the width between flange plates
plus an allowance for trim and camber, if required. Flange material is ordered to multiple
widths for stripping to the desired widths in the shop.

When an order consists of several identical girders having shop flange splices, fabricators
usually first lay the flange material end to end in the ordered widths and splice the abutting
ends with the required groove welds. The long, wide plates thus produced are then stripped
to the required widths. For this procedure, the flanges should be designed to a constant width
over the length of the girder. This method is advantageous for several reasons: Flange widths
permit groove welds sufficiently long to justify use of automatic welding equipment. Run-
out tabs for starting and stopping the welds are required only at the edges of the wide, un-
stripped plate. All plates can be stripped from one setup. And much less finishing is required
on the welds.

After web and flange plates are cut to proper widths, they are brought together for fit-up
and final welding. The web-to-flange welds, usually fillet welds, are positioned for welding
with maximum efficiency. For relatively small welds, such as Y- or ¥ie-in fillets, a girder
may be positioned with web horizontal to allow welding of both flanges simultaneously. The
girder is then turned over, and the corresponding welds are made on the other side. When
relatively large fillet welds are required, the girder is held in a fixture with the web at an
angle of about 45° to allow one weld at a time to be deposited in the flat position. In either
method, the web-to-flange welds are made with automatic welding machines that produce
welds of good quality at a high rate of deposition. For this reason, fabricators would prefer
to use continuous fillet welds rather than intermittent welds, though an intermittent weld
may otherwise satisfy design requirements.

After web-to-flange welds are made, the girder is trimmed to its detailed length. This is
not done earlier because of the difficulty of predicting the exact amount of girder shortening
due to shrinkage caused by the web-to-flange welds.
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If holes are required in web or flange, the girder is drilled next. This step requires moving
the whole girder to the drills. Hence, for economy, holes in main material should be avoided
because of the additional amount of heavy-load handling required. Instead, holes should be
located in detail material, such as stiffeners, which can be punched or drilled before they
are welded to the girder.

The next operation applies the stiffeners to the web. Stiffener-to-web welds often are fillet
welds. They are made with the web horizontal. The welds on each side of a stiffener may
be deposited simultaneously with automatic welding equipment. For this equipment, many
fabricators prefer continuous welds to intermittent welds. When welds are large, however,
the girder may be positioned for flat, or downhand, welding of the stiffeners.

Variation in stress along the length of a girder permits reductions in flange material. For
minimum weight, flange width and thickness might be decreased in numerous steps. But a
design that optimizes material seldom produces an economical girder. Each change in width
or thickness requires a splice. The cost of preparing a splice and making a weld may be
greater than the cost of material saved to avoid the splice. Therefore, designers should hold
to a minimum flange splices made solely to save material. Sometimes, however, the length
of piece that can be handled may make splices necessary.

Welded crane girders differ from ordinary welded plate girders principally in that the
upper surface of the top flange must be held at constant elevation over the span. A step at
flange splices is undesirable. Since lengths of crane girders usually are such that flange
splices are not made necessary by available lengths of material, the top flange should be
continuous. In unusual cases where crane girders are long and splices are required, the flange
should be held to a constant thickness. (It is not desirable to compensate for a thinner flange
by deepening the web at the splice.) Depending on other elements that connect to the top
flange of a crane girder, such as a lateral-support system or horizontal girder, holding the
flange to a constant width also may be desirable.

The performance of crane girders is quite sensitive to the connection details used. Care
must be taken in design to consider the effects of wheel loads, out-of-plane bending of the
web, and permitting the ends of the girders to rotate as the crane travels along the length of
the girder. The American Iron and Steel Engineers and the AISC both provide information
concerning appropriate details.

Horizontally curved plate girders for bridges constitute a special case. Two general
methods are used in fabricating them. In one method, the flanges are cut from a wide plate
to the prescribed curve. Then the web is bent to this curve and welded to the flanges. In the
second method, the girder is fabricated straight and then curved by application of heat to
the flanges. This method which is recognized by the AASHTO specifications, is preferred
by many fabricators because less scrap is generated in cutting flange plates, savings may
accrue from multiple welding and stripping of flange plates, and the need for special jigs
and fittings for assembling a girder to a curve is avoided.

(“Fabrication Aids for Continuously Heat-Curved Girders” and ‘‘Fabrication Aids for
Girders Curved with V-Heats,” American Institute of Steel Construction, Chicago, Il1.)

Procedures used in fabricating other built-up sections, such as box girders and box col-
umns, are similar to those for welded girders.

Columns generally require the additional operation of end finishing for bearing. For
welded columns, all the welds connecting main material are made first, to eliminate uncer-
tainties in length due to shrinkage caused by welding. After the ends are finished, detail
material, such as connection plates for beams, is added.

The selection of connection details on built-up sections has an important effect on fab-
rication economy. If the pieces making up the section are relatively thick, welded details can
provide bolt holes for connections and thereby eliminate punching the thick material. On
the other hand, fabricators that trim sections at the saw after assembly may choose to drill
holes using a combination drill-saw line, thus avoiding manual layout for welded detail
material.
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2.11 CLEANING AND PAINTING

The AISC “Specification for Structural Steel Buildings™ provides that, in general, steelwork
to be concealed within the building need not be painted and that steel encased in concrete
should not be painted. Inspection of old buildings has revealed that the steel withstands
corrosion virtually the same whether painted or not.

Paint is expensive to apply, creates environmental concerns in the shop and can create a
slip hazard for erectors. Environmental requirements vary by region. Permitting flexibility in
coating selection may lead to savings. When paint is required, a shop coat is often applied
as a primer for subsequent field coats. It is intended to protect the steel for only a short
period of exposure.

Many fabricators have invested in the equipment and skills necessary to apply sophisti-
cated coatings when required. Compared with single-coat, surface-tolerant primers used in
normal applications, these multiple-coat or special systems are sensitive to cleaning and
applicator skill. While these sophisticated coating systems are expensive, they can be useful
when life cycle costs are considered in very long term exposures or aggressive environments.

Steel which is to be painted must be thoroughly cleaned of all loose mill scale, loose
rust, dirt, and other foreign matter. Cleaning can be done by hand tool, power tool and a
variety of levels of abrasive blasting. Abrasive blasting in most fabrication shops is done
with centrifugal wheel blast units. The various surface preparations are described in speci-
fications by the Society for Protective Coatings. Unless the fabricator is otherwise directed,
cleaning of structural steel is ordinarily done with a wire brush. Sophisticated paint systems
require superior cleaning, usually abrasive blast cleaning and appropriate quality systems.
Knowledge of the coating systems, equipment maintenance, surface preparation and quality
control are all essential.

Treatment of structural steel that will be exposed to close public view varies somewhat
from that for steel in unexposed situations. Since surface preparation is the most important
factor affecting performance of paint on structural steel surfaces, it is common for blast
cleaning to be specified for removing all mill scale on steel that is to be exposed. Mill scale
that forms on structural steel after hot rolling protects the steel from corrosion, but only as
long as this scale is intact and adheres firmly to the steel. Intact mill scale, however, is
seldom encountered on fabricated steel because of weathering during storage and shipment
and because of loosening caused by fabricating operations. Undercutting of mill scale, which
can lead to paint failure, is attributable to the broken or cracked condition of mill scale at
the time of painting. When structural steel is exposed to view, even small amounts of mill
scale lifting and resulting rust staining will likely detract from the appearance of a building.
On industrial buildings, a little rust staining might not be objectionable. But where appear-
ance is of paramount importance, descaling by blast cleaning is the preferred way of pre-
paring the surface of architecturally exposed steel for painting.

Steels are available which can be exposed to the weather and can be left unpainted, such
as A588 steel. This weathering steel forms a tight oxide coating that will retard further
atmospheric corrosion under common outdoor exposures. Many bridge applications are suited
to this type of steel. Where the steel would be subjected to salts around expansion devices,
owners often choose to paint that area. The steel that is to be left unpainted is generally
treated in one of two ways, depending on the application.

For structures where appearance is not important and minimal maintenance is the prime
consideration, the steel may be erected with no surface preparation at all. While it retains
mill scale, the steel will not have a uniform color. but when the scale loses its adherence
and flakes off, the exposed metal will form the tightly adherent oxide coating characteristic
of this type of steel, and eventually, a uniform color will result.

Where uniform color of bare, unpainted steel is important, the steel must be freed of
scale by blast cleaning. In such applications, extra precautions must be exercised to protect
the blasted surfaces from scratches and staining.
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Steel may also be prepared by grinding or blasting to avoid problems with welding
through heavy scale or to achieve greater nominal loads or allowable loads in slip-critical
bolted joints.

(Steel Structures Painting Manual, vol. 1, Good Painting Practice, vol.ll, Systems and
Specifications, Society for Protective Coatings, Forty 24th St., Pittsburgh, PA 15222.)

2.12 FABRICATION TOLERANCES

Variations from theoretical dimensions occur in hot-rolled structural steel because of the
routine production process variations and the speed with which they must be rolled, wear
and deflection of the rolls, human differences between mill operators, and differential cooling
rates of the elements of a section. Also, mills cut rolled sections to length while they are
still hot. Tolerances that must be met before structural steel can be shipped from mill to
fabricator are listed in ASTM A6, “General Requirements for Delivery of Rolled Steel Plates,
Shapes, Sheet Piling and Bars for Structural Use.”

Tolerances are specified for the dimensions and straightness of plates, hot-rolled shapes,
and bars. For example, flanges of rolled beams may not be perfectly square with the web
and may not be perfectly centered on the web. There are also tolerances on surface quality
of structural steel.

Specifications covering fabrication of structural steel do not, in general, require closer
tolerances than those in A6, but rather extend the definition of tolerances to fabricated mem-
bers. Tolerances for the fabrication of structural steel, both hot-rolled and built-up members,
can be found in standard codes, such as the AISC “Specification for Structural Steel Build-
ings,” both the ASD and LRFD editions; AISC “Code of Standard Practice for Steel Build-
ings and Bridges”’; AWS D1.1 “Structural Welding Code-Steel”; AWS D1.5 “Bridge Weld-
ing Code”’; and AASHTO specifications.

The tolerance on length of material as delivered to the fabricator is one case where the
tolerance as defined in A6 may not be suitable for the final member. For example, A6 allows
wide flange beams 24 in or less deep to vary (plus or minus) from ordered length by % in
plus an additional Y6 in for each additional 5-ft increment over 30 ft. The AISC specification
for length of fabricated steel, however, allows beams to vary from detailed length only %ie
in for members 30 ft or less long and ' in for members longer than 30 ft. For beams with
framed or seated end connections, the fabricator can tolerate allowable variations in length
by setting the end connections on the beam so as to not exceed the overall fabrication
tolerance of + Yi6 or + s in. Members that must connect directly to other members, without
framed or seated end connections, must be ordered from the mill with a little additional
length to permit the fabricator to trim them to within = Y16 or + Y% in of the desired length.

The AISC “Code of Standard Practice for Steel Buildings and Bridges” defines the clause
“Architecturally Exposed Structural Steel” (AESS) with more restrictive tolerances than on
steel not designated as AESS. The AESS section states that “permissible tolerances for out-
of-square or out-of-parallel, depth, width and symmetry of rolled shapes are as specified in
ASTM Specification A6. No attempt to match abutting cross-sectional configurations is made
unless specifically required by the contract documents. The as-fabricated straightness toler-
ances of members are one-half of the standard camber and sweep tolerances in ASTM A6.”
It must be recognized the requirements of the AESS section of the Code of Standard Practice
entail special shop processes and costs and they are not required on all steel exposed to
public view. Therefore, members that are subject to the provisions of AESS must be des-
ignated on design drawings.

Designers should be familiar with the tolerances allowed by the specifications covering
each job. If they require more restrictive tolerances, they must so specify on the drawings
and must be prepared for possible higher costs of fabrication.

While restrictive tolerances may be one way to make parts of a structure fit, they often
are not a simple matter of care and are not practical to achieve. A steel beam can be
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fabricated at 65°F and installed at 20°F. If it is 50 ft in fabrication, it will be about & in
short during installation. While % in may not be significant, a line of three or four of these
beams in a row may produce unacceptable results. The alternative to restrictive tolerances
may be adjustment in the structural steel or the parts attaching to it. Some conditions de-
serving consideration include parts that span vertically one or more stories, adjustment to
properly set expansion joints, camber in cantilever pieces, and members that are supported
some distance from primary columns.

2.13 ERECTION EQUIPMENT

Steel buildings and bridges are generally erected with cranes, derricks, or specialized units.
Mobile cranes include crawler cranes, rubber tired rough terrain cranes and truck cranes;
stationary cranes include tower cranes and climbing cranes. Stiffleg derricks and guy derricks
are generally considered stationary hoisting machines, but they may be mounted on mobile
platforms. Guy derricks can be used where they are jumped from floor to floor. A high line
is an example of a specialized unit. These various types of erection equipment used for steel
construction are also used for precast and cast-in-place concrete construction.

One of the most common machines for steel erection is the crawler crane (Fig. 2.3). Self-
propelled, such cranes are mounted on a mobile base having endless tracks or crawlers for
propulsion. The base of the crane contains a turntable that allows 360° rotation. Crawlers
come with booms up to 450 ft high and capacities up to 350 tons. Self-contained counter-
weights move the center of gravity of the loaded crane to the rear to increase the lift capacity
of the crane. Crawler cranes can also be fitted with ring attachments to increase their capacity.

Truck cranes (Fig. 2.4) are similar in many respects to crawler cranes. The principal
difference is that truck cranes are mounted on rubber tires and are therefore much more
mobile on hard surfaces. Truck cranes can be used with booms up to 350 ft long and have
capacities up to 250 tons. Rough terrain cranes have hydraulic booms and are also highly
mobile. Truck cranes and rough terrain cranes have outriggers to provide stability.

A stiffleg derrick (Fig. 2.5) consists of a boom and a vertical mast rigidly supported by
two legs. The two legs are capable of resisting either tensile or compressive forces, hence
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FIGURE 2.3 Crawler crane.
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FIGURE 2.5 Stiffleg derrick.



FABRICATION AND ERECTION 2.19

TOPPING LIFT

WIRE ROPE

FIGURE 2.6 Guy derrick.

the name stiffleg. Stiffleg derricks are extremely versatile in that they can be used in a
permanent location as yard derricks or can be mounted on a wheel-equipped frame for use
as a traveler in bridge erection. A stifleg derrick also can be mounted on a device known as
a creeper and thereby lift itself vertically on a structure as it is being erected. Stiffleg derricks
can range from small, 5-ton units to large, 250-ton units, with 80-ft masts and 180-ft booms.

A guy derrick (Fig. 2.6) is commonly associated with the erection of tall multistory
buildings. It consists of a boom and a vertical mast supported by wire-rope guys which are
attached to the structure being erected. Although a guy derrick can be rotated 360°, the
rotation is handicapped by the presence of the guys. To clear the guys while swinging, the
boom must be shorter than the mast and must be brought up against the mast. the guy derrick
has the advantage of being able to climb vertically (jump) under its own power, such as
illustrated for the construction of a building in Fig. 2.7. Guy derricks have been used up to
160 ft long and with capacities up to 250 tons.

Tower cranes in various forms are used extensively for erection of buildings and bridges.
Several manufacturers offer accessories for converting conventional truck or crawler cranes

MAST MAST GUY MAST GUY
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GUY BOOM
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FIGURE 2.7 Steps in jumping a guy derrick. (@) Removed from its seat with the topping lift falls,
the boom is revolved 180° and placed in a temporary jumping shoe. The boom top is temporarily
guyed. (b) The load falls are attached to the mast above its center of gravity. Anchorages of the
mast guys are adjusted and the load falls unhooked. (¢) The temporary guys on the boom are
removed. The mast raises the boom with the topping lift falls and places it in the boom seat, ready
for operation.
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into tower cranes. Such a tower crane (Fig. 2.8) is characterized by a vertical tower, which
replaces the conventional boom, and a long boom at the top that can usually accommodate
a jib as well. With the main load falls suspended from its end, the boom is raised or lowered
to move the load toward or away from the tower. The cranes are counterweighted in the
same manner as conventional truck or crawler cranes. Capacities of these tower cranes vary
widely depending on the machine, tower height, and boom length and angle. Such cranes
have been used with towers 250 ft high and booms 170 ft long. They can usually rotate
360°.

Other types of tower cranes with different types of support are shown in Fig. 2.9a through
c. The type selected will vary with the type of structure erected and erection conditions.
Each type of support shown may have either the kangaroo (topping lift) or the hammerhead
(horizontal boom) configuration. Kangaroo and hammerhead type cranes often have move-
able counterweights that move back as the load is boomed out to keep the crane balanced.
These cranes are sophisticated and expensive, but are often economical because they are
usually fast and may be the only practical way to bring major building components to the
floor they are needed. Crane time is a key asset on high-rise construction projects.

Jacking is another method used to lift major assemblies. Space frames that can be assem-
bled on the ground, and suspended spans on bridges that can be assembled on shore, can
be economically put together where there is access and then jacked into their final location.
Jacking operations require specialized equipment, detailing to provide for final connections,
and analysis of the behavior of the structure during the jacking.

2.14 ERECTION METHODS FOR BUILDINGS

The determination of how to erect a building depends on many variables that must be studied
by the erection engineer long before steel begins to arrive at the erection site. It is normal
and prudent to have this erection planning developed on drawings and in written procedures.
Such documents outline the equipment to be used, methods of supporting the equipment,
conditions for use of the equipment, and sequence of erection. In many areas, such docu-
ments are required by law. The work plan that evolves from them is valuable because it can
result in economies in the costly field work. Special types of structures may require extensive
planning to ensure stability of the structure during erection.

Mill buildings, warehouses, shopping centers, and low-rise structures that cover large
areas usually are erected with truck or crawler cranes. Selection of the equipment to be used
is based on site conditions, weight and reach for the heavy lifts, and availability of equipment.
Preferably, erection of such building frames starts at one end, and the crane backs away
from the structure as erection progresses. The underlying consideration at all times is that
an erected member should be stable before it is released from the crane. High-pitched roof
trusses, for example, are often unstable under their own weight without top-chord bracing.
If roof trusses are long and shipped to the site in several sections, they are often spliced on
the ground and lifted into place with one or two cranes.

Multistory structures, or portions of multistory structures that lie within reach and capacity
limitations of crawler cranes, are usually erected with crawler cranes. For tall structures, a
crawler crane places steel it can reach and then erects the guy derrick (or derricks), which
will continue erection. Alternatively, tower crawler cranes (see Fig. 2.8) and climbing tower
cranes (Fig. 2.9) are used extensively for multistory structures. Depending on height, these
cranes can erect a complete structure. They allow erection to proceed vertically, completing
floors or levels for other trades to work on before the structure is topped out.

Use of any erecting equipment that loads a structure requires the erector to determine
that such loads can be adequately withstood by the structure or to install additional bracing
or temporary erection material that may be necessary. For example, guy derricks impart
loads at guys, and at the base of the boom, a horizontal thrust that must be provided for.



FABRICATION AND ERECTION 2.21

RUNNER
LINE

B80OOM SUPPORTS

[»—TOWER

FIGURE 2.8 Tower crane on crawler-crane base.

On occasion, floorbeams located between the base of the derrick and guy anchorages must
be temporarily laterally supported to resist imposed compressive forces. Considerable tem-
porary bracing is required in a multistory structure when a climbing crane is used. This type
of crane imposes horizontal and vertical loads on the structure or its foundation. Loads are
also imposed on the structure when the crane is jumped to the next level. Usually, these
cranes jump about 6 floors at a time.

The sequence of placing the members of a multistory structure is, in general, columns,
girders, bracing, and beams. The exact order depends on the erection equipment and type
of framing. Planning must ensure that all members can be erected and that placement of one
member does not prohibit erection of another.

Structural steel is erected by “‘ironworkers’” who perform a multitude of tasks. The ground
crew selects the proper members to hook onto the crane and directs crane movements in
delivering the piece to the ‘“‘connectors.” The connectors direct the piece into its final lo-
cation, place sufficient temporary bolts for stability, and unhitch the crane. Regulations gen-
erally require a minimum of two bolts per connection or equivalent, but more should be
used if required to support heavy pieces or loads that may accumulate before the permanent
connection is made.

A “plumbing-up” (fitting-up crew), following the connectors, aligns the beams, plumbs
the columns, and installs whatever temporary wire-rope bracing is necessary to maintain
alignment. Following this crew are the gangs who make the permanent connection. This
work, which usually follows several stories behind member erection, may include tightening
high-strength bolts or welding connections. An additional operation usually present is placing
and welding metal deck to furnish a working floor surface for subsequent operations. Safety
codes require planking surfaces 25 to 30 ft (usually two floors) below the erection work
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FIGURE 2.9 Variations of the tower crane: (a) kangaroo; (») hammerhead; (c¢) climbing crane.
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above. For this reason, deck is often spread on alternate floors, stepping back to spread the
skipped floor after the higher floor is spread, thus allowing the raising gang to move up to
the next tier. This is one reason why normal columns are two floors high.

In field-welded multistory buildings with continuous beam-to-column connections, the
procedure is slightly different from that for bolted work. The difference is that the welded
structure is not in its final alignment until beam-to-column connections are welded because
of shrinkage caused by the welds. To accommodate the shrinkage, the joints must be opened
up or the beams must be detailed long so that, after the welds are made, the columns are
pulled into plumb. It is necessary, therefore, to erect from the more restrained portion of the
framing to the less restrained. If a structure has a braced center core, that area will be erected
first to serve as a reference point, and steel will be erected toward the perimeter of the
structure. If the structure is totally unbraced, an area in the center will be plumbed and
temporarily braced for reference. Welding of column splices and beams is done after the
structure is plumbed. The deck is attached for safety as it is installed, but final welding of
deck and installation of studs and closures is completed after the tier is plumbed.

2.15 ERECTION PROCEDURE FOR BRIDGES

Bridges are erected by a variety of methods. The choice of method in a particular case is
influenced by type of structure, length of span, site conditions, manner in which material is
delivered to the site, and equipment available. Bridges over navigable waterways are some-
times limited to erection procedures that will not inhibit traffic flow; for example, falsework
may be prohibited.

Regardless of erection procedure selected, there are two considerations that override all
others. The first is the security and stability of the structure under all conditions of partial
construction, construction loading, and wind loading that will be encountered during erection.
The second consideration is that the bridge must be erected in such a manner that it will
perform as intended. For example, in continuous structures, this can mean that jacks must
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be used on the structure to effect the proper stress distribution. These considerations will be
elaborated upon later as they relate to erection of particular types of bridges.

Simple-beam bridges are often erected with a crawler or truck crane. Bridges of this
type generally require a minimal amount of engineering and are put up routinely by an
experienced erector. One problem that does occur with beam spans, however, and especially
composite beam spans, arises from lateral instability of the top flange during lifting or before
placement of permanent bracing. Beams or girders that are too limber to lift unbraced require
temporary compression-flange support, often in the form of a stiffening truss. Lateral support
also may be provided by assembling two adjacent members on the ground with their bracing
or cross members and erecting the assembly in one piece. Beams that can be lifted unbraced
but are too limber to span alone also can be handled in pairs. Or it may be necessary to
hold them with the crane until bracing connections can be made.

Continuous-beam bridges are erected in much the same way as simple-beam bridges.
One or more field splices, however, will be present in the stringers of continuous beams.
With bolted field splices, the holes in the members and connection material have been reamed
in the shop to insure proper alignment of the member. With a welded field splice, it is
generally necessary to provide temporary connection material to support the member and
permit adjustment for alignment and proper positioning for welding. For economy, field
splices should be located at points of relatively low bending moment. It is also economical
to allow the erector some option regarding splice location, which may materially affect
erection cost. The arrangement of splices in Fig. 2.10a, for example, will require, if falsework
is to be avoided, that both end spans be erected first, then the center spans. The splice
arrangement shown in Fig. 2.10b will allow erection to proceed from one end to the other.
While both arrangements are used, one may have advantages over the other in a particular
situation.

Horizontally curved girder bridges are similar to straight-girder bridges except for tor-
sional effects. If use of falsework is to be avoided, it is necessary to resist the torques by
assembling two adjacent girders with their diaphragms and temporary or permanent lateral
bracing and erect the assembly as a stable unit. Diaphragms and their connections must be
capable of withstanding end moments induced by girder torques.

Truss bridges require a vast amount of investigation to determine the practicability of a
desired erection scheme or the limitations of a necessary erection scheme. The design of
truss bridges, whether simple or continuous, generally assumes that the structure is complete
and stable before it is loaded. The erector, however, has to impose dead loads, and often
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FIGURE 2.10 Field splices in girder bridges.
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live loads, on the steel while the structure is partly erected. The structure must be erected
safely and economically in a manner that does not overstress any member or connection.

Erection stresses may be of opposite sign and of greater magnitude than the design
stresses. When designed as tension members but subjected to substantial compressive erec-
tion stresses, the members may be braced temporarily to reduce their effective length. If
bracing is impractical, they may be made heavier. Members designed as compression mem-
bers but subjected to tensile forces during erection are investigated for adequacy of area of
net section where holes are provided for connections. If the net section is inadequate, the
member must be made heavier.

Once an erection scheme has been developed, the erection engineer analyzes the structure
under erection loads in each erection stage and compares the erection stresses with the design
stresses. At this point, the engineer plans for reinforcing or bracing members, if required.
The erection loads include the weights of all members in the structure in the particular
erection stage and loads from whatever erection equipment may be on the structure. Wind
loads are added to these loads.

In addition to determining member stresses, the erection engineer usually calculates re-
actions for each erection stage, whether they be reactions on abutments or piers or on false-
work. Reactions on falsework are needed for design of the falsework. Reactions on abutments
and piers may reveal a temporary uplift that must be provided for, by counterweighting or
use of tie-downs. Often, the engineer also computes deflections, both vertical and horizontal,
at critical locations for each erection stage to determine size and capacity of jacks that may
be required on falsework or on the structure.

When all erection stresses have been calculated, the engineer prepares detailed drawings
showing falsework, if needed, necessary erection bracing with its connections, alterations
required for any permanent member or joint, installation of jacks and temporary jacking
brackets, and bearing devices for temporary reactions on falsework. In addition, drawings
are made showing the precise order in which individual members are to be erected.

Figure 2.11 shows the erection sequence for a through-truss cantilever bridge over a
navigable river. For illustrative purpose, the scheme assumes that falsework is not permitted
in the main channel between piers and that a barge-mounted crane will be used for steel
erection. Because of the limitation on use of falsework, the erector adopts the cantilever
method of erection. The plan is to erect the structure from both ends toward the center.

Note that top chord U13-U14, which is unstressed in the completed structure, is used as
a principal member during erection. Note also that in the suspended span all erection stresses
are opposite in sign to the design stresses.

As erection progresses toward the center, a negative reaction may develop at the abutments
(panel point LO). The uplift may be counteracted by tie-downs to the abutment.

Hydraulic jacks, which are removed after erection has been completed, are built into the
chords at panel points U13, L13, and U13'. The jacks provide the necessary adjustment to
allow closing of the span. The two jacks at U13 and L13 provide a means of both horizontal
and vertical movement at the closing panel point, and the jack at U13’ provides for vertical
movement of the closing panel point only.

2.16 FIELD TOLERANCES

Permissible variations from theoretical dimensions of an erected structure are specified in
the AISC “Code of Standard Practice for Steel Buildings and Bridges.” It states that vari-
ations are within the limits of good practice or erected tolerance when they do not exceed
the cumulative effect of permissible rolling and fabricating and erection tolerances. These
tolerances are restricted in certain instances to total cumulative maximums.

The AISC ‘““Code of Standard Practice” has a descriptive commentary that fully outlines
and explains the application of the mill, fabrication, and erection tolerances for a building
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FIGURE 2.11 Erection stages for a continuous-truss bridge. In stage 1, with falsework at panel
point 4, the portion of the truss from the abutment to that point is assembled on the ground and
then erected on the abutment and the falsework. the operations are duplicated at the other end of
the bridge. In stage 2, members are added by cantilevering over the falsework, until the piers are
reached. Panel points 8 and 8’ are landed on the piers by jacking down at the falsework, which then
is removed. In stage 3, main-span members are added by cantilevering over the piers, until midspan
is reached. Jacks are inserted at panel points L13, U13 and U13’. The main span is closed by
jacking. The jacks then are unloaded to hang the suspended span and finally are removed.

or bridge. Also see Art. 2.12 for a listing of specifications and codes that may require special
or more restrictive tolerances for a particular type of structure.

An example of tolerances that govern the plumbness of a multistory building is the tol-
erance for columns. In multistory buildings, columns are considered to be plumb if the error
does not exceed 1:500, except for columns adjacent to elevator shafts and exterior columns,
for which additional limits are imposed. The tolerances governing the variation of columns,
as erected, from their theoretical centerline are sometimes wrongfully construed to be lateral-
deflection (drift) limitations on the completed structure when, in fact, the two considerations
are unrelated. Measurement of tolerances requires experience. Structural steel is not static
but moves due to varying ambient conditions and changing loads imposed during the con-
struction process. Making all components and attachments fit takes skill and experience on
the part of designers and craftsmen.

(Manual of Steel Construction ASD, and Manual of Steel Construction LRFD, American
Institute of Steel Construction.)
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2.17 SAFETY CONCERNS

Safety is the prime concern of steel erectors. Erectors tie-off above regulated heights, install
perimeter cable around elevated work sites, and where necessary, install static lines. Lines
for tying off have different requirements than perimeter cable, so perimeter cable cannot be
used as a horizontal lifeline. Erectors are concerned with welding safety, protection around
openings, and working over other trades. Stability of the structure during construction and
of each piece as it is lifted are considered by the erector. Pieces that are laterally supported
and under a positive moment in service, will frequently be unsupported and under a negative
moment when they are raised, so precautions must be taken.

Small changes in member proportions can lead to significant changes in the way an erector
has to work. Long slender members may have to be raised with a spreader beam. Others
may have to be braced before the load line is released. Erection aids such as column lifting
hitches must be designed and provided such that they will afford temporary support and
allow easy access for assembly. Full-penetration column splices are seldom necessary except
on seismic moment frames, but require special erection aids when encountered. Construction
safety is regulated by the federal Office of Safety and Health Administration (OSHA). Steel
erector safety regulations are listed in Code of Federal Regulations (CFR) 1926, Subpart R.
As well, American National Standards Institute (ANSI) issues standard A10 related to con-
struction safety.
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Safety and serviceability constitute the two primary requirements in structural design. For a
structure to be safe, it must have adequate strength and ductility when resisting occasional
extreme loads. To ensure that a structure will perform satisfactorily at working loads, func-
tional or serviceability requirements also must be met. An accurate prediction of the behavior
of a structure subjected to these loads is indispensable in designing new structures and
evaluating existing ones.

The behavior of a structure is defined by the displacements and forces produced within
the structure as a result of external influences. In general, structural theory consists of the
essential concepts and methods for determining these effects. The process of determining
them is known as structural analysis. If the assumptions inherent in the applied structural
theory are in close agreement with actual conditions, such an analysis can often produce
results that are in reasonable agreement with performance in service.

3.1 FUNDAMENTALS OF STRUCTURAL THEORY

Structural theory is based primarily on the following set of laws and properties. These prin-
ciples often provide sufficient relations for analysis of structures.

Laws of mechanics. These consist of the rules for static equilibrium and dynamic be-
havior.

Properties of materials. The material used in a structure has a significant influence on
its behavior. Strength and stiffness are two important material properties. These properties
are obtained from experimental tests and may be used in the analysis either directly or in
an idealized form.

Laws of deformation. These require that structure geometry and any incurred deforma-
tion be compatible; i.e., the deformations of structural components are in agreement such
that all components fit together to define the deformed state of the entire structure.

STRUCTURAL MECHANICS—STATICS

An understanding of basic mechanics is essential for comprehending structural theory. Me-
chanics is a part of physics that deals with the state of rest and the motion of bodies under

3.1
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the action of forces. For convenience, mechanics is divided into two parts: statics and dy-
namics.

Statics is that branch of mechanics that deals with bodies at rest or in equilibrium under
the action of forces. In elementary mechanics, bodies may be idealized as rigid when the
actual changes in dimensions caused by forces are small in comparison with the dimensions
of the body. In evaluating the deformation of a body under the action of loads, however, the
body is considered deformable.

3.2 PRINCIPLES OF FORCES

The concept of force is an important part of mechanics. Created by the action of one body
on another, force is a vector, consisting of magnitude and direction. In addition to these
values, point of action or line of action is needed to determine the effect of a force on a
structural system.

Forces may be concentrated or distributed. A concentrated force is a force applied at a
point. A distributed force is spread over an area. It should be noted that a concentrated
force is an idealization. Every force is in fact applied over some finite area. When the
dimensions of the area are small compared with the dimensions of the member acted on,
however, the force may be considered concentrated. For example, in computation of forces
in the members of a bridge, truck wheel loads are usually idealized as concentrated loads.
These same wheel loads, however, may be treated as distributed loads in design of a bridge
deck.

A set of forces is concurrent if the forces
ﬁ': all act at the same point. Forces are collinear
a

if they have the same line of action and are
coplanar if they act in one plane.

Figure 3.1 shows a bracket that is sub-
jected to a force F having magnitude F and
direction defined by angle «. The force acts
through point A. Changing any one of these
designations changes the effect of the force
FIGURE 3.1 Vector F represents force acting on a  on the bracket.
bracket. Because of the additive properties of
forces, force F may be resolved into two concurrent force components F, and F, in the
perpendicular directions x and y, as shown in Figure 3.2a. Adding these forces F, and F,
will result in the original force F (Fig. 3.2b). In this case, the magnitudes and angle between
these forces are defined as

Z

A

F.= Fcos a (3.1a)

F,=Fsin a (3.1b)

F=VF2+F} (3.1¢)

o = tan™! 5 3.1d)
F

Similarly, a force F can be resolved into three force components F, F,, and F_ aligned
along three mutually perpendicular axes x, y, and z, respectively (Fig. 3.3). The magnitudes
of these forces can be computed from



GENERAL STRUCTURAL THEORY

(a) (b}

FIGURE 3.2 (a) Force F resolved into components, F, along the x axis and F, along the
y axis. (b) Addition of forces F, and F| yields the original force F.

X

FIGURE 3.3 Resolution of a force in three dimensions.

3.3
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F. = F cos a, (3.2a)
F, = F cos a, (3.2b)
F,. = Fcos a, (3.2¢)

F2+ F?+ F? (3.2d)

where a,, o, and o, are the angles between F and the axes and cos «,, cos «,, and cos a,
are the direction cosines of F.

The resultant R of several concurrent forces F,, F,, and F; (Fig. 3.4a) may be determined
by first using Eqgs. (3.2) to resolve each of the forces into components parallel to the assumed
x, y, and z axes (Fig. 3.4b). The magnitude of each of the perpendicular force components
can then be summed to define the magnitude of the resultant’s force components R,, R,
and R, as follows:

R, =3F,=F, +F, +F,, (3.3a)
R, =3F, =F, + F, + Fy, (3.3b)
R.=3F. =F_+F, +F, (3.3¢)

The magnitude of the resultant force R can then be determined from

R=VR?>+R?+R? (34
The direction R is determined by its direction cosines (Fig. 3.4c¢):
2F, 2F, 2F,
cos a, = R cos a, = T cos a, = R 3.5

where «,, «,, and «, are the angles between R and the x, y, and z axes, respectively.

If the forces acting on the body are noncurrent, they can be made concurrent by changing
the point of application of the acting forces. This requires incorporating moments so that the
external effect of the forces will remain the same (see Art. 3.3).

@) (b) ©

FIGURE 3.4 Addition of concurrent forces in three dimensions. (a) Forces F,, F,, and F; act through the
same point. (b) The forces are resolved into components along x, y, and z axes. (c) Addition of the components
yields the components of the resultant force, which, in turn, are added to obtain the resultant.
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3.3 MOMENTS OF FORCES

A force acting on a body may have a tendency to rotate it. The measure of this tendency is
the moment of the force about the axis of rotation. The moment of a force about a specific
point equals the product of the magnitude of
the force and the normal distance between
the point and the line of action of the force.

y Moment is a vector.
Suppose a force F acts at a point A on a
rigid body (Fig. 3.5). For an axis through an
arbitrary point O and parallel to the z axis,

z

o dy the magnitude of the moment M of F about
dx A A this axis is the product of the magnitude F
. "5‘ 7} and the normal distance, or moment arm, d.
| /e The distance d between point O and the line
| Fo/ ] )72 of action of F can often be difficult to cal-
| 7 culate. Computations may be simplified,
: F however, with the use of Varignon’s theo-
! rem, which states that the moment of the re-

i sultant of any force system about any axis

FIGURE 3.5 Moment of force F about an axis cquals the algebraic sum of the moments of
through point O equals the sum of the moments of the components of the force system about the
the components of the force about the axis. same axis. For the case shown the magnitude
of the moment M may then be calculated as

M =Fd, + Fd, (3.6)

where F, = component of F parallel to the x axis
F, = component of F parallel to the y axis
d, = distance of F, from axis through O
d, = distance of F from axis through O

Because the component F is parallel to the axis through O, it has no tendency to rotate the
body about this axis and hence does not produce any additional moment.

In general, any force system can be replaced by a single force and a moment. In some
cases, the resultant may only be a moment, while for the special case of all forces being
concurrent, the resultant will only be a force.

For example, the force system shown in Figure 3.6a can be resolved into the equivalent
force and moment system shown in Fig. 3.6b. The force F would have components F, and
F, as follows:

F.=F,+F,, (3.7a)
F,=F, 6 —F, (3.7b)
The magnitude of the resultant force F can then be determined from
=VEZ+F? (3.8)
With Varignon’s theorem, the magnitude of moment M may then be calculated from
M=-F.d,— F,d,, + F d, —F,d, (3.9)

with d, and d, defined as the moment arms in Fig. 3.6c. Note that the direction of the
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FIGURE 3.6 Resolution of concurrent forces. (a) Noncurrent forces F, and F, resolved into
force components parallel to x and y axes. (b) The forces are resolved into a moment M and a
force F. (¢) M is determined by adding moments of the force components. (d) The forces are
resolved into a couple comprising F and a moment arm d.

moment would be determined by the sign of Eq. (3.9); with a right-hand convention, positive
would be a counterclockwise and negative a clockwise rotation.

This force and moment could further be used to compute the line of action of the resultant
of the forces F, and F, (Fig. 3.6d). The moment arm d could be calculated as

d=— (3.10)

It should be noted that the four force systems shown in Fig. 3.6 are equivalent.

3.4 EQUATIONS OF EQUILIBRIUM

When a body is in static equilibrium, no translation or rotation occurs in any direction
(neglecting cases of constant velocity). Since there is no translation, the sum of the forces
acting on the body must be zero. Since there is no rotation, the sum of the moments about
any point must be zero.

In a two-dimensional space, these conditions can be written:
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SF. =0 (3.11a)
2F, =0 (3.11b)
M =0 (3.11¢)

where 2F, and XF are the sum of the components of the forces in the direction of the
perpendicular axes x and y, respectively, and =M is the sum of the moments of all forces
about any point in the plane of the forces.

Figure 3.7a shows a truss that is in equilibrium under a 20-kip (20,000-1b) load. By Eq.
(3.11), the sum of the reactions, or forces R, and R, needed to support the truss, is 20 kips.
(The process of determining these reactions is presented in Art. 3.29.) The sum of the
moments of all external forces about any point is zero. For instance, the moment of the
forces about the right support reaction Ry is

2M = (30 X 20) — (40 x 15) = 600 — 600 = 0

(Since only vertical forces are involved, the equilibrium equation for horizontal forces does
not apply.)

A free-body diagram of a portion of the truss to the left of section AA is shown in Fig.
3.7b). The internal forces in the truss members cut by the section must balance the external
force and reaction on that part of the truss; i.e., all forces acting on the free body must
satisfy the three equations of equilibrium [Eq. (3.11)].

For three-dimensional structures, the equations of equilibrium may be written

2F. =0 2F, =0 2F. =0 (3.12a)
M, =0 M, =0 2M, =0 (3.12b)

The three force equations [Egs. (3.12a)] state that for a body in equilibrium there is no
resultant force producing a translation in any of the three principal directions. The three
moment equations [Eqs. (3.12b)] state that for a body in equilibrium there is no resultant
moment producing rotation about any axes parallel to any of the three coordinate axes.

Furthermore, in statics, a structure is usually considered rigid or nondeformable, since
the forces acting on it cause very small deformations. It is assumed that no appreciable
changes in dimensions occur because of applied loading. For some structures, however, such
changes in dimensions may not be negligible. In these cases, the equations of equilibrium
should be defined according to the deformed geometry of the structure (Art. 3.46).

k k
20 20
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(@) (b)

FIGURE 3.7 Forces acting on a truss. (a) Reactions R, and R, maintain equilibrium of the truss
under 20-kip load. (b) Forces acting on truss members cut by section A—A maintain equilibrium.
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(J. L. Meriam and L. G. Kraige, Mechanics, Part 1. Statics, John Wiley & Sons, Inc.,
New York; F. P. Beer and E. R. Johnston, Vector Mechanics for Engineers—Statics and
Dynamics, McGraw-Hill, Inc., New York.)

3.5 FRICTIONAL FORCES

Suppose a body A transmits a force F,; onto a body B through a contact surface assumed
to be flat (Fig. 3.8a). For the system to be in equilibrium, body B must react by applying
an equal and opposite force F,, on body A. Fy, may be resolved into a normal force N
and a force F parallel to the plane of contact (Fig. 3.8b). The direction of F, is drawn to
resist motion.

The force F; is called a frictional force. When there is no lubrication, the resistance to
sliding is referred to as dry friction. The primary cause of dry friction is the microscopic
roughness of the surfaces.

For a system including frictional forces to remain static (sliding not to occur), F, cannot
exceed a limiting value that depends partly on the normal force transmitted across the surface
of contact. Because this limiting value also depends on the nature of the contact surfaces, it
must be determined experimentally. For example, the limiting value is increased considerably
if the contact surfaces are rough.

The limiting value of a frictional force for a body at rest is larger than the frictional force
when sliding is in progress. The frictional force between two bodies that are motionless is
called static friction, and the frictional force between two sliding surfaces is called sliding
or Kinetic friction.

Experiments indicate that the limiting force for dry friction F
normal force N:

is proportional to the

u

F, = uN (3.13a)

where p, is the coefficient of static friction. For sliding not to occur, the frictional force F,
must be less than or equal to F,. If F, exceeds this value, sliding will occur. In this case,
the resulting frictional force is

F, = uN (3.13b)

where w, is the coefficient of kinetic friction.
Consider a block of negligible weight resting on a horizontal plane and subjected to a
force P (Fig. 3.9a). From Eq. (3.1), the magnitudes of the components of P are

(@ (b)

FIGURE 3.8 (a) Force F,, tends to slide body A along the surface of body B. (b)
Friction force F; opposes motion.
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FIGURE 3.9 (a) Force P acting at an angle « tends to slide block A against friction
with plane B. (b) When motion begins, the angle ¢ between the resultant R and the
normal force N is the angle of static friction.

P. = Psina (3.14a)
P, = P cos a (3.14b)

For the block to be in equilibrium, 2F, = F; — P, = 0 and 2F, = N — P, = 0. Hence,

P =T, (3.15a)
P,=N (3.15b)
For sliding not to occur, the following inequality must be satisfied:

F, = uN (3.16)

Substitution of Egs. (3.15) into Eq. (3.16) yields

P = p,P, 3.17)
Substitution of Egs. (3.14) into Eq. (3.17) gives
P sin a = p P cos a
which simplifies to
tan o = pu, (3.18)

This indicates that the block will just begin to slide if the angle « is gradually increased to
the angle of static friction ¢, where tan ¢ = u, or ¢ = tan™' pu,.

For the free-body diagram of the two-dimensional system shown in Fig. 3.9b, the resultant
force R, of forces F, and N defines the bounds of a plane sector with angle 2¢. For motion
not to occur, the resultant force R of forces F, and N (Fig. 3.9a) must reside within this
plane sector. In three-dimensional systems, no motion occurs when R is located within a
cone of angle 2¢, called the cone of friction.

(F. P. Beer and E. R. Johnston, Vector Mechanics for Engineers—Statics and Dynamics,
McGraw-Hill, Inc., New York.)
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STRUCTURAL MECHANICS—DYNAMICS

Dynamics is that branch of mechanics which deals with bodies in motion. Dynamics is
further divided into kinematics, the study of motion without regard to the forces causing
the motion, and Kinetics, the study of the relationship between forces and resulting motions.

3.6 KINEMATICS

Kinematics relates displacement, velocity, acceleration, and time. Most engineering problems
in kinematics can be solved by assuming that the moving body is rigid and the motions
occur in one plane.

Plane motion of a rigid body may be divided into four categories: rectilinear translation,
in which all points of the rigid body move in straight lines; curvilinear translation, in
which all points of the body move on congruent curves; rotation, in which all particles
move in a circular path; and plane motion, a combination of translation and rotation in a
plane.

Rectilinear translation is often of particular interest to designers. Let an arbitrary point P
displace a distance As to P’ during time interval Az. The average velocity of the point during
this interval is As/Az. The instantaneous velocity is obtained by letting At approach zero:

As ds
= lim — = — .1
v J_nf, At dt (3.19)

Let Av be the difference between the instantaneous velocities at points P and P’ during the
time interval Ar. The average acceleration is Av/At. The instantaneous acceleration is

Av  dv  d%
=lim—=—=— 3.20
CTINAN @ ar (3:20)
Suppose, for example, that the motion of a particle is described by the time-dependent
displacement function s(t) = t* — 2¢> + 1. By Eq. (3.19), the velocity of the particle would
be

_ds

=—=4r -4
dt

v

By Eq. (3.20), the acceleration of the particle would be

_dv  d’s )
a_dt_dt2_12t 4

With the same relationships, the displacement function s(f) could be determined from a
given acceleration function a(#). This can be done by integrating the acceleration function
twice with respect to time ¢. The first integration would yield the velocity function v(f) =
Ja(?) dt, and the second would yield the displacement function s(f) = [fa(¢) dt dt.

These concepts can be extended to incorporate the relative motion of two points A and
B in a plane. In general, the displacement s, of A equals the vector sum of the displacement
of s, of B and the displacement s,, of A relative to B:
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S, = Sp t Sup 3.21)
Differentiation of Eq. (3.21) with respect to time gives the velocity relation
U, = Up + Uy (3.22)
The acceleration of A is related to that of B by the vector sum
a, =a,+a,, (3.23)
These equations hold for any two points in a plane. They need not be points on a rigid body.
(J. L. Meriam and L. G. Kraige, Mechanics, Part II: Dynamics, John Wiley & Son, Inc.,

New York; F. P. Beer and E. R. Johnston, Vector Mechanics for Engineers—Statics and
Dynamics, McGraw-Hill, Inc., New York.)

3.7 KINETICS

Kinetics is that part of dynamics that includes the relationship between forces and any
resulting motion.
Newton’s second law relates force and acceleration by

F = ma (3.24)

where the force F and the acceleration a are vectors having the same direction, and the mass
m is a scalar.

The acceleration, for example, of a particle of mass m subject to the action of concurrent
forces, F|, F,, and F;, can be determined from Eq. (3.24) by resolving each of the forces
into three mutually perpendicular directions x, y, and z. The sums of the components in each
direction are given by

SF. = F, + F, + F,, (3.25a)
SF, = F,, + F,, + F, (3.25b)
SF. = F, + F,. + F5, (3.25¢)

The magnitude of the resultant of the three concurrent forces is

SF = VEF) + 3F,)? + GF) (3.26)
The acceleration of the particle is related to the force resultant by
>F = ma (3.27)

The acceleration can then be determined from
a=— (3.28)

In a similar manner, the magnitudes of the components of the acceleration vector a are
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_d*x ZF,

a, = a2 m (3.29a)
d*>y 3F
ay = W = Wy (329b)
d’z 3F,
% (3.29¢)
Transformation of Eq. (3.27) into the form
SF —ma=0 (3.30)

provides a condition in dynamics that often can be treated as an instantaneous condition in
statics; i.e., if a mass is suddenly accelerated in one direction by a force or a system of
forces, an inertia force ma will be developed in the opposite direction so that the mass
remains in a condition of dynamic equilibrium. This concept is known as d’Alembert’s
principle.

The principle of motion for a single particle can be extended to any number of particles
in a system:

3F. = Zma;, = ma, (3.31a)
3F, = Im,a, = ma, (3.31b)
SF, = Sm;a;, = ma, (3.31¢)

where, for example, =F, = algebraic sum of all x-component forces acting on the system
of particles

=m;a,, = algebraic sum of the products of the mass of each particle and
the x component of its acceleration
m = total mass of the system
a, = acceleration of the center of the mass of the particles in the x

direction

Extension of these relationships permits calculation of the location of the center of mass
(centroid for a homogeneous body) of an object:

5 = 2 (3.320)
m

_ >m;y,

y = (3.32D)

7 = 2% (3.32¢)
m

where X, y, 7 = coordinates of center of mass of the system
m = total mass of the system
Zm;x; = algebraic sum of the products of the mass of each particle and its x coor-
dinate
Zm,y, = algebraic sum of the products of the mass of each particle and its y coor-
dinate

>m,z; = algebraic sum of the products of the mass of each particle and its z coor-
dinate



GENERAL STRUCTURAL THEORY 3.13

Concepts of impulse and momentum are useful in solving problems where forces are
expressed as a function of time. These problems include both the kinematics and the kinetics
parts of dynamics.

By Egs. (3.29), the equations of motion of a particle with mass m are

dv,

SF = =m—= .
« = ma,=m-— (3.33a)
dv,
3F, = ma, = m o (3.33b)
dv,
SF. = =m—= .
z ma, m dt (3 33C)

Since m for a single particle is constant, these equations also can be written as

SF dt = dimv,) (3.34a)
2F, dt = d(mv,) (3.34b)
2F. dt = d(imv,) (3.34¢)

The product of mass and linear velocity is called linear momentum. The product of force
and time is called linear impulse.

Equations (3.34) are an alternate way of stating Newton’s second law. The action of ZF ,
2F,, and 2F, during a finite interval of time ¢ can be found by integrating both sides of Egs.

(3.34):
f SF, dt = mQ), — mQ,), (3.35a)
f 2F, dt = m(v,), — m(,), (3.35b)
J SF, dt = m(v,), — m(,), (3.35¢)

That is, the sum of the impulses on a body equals its change in momentum.

(J. L. Meriam and L. G. Kraige, Mechanics, Part II: Dynamics, John Wiley & Sons, Inc.,
New York; F. P. Beer and E. R. Johnston, Vector Mechanics for Engineers—Statics and
Dynamics, McGraw-Hill, Inc., New York.)

MECHANICS OF MATERIALS

Mechanics of materials, or strength of materials, incorporates the strength and stiffness
properties of a material into the static and dynamic behavior of a structure.

3.8 STRESS-STRAIN DIAGRAMS

Suppose that a homogeneous steel bar with a constant cross-sectional area A is subjected to
tension under axial load P (Fig. 3.10a). A gage length L is selected away from the ends of
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3

‘ P=fA
(b)
(a)
FIGURE 3.10 Elongations of test specimen (a) are
measured from gage length L and plotted in (b) against
load.

the bar, to avoid disturbances by the end attachments that apply the load. The load P is
increased in increments, and the corresponding elongation & of the original gage length is
measured. Figure 3.10b shows the plot of a typical load-deformation relationship resulting
from this type of test.

Assuming that the load is applied concentrically, the strain at any point along the gage
length will be ¢ = 6/L, and the stress at any point in the cross section of the bar will be f
= P/A. Under these conditions, it is convenient to plot the relation between stress and strain.
Figure 3.11 shows the resulting plot of a typical stress-stain relationship resulting from this
test.

3.9 COMPONENTS OF STRESS AND STRAIN

Suppose that a plane cut is made through a solid in equilibrium under the action of some
forces (Fig. 3.12a). The distribution of force on the area A in the plane may be represented
by an equivalent resultant force R, through point O (also in the plane) and a couple pro-
ducing moment M, (Fig. 3.12b).

Three mutually perpendicular axes x, y, and z at point O are chosen such that axis x is
normal to the plane and y and z are in the plane. R, can be resolved into components R,
R,, and R, and M, can be resolved into M,, M,, and M. (Fig. 3.12¢). Component R, is
called normal force. R, and R_ are called shearing forces. Over area A, these forces produce
an average normal stress R, /A and average shear stresses R /A and R_/A, respectively. If
the area of interest is shrunk to an infinitesimally small area around point O, then the average
stresses would approach limits, called stress components, f,, v,,, and v,., at point O. Thus,
as indicated in Fig. 3.12d, '

R
= lim | =~ 3.36
f. = lim < A) (3360
=1 R, 3.36b
ny - Al_rg A ( . )
R
=1l —= 3.36
Uy Alfé < A) (3.360)

Because the moment M, and its corresponding components are all taken about point O, they
are not producing any additional stress at this point.
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FIGURE 3.11 (a) Stress-strain diagram for A36 steel. (b) Portion of that diagram in the
yielding range.

If another plane is cut through O that is normal to the y axis, the area surrounding O in
this plane will be subjected to a different resultant force and moment through O. If the area
is made to approach zero, the stress components f|, v, and v,, are obtained. Similarly, if a
third plane cut is made through O, normal to the z direction, the stress components are f,
U Usye

The normal-stress component is denoted by f and a single subscript, which indicates the
direction of the axis normal to the plane. The shear-stress component is denoted by v and
two subscripts. The first subscript indicates the direction of the normal to the plane, and the
second subscript indicates the direction of the axis to which the component is parallel.

The state of stress at a point O is shown in Fig. 3.13 on a rectangular parallelepiped with
length of sides Ax, Ay, and Ax. The parallelepiped is taken so small that the stresses can be

X
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(a)

s |im
AsQ

»|.2

(d)

[4p)

FIGURE 3.12 Stresses at a point in a body due to external loads. (a) Forces acting on the
body. (b) Forces acting on a portion of the body. (c¢) Resolution of forces and moments about
coordinate axes through point O. (d) Stresses at point O.

considered uniform and equal on parallel faces. The stress at the point can be expressed by
the nine components shown. Some of these components, however, are related by equilibrium

conditions:

v

yx vz

v, = U,

U, = U, (3.37)

Therefore, the actual state of stress has only six independent components.

Ay

Az

VyzA/ Vi

Vax

Ax

Vxz

FIGURE 3.13 Components of stress at a point.
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A component of strain corresponds to each component of stress. Normal strains ,, &,
and e_ are the changes in unit length in the x, y, and z directions, respectively, when the
deformations are small (for example, €, is shown in Fig. 3.14a). Shear strains v,,, v,,, and
v., are the decreases in the right angle between lines in the body at O parallel to the x and
¥, z and y, and z and x axes, respectively (for example, v,, is shown in Fig. 3.14b). Thus,
similar to a state of stress, a state of strain has nine components, of which six are indepen-
dent.

3.10 STRESS-STRAIN RELATIONSHIPS

Structural steels display linearly elastic properties when the load does not exceed a certain
limit. Steels also are isotropic; i.e., the elastic properties are the same in all directions. The
material also may be assumed homogeneous, so the smallest element of a steel member
possesses the same physical property as the member. It is because of these properties that
there is a linear relationship between components of stress and strain. Established experi-
mentally (see Art. 3.8), this relationship is known as Hooke’s law. For example, in a bar
subjected to axial load, the normal strain in the axial direction is proportional to the normal
stress in that direction, or

£ == (3.38)

where E is the modulus of elasticity, or Young’s modulus.

If a steel bar is stretched, the width of the bar will be reduced to account for the increase
in length (Fig. 3.14a). Thus the normal strain in the x direction is accompanied by lateral
strains of opposite sign. If €, is a tensile strain, for example, the lateral strains in the y and
z directions are contractions. These strains are related to the normal strain and, in turn, to
the normal stress by

fX
&= T v = —v g (3.39a)
B o f
g, = —ve, = —v T (3.39h)

where v is a constant called Poisson’s ratio.
If an element is subjected to the action of simultaneous normal stresses f,, f,, and f,
uniformly distributed over its sides, the corresponding strains in the three directions are

r_
I
|
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1
|
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1
1
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!
1
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1
1
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Ax + €, Ax Lx
T 13
(a) (b)

FIGURE 3.14 (a) Normal deformation. (b) Shear deformation.
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& = é f. — v (f, + f)I (3.40a)
1

& = gl = v+ 1l (3.40b)

b= 1= v+ 1) (3400

= e = Vo = = (3.41)

where the constant G is the shear modulus of elasticity, or modulus of rigidity. For an
isotropic material such as steel, G is directly proportional to E:

E

C=20+0

(3.42)

The analysis of many structures is simplified if the stresses are parallel to one plane. In
some cases, such as a thin plate subject to forces along its edges that are parallel to its plane
and uniformly distributed over its thickness, the stress distribution occurs all in one plane.
In this case of plane stress, one normal stress, say f., is zero, and corresponding shear
stresses are zero: v, = O and v_, = 0.

In a similar manner, if all deformations or strains occur within a plane, this is a condition
of plane strain. For example, &, = 0, y,, = 0, and y,, = 0.

3.11 PRINCIPAL STRESSES AND MAXIMUM SHEAR STRESS

When stress components relative to a defined set of axes are given at any point in a condition
of plane stress or plane strain (see Art. 3.10), this state of stress may be expressed with
respect to a different set of axes that lie in the same plane. For example, the state of stress
at point O in Fig. 3.15a may be expressed in terms of either the x and y axes with stress
components, f,, f,, and v, or the x" and y" axes with stress components f,, f,, and v,
(Fig. 3.15b). If stress components f,, f,, and v, are given and the two orthogonal coordinate
systems differ by an angle « with respect to the original x axis, the stress components f .,
f,» and v, can be determined by statics. The transformation equations for stress are

fo="(f, + f) + Y(f, — f,) cos 2a + v, sin 2« (3.43a)
fy = "%(f, + f) — Y(f, — f,) cos 2a — v,, sin 2« (3.43b)
vey = —Y2(f, — f,) sin 2a + v, cos 2a (3.43¢)

From these equations, an angle , can be chosen to make the shear stress v,.,. equal zero.
From Eq. (3.43¢), with v, = 0,

tan 2a, = — (3.44)
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(a) (b)

FIGURE 3.15 (a) Stresses at point O on planes perpendicular to x and y axes. (b) Stresses
relative to rotated axes.

This equation indicates that two perpendicular directions, «, and «, + (7/2), may be found
for which the shear stress is zero. These are called principal directions. On the plane for
which the shear stress is zero, one of the normal stresses is the maximum stress f, and the
other is the minimum stress f, for all possible states of stress at that point. Hence the normal
stresses on the planes in these directions are called the principal stresses. The magnitude
of the principal stresses may be determined from

S R [l M N
fet s ( : >+u1y (3.45)

where the algebraically larger principal stress is given by f, and the minimum principal
stress is given by f,.

Suppose that the x and y directions are taken as the principal directions, that is, v,, = 0.
Then Eqgs. (3.43) may be simplified to

fe = 1/2(}[1 + f) + l/z(fl — f») cos 2a (3.46a)
Iy ="Yfi + f) — Ya(f, — f,) cos 2a (3.46D)
Uy = —Y2(f) — f>) sin 2e (3.46¢)

By Eq. (3.46¢), the maximum shear stress occurs when sin 2« = 7/2, i.e., when a =
45°. Hence the maximum shear stress occurs on each of two planes that bisect the angles
between the planes on which the principal stresses act. The magnitude of the maximum shear
stress equals one-half the algebraic difference of the principal stresses:

Umax = 71/2(f1 - fz) (347)

If on any two perpendicular planes through a point only shear stresses act, the state of
stress at this point is called pure shear. In this case, the principal directions bisect the angles
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between the planes on which these shear stresses occur. The principal stresses are equal in
magnitude to the unit shear stress in each plane on which only shears act.

3.12 MOHR’S CIRCLE

Equations (3.46) for stresses at a point O can be represented conveniently by Mohr’s circle
(Fig. 3.16). Normal stress f is taken as the abscissa, and shear stress v is taken as the ordinate.
The center of the circle is located on the f axis at (f, + f,)/2, where f, and f, are the
maximum and minimum principal stresses at the point, respectively. The circle has a radius
of (f, — f,)/2. For each plane passing through the point O there are two diametrically
opposite points on Mohr’s circle that correspond to the normal and shear stresses on the
plane. Thus Mohr’s circle can be used conveniently to find the normal and shear stresses on
a plane when the magnitude and direction of the principal stresses at a point are known.
Use of Mohr’s circle requires the principal stresses f, and f, to be marked off on the
abscissa (points A and B in Fig. 3.16, respectively). Tensile stresses are plotted to the right
of the v axis and compressive stresses to the left. (In Fig. 3.16, the principal stresses are
indicated as tensile stresses.) A circle is then constructed that has radius (f; + f,)/2 and
passes through A and B. The normal and shear stresses f,, f,, and v, on a plane at an angle
a with the principal directions are the coordinates of points C and D on the intersection of
&

o T AR

fi+ 1,

Vyy
= Vyx

2a A

A4

FIGURE 3.16 Mohr circle for obtaining, from principal stresses at a point, shear and
normal stresses on any plane through the point.
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the circle and the diameter making an angle 2« with the abscissa. A counterclockwise angle
change « in the stress plane represents a counterclockwise angle change of 2a on Mohr’s
circle. The stresses f,, v,,, and f,, v, on two perpendicular planes are represented on Mohr’s
circle by points (f,, — v,,) and (f,, v,,), respectively. Note that a shear stress is defined as
positive when it tends to produce counter-clockwise rotation of the element.

Mohr’s circle also can be used to obtain the principal stresses when the normal stresses
on two perpendicular planes and the shearing stresses are known. Figure 3.17 shows con-
struction of Mohr’s circle from these conditions. Points C (f,, v,)) and D (f,, — v,) are
plotted and a circle is constructed with CD as a diameter. Based on this geometry, the
abscissas of points A and B that correspond to the principal stresses can be determined.

(I. S. Sokolnikoff, Mathematical Theory of Elasticity; S. P. Timoshenko and J. N. Goodier,
Theory of Elasticity; and Chi-Teh Wang, Applied Elasticity; and F. P. Beer and E. R. John-
ston, Mechanics of Materials, McGraw-Hill, Inc., New York; A. C. Ugural and S. K. Fenster,
Advanced Strength and Applied Elasticity, Elsevier Science Publishing, New York.)

BASIC BEHAVIOR OF STRUCTURAL COMPONENTS

The combination of the concepts for statics (Arts 3.2 to 3.5) with those of mechanics of
materials (Arts. 3.8 to 3.12) provides the essentials for predicting the basic behavior of
members in a structural system.

Structural members often behave in a complicated and uncertain way. To analyze the
behavior of these members, i.e., to determine the relationships between the external loads
and the resulting internal stresses and deformations, certain idealizations are necessary.
Through this approach, structural members are converted to such a form that an analysis of
their behavior in service becomes readily possible. These idealizations include mathematical
models that represent the type of structural members being assumed and the structural support
conditions (Fig. 3.18).

3.13 TYPES OF STRUCTURAL MEMBERS AND SUPPORTS

Structural members are usually classified according to the principal stresses induced by loads
that the members are intended to support. Axial-force members (ties or struts) are those
subjected to only tension or compression. A column is a member that may buckle under
compressive loads due to its slenderness. Torsion members, or shafts, are those subjected
to twisting moment, or torque. A beam supports loads that produce bending moments. A
beam-column is a member in which both bending moment and compression are present.

In practice, it may not be possible to erect truly axially loaded members. Even if it were
possible to apply the load at the centroid of a section, slight irregularities of the member
may introduce some bending. For analysis purposes, however, these bending moments may
often be ignored, and the member may be idealized as axially loaded.

There are three types of ideal supports (Fig. 3.19). In most practical situations, the support
conditions of structures may be described by one of these three. Figure 3.19a represents a
support at which horizontal movement and rotation are unrestricted, but vertical movement
is restrained. This type of support is usually shown by rollers. Figure 3.19b represents a
hinged, or pinned support, at which vertical and horizontal movements are prevented, while
only rotation is permitted. Figure 3.19¢ indicates a fixed support, at which no translation
or rotation is possible.
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Vxy

Vyx = Vxy
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FIGURE 3.17 Mohr circle for determining principal stresses at a point.

3.14 AXIAL-FORCE MEMBERS

In an axial-force member, the stresses and strains are uniformly distributed over the cross
section. Typically examples of this type of member are shown in Fig. 3.20.

Since the stress is constant across the section, the equation of equilibrium may be written
as

P = Af (3.48)

where P = axial load
f = tensile, compressive, or bearing stress
A = cross-sectional area of the member

Similarly, if the strain is constant across the section, the strain & corresponding to an axial
tensile or compressive load is given by

A
£=7 (3.49)
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FIGURE 3.18 Idealization of (a) joist-and-girder framing by (b) concen-
trated loads on a simple beam.

where L = length of member
A = change in length of member

Assuming that the material is an isotropic linear elastic medium (see Art. 3.9), Egs. (3.48)
and (3.49) are related according to Hooke’s law € = f/FE, where E is the modulus of elasticity
of the material. The change in length A of a member subjected to an axial load P can then
be expressed by

_PL

A= B (3.50)

Equation (3.50) relates the load applied at the ends of a member to the displacement of
one end of the member relative to the other end. The factor L/AE represents the flexibility
of the member. It gives the displacement due to a unit load.

Solving Eq. (3.50) for P yields

AE
P=—A Sl
2 (3.51)

The factor AE/L represents the stiffness of the member in resisting axial loads. It gives the
magnitude of an axial load needed to produce a unit displacement.

Equations (3.50) to (3.51) hold for both tension and compression members. However,
since compression members may buckle prematurely, these equations may apply only if the
member is relatively short (Arts. 3.46 and 3.49).

(@) (o) (©

FIGURE 3.19 Representation of types of ideal sup-
ports: (a) roller, (b) hinged support, (¢) fixed support.
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FIGURE 3.20 Stresses in axially loaded members:
(a) bar in tension, (b) tensile stresses in bar, (c¢) strut
in compression, (d) compressive stresses in strut.

3.15 MEMBERS SUBJECTED TO TORSION

Forces or moments that tend to twist a member are called torisonal loads. In shafts, the
stresses and corresponding strains induced by these loads depend on both the shape and size
of the cross section.

Suppose that a circular shaft is fixed at one end and a twisting couple, or torque, is
applied at the other end (Fig. 3.21a). When the angle of twist is small, the circular cross
section remains circular during twist. Also, the distance between any two sections remains
the same, indicating that there is no longitudinal stress along the length of the member.

Figure 3.21b shows a cylindrical section with length dx isolated from the shaft. The lower
cross section has rotated with respect to its top section through an angle d6, where 6 is the

By
In ) l' \ dx
1 Y S A RN F-
ALl \A
X dx 2], 2/ B,
de
(a)

< \ \
}b

(c)

FIGURE 3.21 (a) Circular shaft in torsion. (b) Deformation of a portion of the shaft. (c) Shear
in shaft.
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total rotation of the shaft with respect to the fixed end. With no stress normal to the cross

section, the section is in a state of pure shear (Art. 3.9). The shear stresses act normal to

the radii of the section. The magnitude of the shear strain vy at a given radius r is given by
do _ r

AA,
= =2 52
AA, T T L (3.52)

Y

where L
do/dx

= total length of the shaft

= 6/L = angle of twist per unit length of shaft

Incorporation of Hooke’s law (v = Gvy) into Eq. (3.52) gives the shear stress at a given
radius r:

_Gro

T

(3.53)

where G is the shear modulus of elasticity. This equation indicates that the shear stress in a
circular shaft varies directly with distance r from the axis of the shaft (Fig. 3.21¢). The
maximum shear stress occurs at the surface of the shaft.

From conditions of equilibrium, the twisting moment 7 and the shear stress v are related
by

rT
v = 7 (3.54)

where J = [r? dA = @r*/2 = polar moment of inertia
dA = differential area of the circular section

By Eqgs. (3.53) and (3.54), the applied torque T is related to the relative rotation of one
end of the member to the other end by

GJ
T="70 (3.55)

The factor GJ/L represents the stiffness of the member in resisting twisting loads. It gives
the magnitude of a torque needed to produce a unit rotation.

Noncircular shafts behave differently under torsion from the way circular shafts do. In
noncircular shafts, cross sections do not remain plane, and radial lines through the centroid
do not remain straight. Hence the direction of the shear stress is not normal to the radius,
and the distribution of shear stress is not linear. If the end sections of the shaft are free to
warp, however, Eq. (3.55) may be applied generally when relating an applied torque T to
the corresponding member deformation 6. Table 3.1 lists values of J and maximum shear
stress for various types of sections.

(Torsional Analysis of Steel Members, American Institute of Steel Construction; F. Arbabi,
Structural Analysis and Behavior, McGraw-Hill, Inc., New York.)

3.16 BENDING STRESSES AND STRAINS IN BEAMS

Beams are structural members subjected to lateral forces that cause bending. There are dis-
tinct relationships between the load on a beam, the resulting internal forces and moments,
and the corresponding deformations.

Consider the uniformly loaded beam with a symmetrical cross section in Fig. 3.22. Sub-
jected to bending, the beam carries this load to the two supporting ends, one of which is
hinged and the other of which is on rollers. Experiments have shown that strains developed
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TABLE 3.1 Torsional Constants and Shears

Polar moment of inertia J

Maximum shear* v

max

P

2T
| ikl
& 3 ar ar’
at periphery
_Tr
0.1414* 2084’

at midpoint of each side

k— b—>

—a—

1 b b4
3| - — - —

T(3a + 1.8b)
[l2b2

at midpoint of longer sides

0.0217a*

207

a3

at midpoint of each side

2r 2R

5 7T(R4 - r4)

2TR
w(R* — r%)

at outer periphery

*T = twisting moment, or torque.

along the depth of a cross section of the beam vary linearly; i.e., a plane section before
loading remains plane after loading. Based on this observation, the stresses at various points
in a beam may be calculated if the stress-strain diagram for the beam material is known.

From these stresses, the resulting internal forces at a cross section may be obtained.

Figure 3.23a shows the symmetrical cross section of the beam shown in Fig. 3.22. The
strain varies linearly along the beam depth (Fig. 3.23b). The strain at the top of the section
is compressive and decreases with depth, becoming zero at a certain distance below the top.
The plane where the strain is zero is called the neutral axis. Below the neutral axis, tensile
strains act, increasing in magnitude downward. With use of the stress-strain relationship of
the material (e.g., see Fig. 3.11), the cross-sectional stresses may be computed from the

strains (Fig. 3.23c¢).

4

FIGURE 3.22 Uniformly loaded, simply supported beam.
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If the entire beam is in equilibrium, then all its sections also must be in equilibrium. With
no external horizontal forces applied to the beam, the net internal horizontal forces any
section must sum to zero:

[ f(y)dA = J Ffb(y) dy =0 (3.56)

where dA = differential unit of cross-sectional area located at a distance y from the neutral
axis
b(y) = width of beam at distance y from the neutral axis
f(y) = normal stress at a distance y from the neutral axis
¢, = distance from neutral axis to beam bottom
¢, = distance from neutral axis to beam top

The moment M at this section due to internal forces may be computed from the stresses

f:
m =" gy ay (357

The moment M is usually considered positive when bending causes the bottom of the beam
to be in tension and the top in compression. To satisfy equilibrium requirements, M must
be equal in magnitude but opposite in direction to the moment at the section due to the
loading.

Bending in the Elastic Range

If the stress-strain diagram is linear, the stresses would be linearly distributed along the depth
of the beam corresponding to the linear distribution of strains:

fy) = ?y (3.58)

where f, = stress at top of beam
y = distance from the neutral axis

Substitution of Eq. (3.58) into Eq. (3.56) yields

g e
[, Zpr dy =2 | bi av = 0 (3.59)

Equation (3.59) provides a relationship that can be used to locate the neutral axis of the
section. For the section shown in Fig. 3.23, Eq. (3.59) indicates that the neutral axis coincides
with the centroidal axis.

Substitution of Eq. (3.58) into Eq. (3.57) gives

“f, fi !
M= f = b(y)y2 dy = f by dy = f, - (3.60)

where [<b(y)y* dy = I = moment of inertia of the cross section about the neutral axis. The
factor 1/c, is the section modulus S, for the top surface.

Substitution of f,/c, from Eq. (3.58) into Eq. (3.60) gives the relation between moment
and stress at any distance y from the neutral axis:
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I
M = ;f(y) (3.61a)
y
fy = M; (3.61b)
Hence, for the bottom of the beam,
I
M=f, - (3.62)

b

where I/c, is the section modulus S, for the bottom surface.
For a section symmetrical about the neutral axis,

=6 fr = fb St = SI) (363)

For example, a rectangular section with width » and depth d would have a moment of inertia
I = bd?*/12 and a section modulus for both compression and tension S = I/c = bd*/6.

Hence,
2
M = Sf = % f (3.64a)
M 6
f - M5 (3.64b)

The geometric properties of several common types of cross sections are given in Table
32

3.16.2 Bending in the Plastic Range

If a beam is heavily loaded, all the material at a cross section may reach the yield stress f,
[that is, f(y) = *f]. Although the strains would still vary linearly with depth (Fig. 3.24b),
the stress distribution would take the form shown in Fig. 3.24c¢. In this case, Eq. (3.57)
becomes the plastic moment:

M= 1, [y as + 1, [ bowy dy = 21, (3.65)
where [§b(y)y dy + f, [¢b(y)y dy = Z = plastic section modulus. For a rectangular section
(Fig. 3.24a),

h/2 —h/2 bh2
M, = bf, fo ydy + bf, L ydy = e fy (3.66)

Hence the plastic modulus Z equals bh?/4 for a rectangular section.

3.17 SHEAR STRESSES IN BEAMS

In addition to normal stresses (Art. 3.16), beams are subjected to shearing. Shear stresses
vary over the cross section of a beam. At every point in the section, there are both a vertical
and a horizontal shear stress, equal in magnitude [Eq. (3.37)].
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TABLE 3.2 Properties of Sections
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TABLE 3.2 Properties of Sections (Continued)
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FIGURE 3.24 For a rectangular beam (a) in the plastic range, strain distribution () is linear, while stress
distribution (c) is rectangular.

(c)

Qq
=
e
|
|
h
oN fy b2
~
<

N>



GENERAL STRUCTURAL THEORY 3.33

To determine these stresses, consider the portion of a beam with length dx between
vertical sections 1-1 and 2-2 (Fig. 3.25). At a horizontal section a distance y from the
neutral axis, the horizontal shear force AH(y) equals the difference between the normal forces
acting above the section on the two faces:

sy = [ ow as = [ 50w a (367

where f,(y) and f,(y) are the bending-stress distributions at sections 2-2 and 1-1, respec-
tively.
If the bending stresses vary linearly with depth, then, according to Eq. (3.61),

M,y

f(y) = 7 (3.68a)
My

() = - (3.68b)

where M, and M, are the internal bending moments at sections 2—-2 and 1-1, respectively,
and [ is the moment of inertia about the neutral axis of the beam cross section. Substitution
in Eq. (3.67) gives

M, — M, [
AH(y) = % £ yb(y) dy = @ am (3.69)
1 2
() -7 ‘ \f\ "
o) N

My

al .
N

dx

1 2
FIGURE 3.25 Shear stresses in a beam.
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where Q(y) = [$yb(y) dy = static moment about neutral axis of the area above the plane at
a distance y from the neutral axis
b(y) = width of beam
aM = M, — M,

Division of AH(y) by the area b(y) dx yields the shear stress at y:

_ AHG) _ 00) aM
Cb(y)dx  Ib(y) dx

v(y) (3.70)

Integration of v(y) over the cross section provides the total internal vertical shear force
V on the section:

v= [ v a 37

To satisfy equilibrium requirements, V must be equal in magnitude but opposite in direction
to the shear at the section due to the loading.
Substitution of Eq. 3.70 in Eq. 3.71 gives

aMm

aMm 1 (<
b dy = DL " o3y ay = (3.72)

cp Ib(y) dx

inasmuch as I = [2Q(y) dy. Equation (3.72) indicates that shear is the rate of change of
bending moment along the span of the beam.

Substitution of Eq. (3.72) into Eq. (3.70) yields an expression for calculating the shear
stress at any section depth:

VO(y)
v(y) = —— (3.73)
YT bGk)
According to Eq. (3.73), the maximum shear stress occurs at a depth y when the ratio
Q(y)/b(y) is maximum.
For rectangular cross sections, the maximum shear stress occurs at middepth and equals

3V 3V

U =3 bk 24

(3.74)

where / is the beam depth and A is the cross-sectional area.

3.18 SHEAR, MOMENT, AND DEFORMATION RELATIONSHIPS
IN BEAMS

The relationship between shear and moment identified in Eq. (3.72), that is, V = dM/dx,
indicates that the shear force at a section is the rate of change of the bending moment. A
similar relationship exists between the load on a beam and the shear at a section. Figure
3.26b shows the resulting internal forces and moments for the portion of beam dx shown in
Fig. 3.26a. Note that when the internal shear acts upward on the left of the section, the shear
is positive; and when the shear acts upward on the right of the section, it is negative. For
equilibrium of the vertical forces,

ZF,=V-(V+dV)+ wx)dx =0 (3.75)

Solving for w(x) gives



M M+ dM

X V+dv

dx

(b)
FIGURE 3.26 (a) Beam with distributed loading. (b) Internal forces and moments on a section of the beam.
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dv
W = (3.76)

This equation indicates that the rate of change in shear at any section equals the load per
unit length at that section. When concentrated loads act on a beam, Eqgs. (3.72) and (3.76)
apply to the region of the beam between the concentrated loads.

Beam Deflections. To this point, only relationships between the load on a beam and the
resulting internal forces and stresses have been established. To calculate the deflection at
various points along a beam, it is necessary to know the relationship between load and the
deformed curvature of the beam or between bending moment and this curvature.

When a beam is subjected to loads, it deflects. The deflected shape of the beam taken at
the neutral axis may be represented by an elastic curve 8(x). If the slope of the deflected
shape is such that d8/dx<<1, the radius of curvature R at a point x along the span is related
to the derivatives of the ordinates of the elastic curve &(x) by

1 d?s d (dd
E‘E‘E(&)“” G.77)

1/R is referred to as the curvature ¢ of a beam. It represents the rate of change of the slope
¢ = d&/dx of the neutral axis.

Consider the deformation of the dx portion of a beam shown in Fig. 3.26b. Before the
loads act, sections 1—1 and 2-2 are vertical (Fig. 3.27a). After the loads act, assuming plane
sections remain plane, this portion becomes trapezoidal. The top of the beam shortens an
amount ¢, dx and the beam bottom an amount ¢, dx, where ¢, is the compressive unit strain
at the beam top and ¢, is the tensile unit strain at the beam bottom. Each side rotates through
a small angle. Let the angle of rotation of section 1-1 be d6, and that of section 2-2, d#,
(Fig. 3.27b). Hence the angle between the two faces will be d6, + d6, = d6. Since d6, and
de, are small, the total shortening of the beam top between sections 1-1 and 2-2 is also
given by ¢, d6 = &, dx, from which d6/dx = ¢,/c,, where c, is the distance from the neutral
axis to the beam top. Similarly, the total lengthening of the beam bottom is given by ¢, d6
= g, dx, from which d6/dx = ¢,/c,, where c, is the distance from the neutral axis to the
beam bottom. By definition, the beam curvature is therefore given by

c,d8, c,d8,
! 2

(a)

FIGURE 3.27 (a) Portion of an unloaded beam. (b) Deformed portion after beam is
loaded.
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_d (d5) _d9_ & _ &
d)_dx <dx> Cdx ¢, ¢ (3.78)

When the stress-strain diagram for the material is linear, ¢, = f,/E and ¢, = f,/E, where
f, and f, are the unit stresses at top and bottom surfaces and E is the modulus of elasticity.
By Eq. (3.60), f, = M(x)c,/I(x) and f, = M(x)c,/I(x), where x is the distance along the beam
span where the section dx is located and M(x) is the moment at the section. Substitution for
g and f, or ¢, and f, in Eq. (3.78) gives

¢ (3.79)

T ax® dx\dx)  dx  EIXx)

_d*s d <d6) _do M©)

Equation (3.79) is of fundamental importance, for it relates the internal bending moment
along the beam to the curvature or second derivative of the elastic curve &(x), which rep-
resents the deflected shape. Equations (3.72) and (3.76) further relate the bending moment
M(x) and shear V(x) to an applied distributed load w(x). From these three equations, the
following relationships between load on the beam, the resulting internal forces and moments,
and the corresponding deformations can be shown:

8(x) = elastic curve representing the deflected shape (3.80a)
ds
I = 0(x) = slope of the deflected shape (3.80b)
d*8 M(x)
— =¢=——=-= f the defl h Iso th
I ¢ Elx) curvature of the deflected shape and also the

moment-curvature relationship (3.80¢)
d’6 _d | Mx)| V) . . .
3 dr [ EI(x)} = EI ) = shear-deflection relationship (3.80d)
6 _d | Vx| wkx . . .
o dr [ El(x)} = EI o = load-deflection relationship (3.80¢)

These relationships suggest that the shear force, bending moment, and beam slope and
deflection may be obtained by integrating the load distribution. For some simple cases this
approach can be used conveniently. However, it may be cumbersome when a large number
of concentrated loads act on a structure. Other methods are suggested in Arts. 3.32 to 3.39.

Shear, Moment, and Deflection Diagrams. Figures 3.28 to 3.49 show some special cases
in which shear, moment, and deformation distributions can be expressed in analytic form.
The figures also include diagrams indicating the variation of shear, moment, and deforma-
tions along the span. A diagram in which shear is plotted along the span is called a shear
diagram. Similarly, a diagram in which bending moment is plotted along the span is called
a bending-moment diagram.

Consider the simply supported beam subjected to a downward-acting, uniformly distrib-
uted load w (units of load per unit length) in Fig. 3.31a. The support reactions R, and R,
may be determined from equilibrium equations. Summing moments about the left end yields

_wL

L
SM=RL-wL7=0 R, =-

2

R, may then be found from equilibrium of vertical forces:
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FIGURE 3.29 Diagrams for moment applied at one
end of a simple beam.

SF,=R +R —-wL=0 R =—

With the origin taken at the left end of the span, the shear at any point can be obtained from
Eq. (3.80¢) by integration: V = [ —w dx = — wx + C,, where C, is a constant. When x =
0,V=R, =wL/2,and whenx = L, V = —R, = —wL/2. For these conditions to be satisfied,
C, = wL/2. Hence the equation for shear is V(x) = — wx + wL/2 (Fig. 3.31b).

The bending moment at any point is, by Eq. (3.80d), M(x) = [V dx = [(—wx + wL/2)
dx = — wx?/2 + wLx/2 + C,, where C, is a constant. In this case, when x = 0, M = 0.
Hence C, = 0, and the equation for bending moment is M(x) = Yaw (—x* + Lx), as shown
in Fig. 3.31¢. The maximum bending moment occurs at midspan, where x = L/2, and equals
wlL?/8.

From Eq. (3.80c¢), the slope of the deflected member at any point along the span is

_ [M® f w2
6(x)—f Fi dx = 2El(x +Lx)dx—2EI< 3+ > + G

where C; is a constant. When x = L/2, 6 = 0. Hence C; =
for slope is

—wL?/24FI, and the equation

- 3
0(x) = 24EI( 4x3 + 6Lx*> — L3)

(See Fig. 3.31d.)
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The deflected-shape curve at any point is, by Eq. (3.80b),

50 =

= —wx*/24El + wlLx?*/12El — wl?x/24EI + C,

J( 4x® + 6Lx* — L?) dx

where C, is a constant. In this case, when x = 0, § = 0. Hence C, = 0, and the equation
for deflected shape is

o(x) = TEI( x* 4+ 2Lx3 — L*x)

as shown in Fig. 3.31e. The maximum deflection occurs at midspan, where x = L/2, and
equals —5wL*/384EL
For concentrated loads, the equations for shear and bending moment are derived in the
region between the concentrated loads, where continuity of these diagrams exists. Consider
the simply supported beam subjected to a concentrated load at midspan (Fig. 3.28a). From
equilibrium equations, the reactions R, and R, equal P/2. With the origin taken at the left
end of the span, w(x) = 0 when x # L/2. Integration of Eq. (3.80¢) gives V(x) = C;, a
constant, for x = 0 to L/2, and V(x) = C,, another constant, for x = L/2 to L. Since V =
, =P/2atx=0,C, = P/2. Since V= —-R, = —P/2atx =L, C, = —P/2. Thus, for
0=x<L/2,V=P/2,and for L/2 < x =L, V= —P/2 (Fig. 3.28b). Similarly, equations
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for bending moment, slope, and deflection can be expressed from x = 0 to L/2 and again
for x = L/2 to L, as shown in Figs. 3.28¢, 3.28d, and 3.28e, respectively.

In practice, it is usually not convenient to derive equations for shear and bending-moment
diagrams for a particular loading. It is generally more convenient to use equations of equi-
librium to plot the shears, moments, and deflections at critical points along the span. For
example, the internal forces at the quarter span of the uniformly loaded beam in Fig. 3.31
may be determined from the free-body diagram in Fig. 3.50. From equilibrium conditions
for moments about the right end,

sw (Y (G0 o

3wlL?
Y (3.81b)
Also, the sum of the vertical forces must equal zero:
L L
EF\,=W7—WT—V=0 (3.82)
L
V= WT (3.82b)

Several important concepts are demonstrated in the preceding examples:
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FIGURE 3.50 Bending moment and shear at quarter point of a uniformly loaded simple
beam.

e The shear at a section is the algebraic sum of all forces on either side of the section.

The bending moment at a section is the algebraic sum of the moments about the section
of all forces and applied moments on either side of the section.

* A maximum bending moment occurs where the shear or slope of the bending-moment
diagram is zero.

* Bending moment is zero where the slope of the elastic curve is at maximum or minimum.

e Where there is no distributed load along a span, the shear diagram is a horizontal line.
(Shear is a constant, which may be zero.)

* The shear diagram changes sharply at the point of application of a concentrated load.

e The differences between the bending moments at two sections of a beam equals the area
under the shear diagram between the two sections.

* The difference between the shears at two sections of a beam equals the area under the
distributed load diagram between those sections.

3.19 SHEAR DEFLECTIONS IN BEAMS

Shear deformations in a beam add to the deflections due to bending discussed in Art. 3.18.
Deflections due to shear are generally small, but in some cases they should be taken into
account.

When a cantilever is subjected to load P

P (Fig. 3.51a), a portion dx of the span under-

dx . .
e goes a shear deformation (Fig. 3.51b). For
i J (a) an elastic material, the angle y equals the
' ratio of the shear stress v to the shear mod-

ulus of elasticity G. Assuming that the shear
on the element is distributed uniformly,

{b) which is an approximation, the deflection of
the beam d§, caused by the deformation of
the element is

N

v

Lo (c) ds = vdx =
s Y ax G

Vv
dx = A_G dx (3.83)

FIGURE 3.51 (a) Cantilever with a concentrated Figure 3.52c¢ shows the corresponding shear

load. (b) Shear deformation of a small portion of the deformation. The total shear deformation at
beam. (c¢) Shear deflection of the cantilever. : X .
the free end of a cantilever is
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Ly PL
6.: e o A_G dx = E (384)

The shear deflection given by Eq. (3.84) is usually small compared with the flexural
deflection for different materials and cross-sectional shapes. For example, the flexural de-
flection at the free end of a cantilever is 8, = PL?/3EI For a rectangular section made of
steel with G = 0.4E, the ratio of shear deﬂectlon to flexural deflection is
5, PLIAG 5 <h>2

s

8, PL*/3EI 8

3 (3.85)

where & = depth of the beam. Thus, for a beam of rectangular section when h/L = 0.1, the
shear deflection is less than 1% of the flexural deflection.

Shear deflections can be approximated for other types of beams in a similar way. For
example, the midspan shear deflection for a simply supported beam loaded with a concen-
trated load at the center is PL/4AG.

3.20 MEMBERS SUBJECTED TO COMBINED FORCES

Most of the relationships presented in Arts. 3.16 to 3.19 hold only for symmetrical cross
sections, e.g., rectangles, circles, and wide-flange beams, and only when the plane of the
loads lies in one of the axes of symmetry. There are several instances where this is not the
case, e.g., members subjected to axial load and bending and members subjected to torsional
loads and bending.

Combined Axial Load and Bending. For short, stocky members subjected to both axial
load and bending, stresses may be obtained by superposition if (1) the deflection due to
bending is small and (2) all stresses remain in the elastic range. For these cases, the total
stress normal to the section at a point equals the algebraic sum of the stress due to axial
load and the stress due to bending about each axis:

P M M
= + — —
f S S (3.86)
where P = axial load
A = cross-sectional area
M, = bending moment about the centroidal x axis
S = elastic section modulus about the centoidal x axis
M, = bending moment about the centroidal y axis
S, = elastic section modulus about the centroidal y axis

If bending is only about one axis, the maximum stress occurs at the point of maximum
moment. The two signs for the axial and bending stresses in Eq. (3.86) indicate that when
the stresses due to the axial load and bending are all in tension or all in compression, the
terms should be added. Otherwise, the signs should be obeyed when performing the arith-
metic. For convenience, compressive stresses can be taken as negative and tensile stresses
as positive.

Bending and axial stress are often caused by eccentrically applied axial loads. Figure
3.52 shows a column carrying a load P with eccentricity e, and e,. The stress in this case
may be found by incorporating the resulting moments M, = Pe, "and M, = Pe, into Eq.
(3.86).
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FIGURE 3.52 Eccentrically loaded column.
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If the deflection due to bending is large, M, and M, should include the additional moment
produced by second-order effects. Methods for incorporating these effects are presented in

Arts. 3.46 to 3.48.

3.21 UNSYMMETRICAL BENDING

When the plane of loads acting transversely on a beam does not contain any of the beam’s
axes of symmetry, the loads may tend to produce twisting as well as bending. Figure 3.53

FIGURE 3.53 Twisting of a channel.

shows a horizontal channel twisting even
though the vertical load H acts through the
centroid of the section.

The bending axis of a beam is the lon-
gitudinal line through which transverse loads
should pass to preclude twisting as the beam
bends. The shear center for any section of
the beam is the point in the section through
which the bending axis passes.

For sections having two axes of symme-
try, the shear center is also the centroid of
the section. If a section has an axis of sym-
metry, the shear center is located on that axis
but may not be at the centroid of the section.
Figure 3.54 shows a channel section in
which the horizontal axis is the axis of sym-

—— |

!
4

———| e [

FIGURE 3.54 Relative position of shear center O
and centroid C of a channel.
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metry. Point O represents the shear center. It lies on the horizontal axis but not at the centroid
C. A load at the section must pass through the shear center if twisting of the member is not
to occur. The location of the shear center relative to the center of the web can be obtained
from

b/2

“ T T F (A, A,

(3.87)

where b = width of flange overhang
A, = t;b = area of flange overhang
A, =t ,h = web area

(F. Bleich, Buckling Strength of Metal Structures, McGraw-Hill, Inc., New York.)

For a member with an unsymmetrical cross section subject to combined axial load and
biaxial bending, Eq. (3.86) must be modified to include the effects of unsymmetrical bending.
In this case, stress in the elastic range is given by

P M - MU M, — ML)

+ = x + 3.88
T2 —aumn, Y L am, Y (389
where A = cross-sectional area
M,, M, = bending moment about x—x and y-y axes
I, I, = moment of inertia about x—x and y—y axes
x, y = distance of stress point under consideration from y—y and x—x axes
I, = product of inertia

I, = Jxy dA (3.89)

Moments M, and M, may be caused by trans-
verse loads or eccentricities of axial loads.

An example of the latter case is shown in
Fig. 3.55. For an axial load P, M, = Pe, and
e, M, = Pe,, where e, and e, are eccentricities
with respect to the x—x and y—y axes, respec-
o tively.
) ¢ —m; ) To show an application of Eq. (3.88) to

y

an unsymmetrical section, stresses in the lin-
tel angle in Fig. 3.56 will be calculated for
M, = 200 in-kips, M, = 0, and P = 0. The
centroidal axes x—x and y—y are 2.6 and 1.1
in from the bottom and left side, respectively,
as shown in Fig. 3.56. The moments of in-

’ ertia are I, = 47.82 in* and I, = 11.23 in*.
FIGURE 3.55 Eccentric load P on an unsymmet-  The product of inertia can be calculated by
rical cross section. dividing the angle into two rectangular parts
and then applying Eq. (3.89):

Ixy = JxydA = Ax,y, + Ay x,y,
= 7(=0.6)(0.9) + 3(1.4)(=2.1) = —12.6 (3.90)
where A, and A, = cross-sectional areas of parts 1 and 2

x, and x, = horizontal distance from the angle’s centroid to the centroid of parts 1
and 2
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FIGURE 3.56 Steel lintel angle.

v, and y, = vertical distance from the angle’s centroid to the centroid of parts 1 and

Substitution in Eq. (3.88) gives
f = 6.64x + 5.93y

This equation indicates that the maximum stresses normal to the cross section occur at the
corners of the angle. A maximum compressive stress of 25.43 ksi occurs at the upper right
corner, where x = —0.1 and y = 4.4. A maximum tensile stress of 22.72 ksi occurs at the
lower left corner, where x = —1.1 and y = —2.6.

(I. H. Shames, Mechanics of Deformable Solids, Prentice-Hall, Inc., Englewood Cliffs,
N.J.; ER. Shanley, Strength of Materials, McGraw-Hill, Inc., New York.)

CONCEPTS OF WORK AND ENERGY

The concepts of work and energy are often useful in structural analysis. These concepts
provide a basis for some of the most important theorems of structural analysis.

3.22 WORK OF EXTERNAL FORCES

Whenever a force is displaced by a certain amount or a displacement is induced by a certain
force, work is generated. The increment of work done on a body by a force F during an
incremental displacement ds from its point of application is
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dW = F ds cos « 391

where « is the angle between F and ds (Fig.

F 3.57). Equation (3.91) implies that work is

the product of force and the component of

ds displacement in the line of action of the

a force, or the product of displacement and the

- component of force along the path of the dis-
A A .

placement. If the component of the displace-

FIGURE 3.57 Force performs work in direction of  ent is in the same direction as the force or

displacement. the component of the force acts in the same

direction as the path of displacement, the

work is positive; otherwise, the work is negative. When the line of action of the force is

perpendicular to the direction of displacement (« = 7/2), no work is done.
When the displacement is a finite quantity, the total work can be expressed as

W= [ Fcos ads (3.92)

Integration is carried out over the path the force travels, which may not be a straight line.

The work done by the weight of a body, which is the force, when it is moved in a vertical
direction is the product of the weight and vertical displacement. According to Eq. (3.91) and
with « the angle between the downward direction of gravity and the imposed displacement,
the weight does positive work when movement is down. It does negative work when move-
ment is up.

In a similar fashion, the rotation of a body by a moment M through an incremental angle
dO also generates work. The increment of work done in this case is

dW = M do (3.93)
The total work done during a finite angular displacement is

W=[Mdo (3.94)

3.23 VIRTUAL WORK AND STRAIN ENERGY

Consider a body of negligible dimensions subjected to a force F. Any displacement of the
body from its original position will create work. Suppose a small displacement 8s is assumed
but does not actually take place. This displacement is called a virtual displacement, and
the work 8W done by force F during the displacement &s is called virtual work. Virtual
work also is done when a virtual force 8F acts over a displacement s.

Virtual Work on a Particle. Consider a particle at location A that is in equilibrium under
the concurrent forces F,, F,, and F; (Fig. 3.58a). Hence equilibrium requires that the sum
of the components of the forces along the x axis by zero:

SF. = F, cos ay — F,cos a, + Fycos a =0 (3.95)

where «,, a,, a; = angle force makes with the x axis. If the particle is displaced a virtual
amount 8s along the x axis from A to A’ (Fig. 3.58b), then the total virtual work done by
the forces is the sum of the virtual work generated by displacing each of the forces F,, F,,
and F;. According to Eq. (3.91),
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(a) (b)

FIGURE 3.58 (a) Forces act on a particle A. (b) Forces perform virtual work over virtual dis-
placement §..

oW = F, cos a, s — F, cos a, s + F; cos o 85 (3.96)

Factoring &s from the right side of Eq. (3.96) and substituting the equilibrium relationship
provided in Eq. (3.95) gives

W = (F, cos a; — F, cos a, + F; cos a;) 6s = 0 (3.97)

Similarly, the virtual work is zero for the components along the y and z axes. In general,
Eq. (3.97) requires

W =0 (3.98)

That is, virtual work must be equal to zero for a single particle in equilibrium under a set
of forces.

In a rigid body, distances between particles remain constant, since no elongation or com-
pression takes place under the action of forces. The virtual work done on each particle of
the body when it is in equilibrium is zero. Hence the virtual work done by the entire rigid
body is zero.

In general, then, for a rigid body in equilibrium, 6W = 0.

Virtual Work on a Rigid Body. This principle of virtual work can be applied to idealized
systems consisting of rigid elements. As an example, Fig. 3.59 shows a horizontal lever,
which can be idealized as a rigid body. If a virtual rotation of 66 is applied, the virtual
displacement for force W, is a 86, and for force W,, b 660. Hence the virtual work during
this rotation is

SW = W,a 50 — W,b 80 (3.99)

If the lever is in equilibrium, W = 0. Hence W,a = W, b, which is the equilibrium condition
that the sum of the moments of all forces about a support should be zero.

When the body is not rigid but can be distorted, the principle of virtual work as developed
above cannot be applied directly. However, the principle can be modified to apply to bodies
that undergo linear and nonlinear elastic deformations.

Strain Energy in a Bar. The internal work U done on elastic members is called elastic
potential energy, or strain energy. Suppose, for example, that a bar (Fig. 3.60a) made of
an elastic material, such as steel, is gradually elongated an amount A, by a force P,. As the
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FIGURE 3.59 Virtual rotation of a lever.

bar stretches with increases in force from 0 to P, each increment of internal work dU may
be expressed by Eq. (3.91) with a = 0:

dU = P dA (3.100)

where dA = the current increment in displacement in the direction of P
P = the current applied force, 0 = P = P,

Equation (3.100) also may be written as

dUu

a-F (3.101)

which indicates that the derivative of the internal work with respect to a displacement (or

(a) (b)

FIGURE 3.60 (a) Bar in tension elongates. (b) Energy stored in the bar is represented by the
area under the load-displacement curve.
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rotation) gives the corresponding force (or moment) at that location in the direction of the
displacement (or rotation).
After the system comes to rest, a condition of equilibrium, the total internal work is

U= [PdA (3.102)

The current displacement A is related to the applied force P by Eq. (3.51); that is, P = EAA/
L. Substitution into Eq. (3.102) yields

a1 EAd?  LP}?
EAnan =22 ]

U=l T 2L  2EA 2%

(3.103)

When the force is plotted against displacement (Fig. 3.60b), the internal work is the shaded
area under the line with slope k = EA/L.

When the bar in Fig. 3.60a is loaded and in equilibrium, the internal virtual work done
by P, during an additional virtual displacement A equals the change in the strain energy of
the bar:

AU = kA, A (3.104)
where A, is the original displacement produced by P

Principle of Virtual Work. This example illustrates the principal of virtual work. If an
elastic body in equilibrium under the action of external loads is given a virtual deformation
from its equilibrium condition, the work done by the external loads during this deformation
equals the change in the internal work or strain energy, that is,

W = 8U (3.105)

Hence, for the loaded bar in equilibrium (Fig. 3.60a), the external virtual work equals
the internal virtual strain energy:

P, 8A = kA, 8A (3.106)

[For rigid bodies, no internal strain energy is generated, that is, 8U = kA, 6A = 0, and Eq.
(3.106) reduces the Eq. (3.98).] The example may be generalized to any constrained (sup-
ported) elastic body acted on by forces P,, P,, P, . . . for which the corresponding displace-
ments are A, A,, A;, . . .. Equation (3.100) may then be expanded to

dU = 3P, dA, (3.107)

Similarly, Eq. (3.101) may be generalized to

oU

= _p 3.108
The increase in strain energy due to the increments of the deformations is given by substi-
tution of Eq. (3.108) into Eq. (3.107):

au

+ e .
o, 4 (3.109)

oUu oUu oUu
=> —dA\ =—=dA + ——dA, +
du oA, dA, oA, dA, oA, dA,
If specific deformations in Eq. (3.109) are represented by virtual displacements, load and

deformation relationships for several structural systems may be obtained from the principle
of virtual work.
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Strain energy also can be generated when a member is subjected to other types of loads
or deformations. The strain-energy equation can be written as a function of either load or
deformation.

Strain Energy in Shear. For a member subjected to pure shear, strain energy is given by

V2L
U= 2AG (3.110a)
AGA?
= A1
U L (3.110b)
where V = shear load
A = shear deformation
L = length over which the deformation takes place
A = shear area
G = shear modulus of elasticity
Strain Energy in Torsion. For a member subjected to torsion,
T°L
= A11
U 27G @3 a)
JGo?
U= 3.111b
oL ( )

where T = torque
0 = angle of twist
L = length over which the deformation takes place
J = polar moment of inertia
G = shear modulus of elasticity

Strain Energy in Bending. For a member subjected to pure bending (constant moment),

ML
=25 (3.112q)
2
U= Ezlz (3.112b)

where M = bending moment
0 = angle through which one end of beam rotates with respect to the other end
L = length over which the deformation takes place
I = moment of inertia
E = modulus of elasticity

For beams carrying transverse loads, the total strain energy is the sum of the energy for
bending and that for shear.

Virtual Forces. Virtual work also may be created when a system of virtual forces is
applied to a structure that is in equilibrium. In this case, the principle of virtual work requires
that external virtual work, created by virtual forces acting over their induced displacements,
equals the internal virtual work or strain energy. This concept is often used to determine
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deflections. For convenience, virtual forces are often represented by unit loads. Hence this
method is frequently called the unit-load method.

Unit-Load Method. A unit load is applied at the location and in the direction of an un-
known displacement A produced by given loads on a structure. According to the principle
of virtual work, the external work done by the unit load equals the change in strain energy
in the structure:

1A = 3fd (3.113)

where A = deflection in desired direction produced by given loads
f = force in each element of the structure due to the unit load
d = deformation in each element produced by the given loads

The summation extends over all elements of the structure.

For a vertical component of a deflection, a unit vertical load should be used. For a
horizontal component of a deflection, a unit horizontal load should be used. And for a
rotation, a unit moment should be used.

For example, the deflection in the axial-loaded member shown in Fig. 3.60a can be
determined by substituting f = 1 and d = P,L/EA into Eq. (3.113). Thus 1A, = 1P.L/EA
and A, = P,L/EA.

For applications of the unit-load method for analysis of large structures, see Arts. 3.31
and 3.33.3.

(C. H. Norris et al., Elementary Structural Analysis; and R. C. Hibbeler, Structural Anal-
ysis, Prentice Hall, New Jersey.)

3.24 CASTIGLIANO’S THEOREMS

If strain energy U, as defined in Art. 3.23, is expressed as a function of external forces, the
partial derivative of the strain energy with respect to one of the external forces P; gives the
displacement A; corresponding to that force:

194
Z A 114
P, i 3 )

This is known as Castigliano’s first theorem.
If no displacement can occur at a support and Castigliano’s theorem is applied to that
support, Eq. (3.114) becomes

oU
oP. 0 (3.115)
Equation (3.115) is commonly called the principle of least work, or Castigliano’s second
theorem. It implies that any reaction components in a structure will take on loads that will
result in a minimum strain energy for the system. Castigliano’s second theorem is restricted
to linear elastic structures. On the other hand, Castigliano’s first theorem is only limited to
elastic structures and hence can be applied to nonlinear structures.

As an example, the principle of least work will be applied to determine the force in
the vertical member of the truss shown in Fig. 3.61. If S, denotes the force in the vertical
bar, then vertical equilibrium requires the force in each of the inclined bars to be (P — S,)
(2 cos a@). According to Eq. (3.103), the total strain energy in the system is
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FIGURE 3.61 Statically indeterminate truss.

S2L (P - S,)°L
=t 4 .
U= 26 * 4EA cos’ a (3.116)

The internal work in the system will be minimum when

W _SL_(P-S)L
aS,  EA  2FEA cos® a

a

=0 3.117a)
Solution of Eq. (3.117a) gives the force in the vertical bar as

P
S

“ "1+ 2cos a (3.117b)

(N. J. Hoff, Analysis of Structures, John Wiley & Sons, Inc., New York.)

3.25 RECIPROCAL THEOREMS

If the bar shown in Fig. 3.62a, which has a stiffness k = FA/L, is subjected to an axial
force P, it will deflect A, = P,/k. According to Eq. (3.103), the external work done is P A,/
2. If an additional load P, is then applied, it will deflect an additional amount A, = P,/k
(Fig. 3.62b). The additional external work generated is the sum of the work done in dis-
placing P,, which equals P,A,, and the work done in displacing P,, which equals P,A,/2.
The total external work done is
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s
> 77 77777
s
ST 7, ) —=— P,
Ay
(a)
s

v 7 /}—=— P+ P,

(b)

FIGURE 3.62 (a) Load on a bar performs work over displacement A,.
(b) Additional work is performed by both a second load and the original
load.

W= Y%PA, + 2P,A, + PA, (3.118)
According to Eq. (3.103), the total internal work or strain energy is
U = kA (3.119)

where A, = A, + A,. For the system to be in equilibrium, the total external work must equal
the total internal work, that is

VaPA, + VAPA, + PA, = VokA? (3.120)

If the bar is then unloaded and then reloaded by placing P, on the bar first and later
applying P, the total external work done would be

W = P,A, + PA, + PA, (3.121)

The total internal work should be the same as that for the first loading sequence because
the total deflection of the system is still A, = A, + A,. This implies that for a linear elastic
system, the sequence of loading does not affect resulting deformations and corresponding
internal forces. That is, in a conservative system, work is path-independent.

For the system to be in equilibrium under this loading, the total external work would
again equal the total internal work:

7P)A, + 2P\A| + PA, = AA7 (3.122)
Equating the left sides of Eqgs. (3.120) and (3.122) and simplifying gives
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PA, = PA, (3.123)

This example, specifically Eq. (3.123), also demonstrates Betti’s theorem: For a linearly
elastic structure, the work done by a set of external forces P, acting through the set of
displacements A, produced by another set of forces P, equals the work done by P, acting
through the displacements A, produced by P,.

Betti’s theorem may be applied to a structure in which two loads P, and P; act at points
i and j, respectively. P, acting alone causes displacements A; and A, where the first subscript
indicates the point of displacement and the second indicates the point of loading. Application
next of P; to the system produces additional displacements A; and A;. According to Betti’s
theorem, for any P; and P;,

PA, = PA, (3.124)

If P, = P, then, according to Eq. (3.124), A; = A;,. This relationship is known as Max-
well’s theorem of reciprocal displacements: For a linear elastic structure, the displacement
at point i due to a load applied at another point j equals the displacement at point j due to
the same load applied at point i.

ANALYSIS OF STRUCTURAL SYSTEMS

A structural system consists of the primary load-bearing structure, including its members
and connections. An analysis of a structural system consists of determining the reactions,
deflections, and internal forces and corresponding stresses caused by external loads. Methods
for determining these depend on both the external loading and the type of structural system
that is assumed to resist these loads.

3.26 TYPES OF LOADS

Loads are forces that act or may act on a structure. For the purpose of predicting the resulting
behavior of the structure, the loads, or external influences, including forces, consequent
displacements, and support settlements, are presumed to be known. These influences may
be specified by law, e.g., building codes, codes of recommended practice, or owner speci-
fications, or they may be determined by engineering judgment. Loads are typically divided
into two general classes: dead load, which is the weight of a structure including all of its
permanent components, and live load, which is comprised of all loads other than dead loads.

The type of load has an appreciable influence on the behavior of the structure on which
it acts. In accordance with this influence, loads may be classified as static, dynamic, long
duration, or repetitive.

Static loads are those applied so slowly that the effect of time can be ignored. All
structures are subject to some static loading, e.g., their own weight. There is, however, a
large class of loads that usually is approximated by static loading for convenience. Occu-
pancy loads and wind loads are often assumed static. All the analysis methods presented in
the following articles, with the exception of Arts, 3.52 to 3.55, assume that static loads are
applied to structures.

Dynamic loads are characterized by very short durations, and the response of the structure
depends on time. Earthquake shocks, high-level wind gusts, and moving live loads belong
in this category.

Long-duration loads are those which act on a structure for extended periods of time.
For some materials and levels of stress, such loads cause structures to undergo deformations
under constant load that may have serious effects. Creep and relaxation of structural materials
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may occur under long-duration loads. The weight of a structure and any superimposed dead
load fall in this category.

Repetitive loads are those applied and removed many times. If repeated for a large
number of times, they may cause the structure to fail in fatigue. Moving live load is in this
category.

3.27 COMMONLY USED STRUCTURAL SYSTEMS

Structures are typically too complicated to analyze in their real form. To determine the
response of a structure to external loads, it is convenient to convert the structural system to
an idealized form. Stresses and displacements in trusses, for example, are analyzed based
on the following assumptions.

3.27.1 Trusses

A truss is a structural system constructed of linear members forming triangular patterns. The
members are assumed to be straight and connected to one another by frictionless hinges. All
loading is assumed to be concentrated at these connections (joints or panel points). By virtue
of these properties, truss members are subject only to axial load. In reality, these conditions
may not be satisfied; for example, connections are never frictionless, and hence some mo-
ments may develop in adjoining members. In practice, however, assumption of the preceding
conditions is reasonable.

If all the members are coplanar, then the system is called a planar truss. Otherwise, the
structure is called a space truss. The exterior members of a truss are called chords, and the
diagonals are called web members.

Trusses often act as beams. They may be constructed horizontally; examples include roof
trusses and bridge trusses. They also may be constructed vertically; examples include trans-
mission towers and internal lateral bracing systems for buildings or bridge towers and pylons.
Trusses often can be built economically to span several hundred feet.

Roof trusses, in addition to their own weight, support the weight of roof sheathing, roof
beams or purlins, wind loads, snow loads, suspended ceilings, and sometimes cranes and
other mechanical equipment. Provisions for loads during construction and maintenance often
need to be included. All applied loading should be distributed to the truss in such a way
that the loads act at the joints. Figure 3.63 shows some common roof trusses.

Bridge trusses are typically constructed in pairs. If the roadway is at the level of the
bottom chord, the truss is a through truss. If it is level with the top chord, it is a deck
truss. The floor system consists of floor beams, which span in the transverse direction and
connect to the truss joints; stringers, which span longitudinally and connect to the floor
beams; and a roadway or deck, which is carried by the stringers. With this system, the dead
load of the floor system and the bridge live loads it supports, including impact, are distributed
to the truss joints. Figure 3.64 shows some common bridge trusses.

3.27.2 Rigid Frames

A rigid frame is a structural system constructed of members that resist bending moment,
shear, and axial load and with connections that do not permit changes in the angles between
the members under loads. Loading may be either distributed along the length of members,
such as gravity loads, or entirely concentrated at the connections, such as wind loads.

If the axial load in a frame member is negligible, the member is commonly referred to
as a beam. If moment and shear are negligible and the axial load is compressive, the member
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is referred to as a column. Members subjected to moments, shears, and compressive axial
forces are typically called beam-columns. (Most vertical members are called columns, al-
though technically they behave as beam-columns.)

If all the members are coplanar, the frame is called a planar frame. Otherwise, it is
called a space frame. One plane of a space frame is called a bent. The area spanning
between neighboring columns on a specific level is called a bay.

3.27.3 Continuous Beams

A continuous beam is a structural system that carries load over several spans by a series
of rigidly connected members that resist bending moment and shear. The loading may be
either concentrated or distributed along the lengths of members. The underlying structural
system for many bridges is often a set of continuous beams.

3.28 DETERMINACY AND GEOMETRIC STABILITY

In a statically determinate system, all reactions and internal member forces can be calcu-
lated solely from equations of equilibrium. However, if equations of equilibrium alone do
not provide enough information to calculate these forces, the system is statically indeter-
minate. In this case, adequate information for analyzing the system will only be gained by
also considering the resulting structural deformations. Static determinacy is never a function
of loading. In a statically determinate system, the distribution of internal forces is not a
function of member cross section or material properties.
In general, the degree of static determinacy n for a truss may be determined by

n=m-—o +R (3.125)

where m = number of members
Jj = number of joints including supportjs
o = dimension of truss (¢ = 2 for a planar truss and o = 3 for a space truss)
R = number of reaction components

Similarly, the degree of static determinacy for a frame is given by
n=3a-1@m-j)+R (3.126)

where a = 2 for a planar frame and « = 3 for a space frame.

If n is greater than zero, the system is geometrically stable and statically indeterminate;
if n is equal to zero, it is statically determinate and may or may not be stable; if n is less
than zero, it is always geometrically unstable. Geometric instability of a statically determinate
truss (n = 0) may be determined by observing that multiple solutions to the internal forces
exist when applying equations of equilibrium.

Figure 3.65 provides several examples of statically determinate and indeterminate sys-
tems. In some cases, such as the planar frame shown in Fig. 3.65¢, the frame is statically
indeterminate for computation of internal forces, but the reactions can be determined from
equilibrium equations.
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FIGURE 3.65 Examples of statically determinate and indeterminate systems: (a) Statically
determinate truss (n = 0); (b) statically indeterminate truss (n = 1); (c) statically determinate
frame (n = 0); (d) statically indeterminate frame (n = 15); (e) statically indeterminate frame
(n = 3).

3.29 CALCULATION OF REACTIONS IN STATICALLY
DETERMINATE SYSTEMS

For statically determinate systems, reactions can be determined from equilibrium equations
[Eq. (3.11) or (3.12)]. For example, in the planar system shown in Fig. 3.66, reactions R,,
H,, and R, can be calculated from the three equilibrium equations. The beam with overhang
carries a uniform load of 3 kips/ft over its 40-ft horizontal length, a vertical 60-kip concen-
trated load at C, and a horizontal 10-kip concentrated load at D. Support A is hinged; it can
resist vertical and horizontal forces. Support B, 30 ft away, is on rollers; it can resist only
vertical force. Dimensions of the member cross sections are assumed to be small relative to
the spans.

Only support A can resist horizontal loads. Since the sum of the horizontal forces must
equal zero and there is a 10-kip horizontal load at D, the horizontal component of the reaction
at A is H; = 10 kips.

The vertical reaction at A can be computed by setting the sum of the moments of all
forces about B equal to zero:
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FIGURE 3.66 Beam with overhang with uniform and concentrated
loads.

3X40X10+60x15—-10X6 —30R, =0

from which R, = 68 kips. Similarly, the reaction at B can be found by setting the sum of
the moments about A of all forces equal to zero:

3X40Xx20+60Xx15+10Xx6 —30R,=0

from which R, = 112 kips. Alternatively, equilibrium of vertical forces can be used to obtain
R,, given R, = 68:

R,+ R, —3X40—60=0

Solution of this equation also yields R, = 112 kips.

3.30 FORCES IN STATICALLY DETERMINATE TRUSSES

3.30.1

A convenient method for determining the member forces in a truss is to isolate a portion of
the truss. A section should be chosen such that it is possible to determine the forces in the
cut members with the equations of equilibrium [Eq. (3. 11) or (3.12)]. Compressive forces
act toward the panel point, and tensile forces act away from the panel point.

Method of Sections

To calculate the force in member a of the truss in Fig. 3.674, the portion of the truss in Fig.
3.67b is isolated by passing section x—x through members a, b, and c. Equilibrium of this
part of the truss is maintained by the 10-kip loads at panel points U, and U,, the 25-kip
reaction, and the forces S, S,, and S, in members a, b, and c, respectively. S, can be
determined by equating to zero the sum of the moments of all the external forces about
panel point L,, because the other unknown forces S, and S, pass through L, and their mo-
ments therefore equal zero. The corresponding equilibrium equation is

=95, +36 X25-24X10-12xX10=0

Solution of this equation yields S, = 60 kips. Similarly, S, can be calculated by equating to
zero the sum of the moments of all external forces about panel point U,:

=95, +24x25-12x10=0
for which S, = 53.3 kips.
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FIGURE 3.67 (a) Truss with loads at panel points. (b) Stresses in mem-
bers cut by section x—x hold truss in equilibrium.

Since members a and b are horizontal, they do not have a vertical component. Hence
diagonal ¢ must carry the entire vertical shear on section x—x: 25 — 10 — 10 = 5 kips. With
5 kips as its vertical component and a length of 15 ft on a rise of 9 ft,

S. = 1% X 5 = 8.3 kips

When the chords are not horizontal, the vertical component of the diagonal may be found
by subtracting from the shear in the section the vertical components of force in the chords.

3.30.2 Method of Joints

A special case of the method of sections is choice of sections that isolate the joints. With
the forces in the cut members considered as external forces, the sum of the horizontal com-
ponents and the sum of the vertical components of the external forces acting at each joint
must equal zero.

Since only two equilibrium equations are available for each joint, the procedure is to start
with a joint that has two or fewer unknowns (usually a support). When these unknowns have
been found, the procedure is repeated at successive joints with no more than two unknowns.

For example, for the truss in Fig. 3.68a, at joint 1 there are three forces: the reaction of
12 kips, force S, in member «a, and force S. in member c. Since c is horizontal, equilibrium
of vertical forces requires that the vertical component of force in member a be 12 kips.
From the geometry of the truss, S, = 12 — '3% = 20 kips. The horizontal component of S,
is 20 X %45 = 16 kips. Since the sum of the horizontal components of all forces acting at
joint 1 must equal zero, S, = 16 kips.

At joint 2, the force in member e is zero because no vertical forces are present there.
Hence, the force in member d equals the previously calculated 16-kip force in member c.
Forces in the other members would be determined in the same way (see Fig. 3.68d, e, and

-
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FIGURE 3.68 Calculation of truss stresses by method of joints.

3.31 DEFLECTIONS OF STATICALLY DETERMINATE TRUSSES

In Art. 3.23, the basic concepts of virtual work and specifically the unit-load method are
presented. Employing these concepts, this method may be adapted readily to computing the
deflection at any panel point (joint) in a truss.

Specifically, Eq. (3.113), which equates external virtual work done by a virtual unit load
to the corresponding internal virtual work, may be written for a truss as

PL,
' EiAi

(3.127)

where A = displacement component to be calculated (also the displacement at and in the
direction of an applied unit load)
n = total number of members
f; = axial force in member i due to unit load applied at and in the direction of the
desired A—horizontal or vertical unit load for horizontal or vertical displace-
ment, moment for rotation

P, = axial force in member i due to the given loads
L; = length of member i

E, = modulus of elasticity for member i

A; = cross-sectional area of member i

i

To find the deflection A at any joint in a truss, each member force P, resulting from the
given loads is first calculated. Then each member force f; resulting from a unit load being
applied at the joint where A occurs and in the direction of A is calculated. If the structure
is statically determinate, both sets of member forces may be calculated from the method of
joints (Sec. 3.30.2). Substituting each member’s forces P, and f; and properties L,, E,, and
A,, into Eq. (3.127) yields the desired deflection A.

As an example, the midspan downward deflection for the truss shown in Fig. 3.68a will
be calculated. The member forces due to the 8-kip loads are shown in Fig. 3.69a. A unit
load acting downward is applied at midspan (Fig. 3.69b). The member forces due to the unit
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load are shown in Fig. 3.69b. On the assumption that all members have area A, = 2 in* and
modulus of elasticity E; = 29,000 ksi, Table 3.3 presents the computations for the midspan
deflection A. Members not stressed by either the given loads, P; = 0, or the unit load, f; =
0, are not included in the table. The resulting midspan deflection is calculated as 0.31 in.

3.32 FORCES IN STATICALLY DETERMINATE BEAMS AND

FRAMES

Similar to the method of sections for trusses discussed in Art. 3.30, internal forces in stati-
cally determinate beams and frames also may be found by isolating a portion of these
systems. A section should be chosen so that it will be possible to determine the unknown
internal forces from only equations of equilibrium [Eq. (3.11) or 3.12)].

As an example, suppose that the forces and moments at point A in the roof purlin of the
gable frame shown in Fig. 3.70a are to be calculated. Support B is a hinge. Support C is
on rollers. Support reactions R,, H,, and R, are determined from equations of equilibrium.
For example, summing moments about B yields

SM=30XR,+12X8—-15X12-30X6=0
from which R, = 8.8 kips. R, = 6 + 12 + 6 — 8.8 = 15.2 kips.
The portion of the frame shown in Fig. 3.70b is then isolated. The internal shear V, is
assumed normal to the longitudinal axis of the rafter and acting downward. The axial force
P, is assumed to cause tension in the rafter. Equilibrium of moments about point A yields

M =M,+ 10X 6+ (12 + 10tan 30) X 8§ — 10 X 152 =0

from which M, = —50.19 kips-ft. Vertical equilibrium of this part of the frame is maintained
with

SF, =152 — 6 + P, sin 30 — V, cos 30 = 0 (3.128)

Horizontal equilibrium requires that

TABLE 3.3 Calculation of Truss Deflections

1000 L, P
Member P, kips f, EA, figasm
a ~20.00 ~0.83 3.103 0.052
b ~13.33 083 3.103 0.034
¢ 16.00 0.67 2.483 0.026
d 16.00 0.67 2.483 0.026
g 8.00 1.00 3.724 0.030
h ~20.00 ~0.83 3.103 0.052
i ~13.33 083 3.103 0.034
i 16.00 0.67 2.483 0.026
k 16.00 0.67 2.483 0.026

A =3 =0.306
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FIGURE 3.70 (a) Loaded gable frame. (b) Internal forces hold portion of frame in equilibrium.

2F, =8 + P,cos 30 + V, sin 30 = 0 (3.129)

Simultaneous solution of Eqs. (3.128) and (3.129) gives V, = 3.96 hips and P, = —11.53
kips. The negative value indicates that the rafter is in compression.

3.33 DEFORMATIONS IN BEAMS

Article 3.18 presents relationships between a distributed load on a beam, the resulting internal
forces and moments, and the corresponding deformations. These relationships provide the
key expressions used in the conjugate-beam method and the moment-area method for
computing beam deflections and slopes of the neutral axis under loads. The unit-load method
used for this purpose is derived from the principle of virtual work (Art. 3.23).

3.33.1 Conjugate-Beam Method

For a beam subjected to a distributed load w(x), the following integral relationships hold:

V(x) = fw(x) dx (3.130a)
M(x) = [V(x) dx = [[w(x) dx dx (3.1300)
f(x) = 2*418 N (3.130¢)
8(x) = f 0(x) dx = ff % dx dx (3.130d)

Comparison of Egs. (3.130a) and (3.130b) with Egs. (3.130c) and (3.130d) indicates that
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for a beam subjected to a distributed load w(x), the resulting slope 6(x) and deflection 8(x)
are equal, respectively, to the corresponding shear distribution V(x) and moment distribution
M(x) generated in an associated or conjugated beam subjected to the distributed load M(x)/
EI(x). M(x) is the moment at x due to the actual load w(x) on the original beam.

In some cases, the supports of the real beam should be replaced by different supports for
the conjugate beam to maintain the consistent 6-to-V and é-to-M correspondence. For ex-
ample, at the fixed end of a cantilevered beam, there is no rotation (# = 0) and no deflection
(6 = 0). Hence, at this location in the conjugate beam, V = 0 and M = 0. This can only be
accomplished with a free-end support; i.e., a fixed end in a real beam is represented by a
free end in its conjugate beam. A summary of the corresponding support conditions for
several conjugate beams is provided in Fig. 3.71.

The sign convention to be employed for the conjugate-beam method is as follows:

A positive M/EI segment in the real beam should be placed as an upward (positive)
distributed load w on the conjugate beam. A negative M/EI segment should be applied as a
downward (negative) w.

Positive shear V in the conjugate beam corresponds to a counterclockwise (positive) slope
0 in the real beam. Negative V corresponds to a clockwise (negative) 6.

Positive moment M in the conjugate beam corresponds to an upward (positive) deflection
8 in the real beam. Negative M corresponds to downward (positive) 6.

As an example, suppose the deflection at point B in the cantilevered beam shown in Fig.
3.72a is to be calculated. With no distributed load between the tip of the beam and its
support, the bending moments on the beam are given by M(x) = P(x — L) (Fig. 3.72b). The
conjugate beam is shown in Fig. 3.72¢. It has the same physical dimensions (E, I, and L)
as the original beam but interchanged support conditions and is subject to a distributed load
w(x) = P(x — L)/EI, as indicated in Fig. 3.72¢. Equilibrium of the free-body diagram shown
in Fig. 3.73d requires V, = —15PL?/32El and M, = —27PL*/128EI The slope in the real
beam at point B is then equal to the conjugate shear at this point, 6, = V, = —15PL?/32EI.
Similarly, the deflection at point B is the conjugate moment, 6, = M, = —27PL?/128EL
See also Sec. 3.33.2.
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FIGURE 3.71 Beams and corresponding conjugate beams for various types of supports.
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FIGURE 3.72 Deflection calculations for
a cantilever by the conjugate beam method.
(a) Cantilever beam with a load on the end.
(b) Bending-moment diagram. (c¢) Conju-
gate beam loaded with M/EI distribution.
(d) Deflection at B equals the bending mo-
ment at B due to the M/EI loading.
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3.33.2 Moment-Area Method

Similar to the conjugate-beam method, the moment-area method is based on Egs. (3.130a)
to (3.130d). It expresses the deviation in the slope and tangential deflection between points
A and B on a deflected beam:

B2 M(x
6~ 6,= | %(x)) X (3.131a)
L = [T MOx (3.131b)

I )

Equation (3.131a) indicates that the change in slope of the elastic curve of a beam between
any two points equals the area under the M/EI diagram between these points. Similarly, Eq.
(3.131b) indicates that the tangential deviation of any point on the elastic curve with respect
to the tangent to the elastic curve at a second point equals the moment of the area under
the M/EI diagram between the two points taken about the first point.

For example, deflection 8, and rotation 6, at point B in the cantilever shown in Fig. 3.72a

are
3L/4 M(X)

= —+ _

0, = 6, J:) ZI dx
o4 (_PL3L 13PL3L
- 4El 4 2 4EI 4
__IsPL?
T 32EI
_ 3L/4 M(.X)X

tg =1t, +f0 £l dx

4E1 4 2 4 2 4El 4 3 4

_27PL
1281

o (PL3L13L 13PL3L23L)

For this particular example #, = 0, and hence 8, = t,.

The moment-area method is particularly useful when a point of zero slope can be iden-
tified. In cases where a point of zero slope cannot be located, deformations may be more
readily calculated with the conjugate-beam method. As long as the bending-moment diagram
can be defined accurately, both methods can be used to calculate deformations in either
statically determinate or indeterminate beams.

3.33.3 Unit-Load Method

Article 3.23 presents the basic concepts of the unit-load method. Article 3.31 employs this
method to compute the deflections of a truss. The method also can be adapted to compute
deflections in beams.

The deflection A at any point of a beam due to bending can be determined by transforming
Eq. (3.113) to
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_ [ M®
A= fo Ely 00 dx (3.132)

where M(x) = moment distribution along the span due to the given loads
E = modulus of elasticity
I = cross-sectional moment of inertia
L = beam span
m(x) = bending-moment distribuiton due to a unit load at the location and in the
direction of deflection A

As an example of the use of Eq. (3.132), the midspan deflection will be determined for
a prismatic, simply supported beam under a uniform load w (Fig. 3.73a). With support A as
the origin, the equation for bending movement due to the uniform load is M(x) = wlx/2 —
wx?/2 (Fig. 3.73b). For a unit vertical load at midspan (Fig. 3.73c¢), the equation for bending
moment in the left half of the beam is m(x) = x/2 and in the right m(x) = (L — x)/2 (Fig.
3.73d). By Eq. (3.132), the deflection is

1 L’2<wLx wx2>xd 1 (- (E_wﬁ)Lx

A=E > 2 ) T @

2 2

+_
2 . ElJLi2

from which A = 5wL?*/384FEI If the beam were not prismatic, EI would be a function of x
and would be inside the integral.

Equation (3.113) also can be used to calculate the slope at any point along a beam span.
Figure 3.74a shows a simply supported beam subjected to a moment M, acting at support
A. The resulting moment distribution is M(x) = M, (1 — x/L) (Fig. 3.74b). Suppose that the
rotation 6, at support B is to be determined. Application of a unit moment at B (Fig. 3.74c)
results in the moment distribution m(x) = x/L (Fig. 3.74d). By Eq. (3.132), on substitution
of 0, for A, the rotation at B is

~[F M) M, (* x\x ML
=)o By "0 ¥ =g ), \! L™= 6kl

L

O

(C. H. Norris et al., Elementary Structural Analysis, McGraw-Hill, Inc., New York; J.
McCormac and R. E. Elling, Structural Analysis—A Classical and Matrix Approach, Harper
and Row Publishers, New York; R. C. Hibbeler, Structural Analysis, Prentice Hall, New
Jersey.)

3.34 METHODS FOR ANALYSIS OF STATICALLY INDETERMINATE
SYSTEMS

For a statically indeterminate structure, equations of equilibrium alone are not sufficient to
permit analysis (see Art. 3.28). For such systems, additional equations must be derived from
requirements ensuring compatibility of deformations. The relationship between stress and
strain affects compatibility requirements. In Arts. 3.35 to 3.39, linear elastic behavior is
assumed; i.e., in all cases stress is assumed to be directly proportional to strain.

There are two basic approaches for analyzing statically indeterminate structures, force
methods and displacement methods. In the force methods, forces are chosen as redundants
to satisfy equilibrium. They are determined from compatibility conditions (see Art. 3.35). In
the displacement methods, displacements are chosen as redundants to ensure geometric
compatibility. They are also determined from equilibrium equations (see Art. 3.36). In both
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M(x) = wlx/2 — wx2/2

(d)

FIGURE 3.73 Deflection calculations for a simple
beam by unit load method. (a) Uniformly loaded beam.
(b) Bending-moment diagram for the uniform load. (c)
Unit load at midspan. (d) Bending-moment diagram for
the unit load.

methods, once the unknown redundants are determined, the structure can be analyzed by
statics.

3.35 FORCE METHOD (METHOD OF CONSISTENT DEFLECTIONS)

For analysis of a statically indeterminate structure by the force method, the degree of in-
determinacy (number of redundants) »n should first be determined (see Art. 3.28). Next, the
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Ma Og

O —

M(x) = M, (1 — xL)

M(x) = x/L

(d

FIGURE 3.74 Calculation of end rotations of a simple beam
by the unit-load method. (¢) Moment applied at one end. (b)
Bending-moment diagram for the applied moment. (¢) Unit load
applied at end where rotation is to be determined. (d) Bending-
moment diagram for the unit load.

structure should be reduced to a statically determinate structure by release of n constraints
or redundant forces (X,, X,, X5, . . ., X,). Equations for determination of the redundants
may then be derived from the requirements that equilibrium must be maintained in the
reduced structure and deformations should be compatible with those of the original structure.

Displacements §,, &,, 85, . . . ,8, in the reduced structure at the released constraints are
calculated for the original loads on the structure. Next, a separate analysis is performed for
each released constraint j to determine the displacements at all the released constraints for
a unit load applied at j in the direction of the constraint. The displacement f;; at constraint
i due to a unit load at released constraint j is called a flexibility coefficient.

Next, displacement compatibility at each released constraint is enforced. For any con-
straint i, the displacement &, due to the given loading on the reduced structure and the sum
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of the displacements f,X; in the reduced structure caused by the redundant forces are set
equal to known displacement A, of the original structure:

A=8+2FfX i=123.....n (3.133)
j=1

If the redundant i is a support that has no displacement, then A, = 0. Otherwise, A; will be
a known support displacement. With n constraints, Eq. (3.133) provides n equations for
solution of the n unknown redundant forces.

As an example, the continuous beam shown in Fig. 3.75a will be analyzed. If axial-force
effects are neglected, the beam is indeterminate to the second degree (n = 2). Hence two
redundants should be chosen for removal to obtain a statically determinate (reduced) struc-
ture. For this purpose, the reactions R, at support B and R at support C are selected.
Displacements of the reduced structure may then be determined by any of the methods
presented in Art. 3.33. Under the loading shown in Fig. 3.754, the deflections at the redun-
dants are 6, = —5.395 in and 6. = —20.933 in (Fig. 3.75b). Application of an upward-
acting unit load to the reduced beam at B results in deflections f,; = 0.0993 in at B and
fes = 0.3228 in at C (Fig. 3.75¢). Similarly, application of an upward-acting unit load at C
results in fy- = 0.3228 in at B and f.. = 1.3283 in at C (Fig. 3.75d). Since deflections
cannot occur at supports B and C, Eq. (3.133) provides two equations for displacement
compatibility at these supports:

0 = —5.3955 + 0.0993R; + 0.3228R_
0 = —-20.933 + 0.3228R, + 1.3283R.

Solution of these simultaneous equations yields R, = 14.77 kips and R = 12.17 kips. With
these two redundants known, equilibrium equations may be used to determine the remaining
reactions as well as to draw the shear and moment diagrams (see Art. 3.18 and 3.32).

In the preceding example, in accordance with the reciprocal theorem (Art. 3.22), the
flexibility coefficients f., and f, are equal. In linear elastic structures, the displacement at
constraint i due to a load at constraint j equals the displacement at constraint j when the
same load is applied at constraint i; that is, f; = f,. Use of this relationship can significantly
reduce the number of displacement calculations needed in the force method.

The force method also may be applied to statically indeterminate trusses and frames. In
all cases, the general approach is the same.

(F. Arbabi, Structural Analysis and Behavior, McGraw-Hill, Inc., New York; J. McCormac
and R. E. Elling, Structural Analysis—A Classicial and Matrix Approach, Harper and Row
Publishers, New York; and R. C. Hibbeler, Structural Analysis, Prentice Hall, New Jersey.)

3.36 DISPLACEMENT METHODS

For analysis of a statically determinate or indeterminate structure by any of the displacement
methods, independent displacements of the joints, or nodes, are chosen as the unknowns. If
the structure is defined in a three-dimensional, orthogonal coordinate system, each of the
three translational and three rotational displacement components for a specific node is called
a degree of freedom. The displacement associated with each degree of freedom is related
to corresponding deformations of members meeting at a node so as to ensure geometric
compatibility.

Equilibrium equations relate the unknown displacements A, A,, . . ., A, at degrees of
freedom 1, 2, . . ., n, respectively, to the loads P; on these degrees of freedom in the form
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FIGURE 3.75 Analysis of a continuous beam by the force method. (@) Two-span beam with
concentrated and uniform loads. (b) Displacements of beam when supports at B and C are removed.
(c) Displacements for unit load at B. (d) Displacements for unit load at C.

Py = kA + KpA, + -0 + kLA,
Py = ky Ay + kpl, + 000+ kA,
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or more compactly as
Po=> kA, fori=1,2,3,...,n (3.134)
Jj=1

Member loads acting between degrees of freedom are converted to equivalent loads acting
at these degrees of freedom.

The typical k; coefficient in Eq. (3.134) is a stiffness coefficient. It represents the resulting
force (or moment) at point i in the direction of load P; when a unit displacement at point j
in the direction of A; is imposed and all other degrees of freedom are restrained against
displacement. P, is the given concentrated load at degree of freedom i in the direction of A,.

When loads, such as distributed loads, act between nodes, an equivalent force and moment
should be determined for these nodes. For example, the nodal forces for one span of a
continuous beam are the fixed-end moments and simple-beam reactions, both with signs
reversed. Fixed-end moments for several beams under various loads are provided in Fig.
3.76. (See also Arts. 3.37, 3.38, and 3.39.)

(F. Arbabi, Structural Analysis and Behavior, McGraw-Hill, Inc., New York.)

3.37 SLOPE-DEFLECTION METHOD

One of several displacement methods for analyzing statically indeterminate structures that
resist loads by bending involves use of slope-deflection equations. This method is convenient
for analysis of continuous beams and rigid frames in which axial force effects may be
neglected. It is not intended for analysis of trusses.

Consider a beam AB (Fig. 3.77a) that is part of a continuous structure. Under loading,
the beam develops end moments M,, at A and M, at B and end rotations 6, and 6. The
latter are the angles that the tangents to the deformed neutral axis at ends A and B, respec-
tively; make with the original direction of the axis. (Counterclockwise rotations and moments
are assumed positive.) Also, let A,, be the displacement of B relative to A (Fig. 3.77b). For
small deflections, the rotation of the chord joining A and B may be approximated by ¢, =
A, /L. The end moments, end rotations, and relative deflection are related by the slope-
deflection equations:

2E1

M,, = A (260, + 65 — 3dgy) + M7 (3.135a)
2EI
Mg, = T (0, + 265 — 3dyy) + My,” (3.135b)

where £ = modulus of elasticity of the material
I = moment of inertia of the beam
L = span
M, ;" = fixed-end moment at A
M,,” = fixed-end moment at B

Use of these equations for each member in a structure plus equations for equilibrium at
the member connections is adequate for determination of member displacements. These
displacements can then be substituted into the equations to determine the end moments.



P
Pap? L g Pa?b
2 o b t
P P
4 } ‘ [ PalL-a)
Aadete o ¢
P P P
ALY

wuz(6-80+ 30%)12

12

wo2(10-15a +60%).2
30

60

3 v
Aimisafira|Lm? 16

Ltfjlmmnm:um_g wi?
20 30

wk/*
o 1% wo(4-30)1°
C 14 12

whk/*

Z wad 2
a‘ﬂﬂﬂm wa’{5-4a)Lf
aL 20

wk/'
wad(5-3a)\2
aL 60
wk?!

PARABOLA
™~ -
w2
15

M(1-a){3a-1)

whk/'
)/PARABOLA

wk/! wk/!
- wa?(3-2a)12

ot | lee, )¢

9 ) EMGH—30)

ok

FIGURE 3.76 Fixed-end moments in beams.

GENERAL STRUCTURAL THEORY

Rl

FL g BL
89 w2 | e FE
te—

P P PP
2 4 1 g 2L
Elr“L/sLL/s LisiLis L/st

wk/'
w2
1

wk/'

Hwtzicmmmﬁ:___éwf
192 2| 192

k/'
wi2 3wl2
wl /2 160

wk/! wk/
31111111 Swi?
La| Lz |Lmay 192
‘4—’
M
M Y M
4 j 4

<L/ W

3.79

As an example, the beam in Fig. 3.75a will be analyzed by employing the slope-deflection

equations [Egs. (3.135a and b)]. From Fig. 3.76, the fixed-end moments in span AB are

10 X 6 X 42

M,F = e
10 X 4 X 62
My =~

The fixed-end moments in BC are

= 9.60 ft-kips

= —14.40 ft-kips
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FIGURE 3.77 (a) Member of a continuous beam. (b) Elastic curve of the member for end
moment and displacement of an end.

(b)

r 152 .
My =1X - 18.75 ft-kips

- 152 .
M= —1X - —18.75 ft-kips

The moment at C from the cantilever is M, = 12.50 ft-kips.
If E = 29,000 ksi, I,; = 200 in* and I,- = 600 in*, then 2EIl,,/L,, = 8055.6 ft-kips
and 2El,./L,. = 16,111.1 ft-kips. With 6, = 0, ¢, = 0, and ¢, = 0, Eq. (3.135) yields

M, = 8,055.60, + 9.60 (3.136)
My, = 2 X 8,055.60, — 14.40 (3.137)
My =2 % 16,111.16, + 16,111.16, + 18.75 (3.138)
Moy = 16,111.16, + 2 X 16,111.16, — 18.75 (3.139)

Also, equilibrium of joints B and C requires that
Mpy = —Mpc (3.140)
Me = —Mq, = —12.50 (3.141)
Substitution of Eqs. (3.137) and (3.138) in Eq. (3.140) and Eq. (3.139) in Eq. (3.141) gives
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48,333.460, + 16,111.16, = —4.35 (3.142)
16,111.160, + 32,222.26. = 6.25 (3.143)
Solution of these equations yields 6, = —1.86 X 107* and 6. = 2.87 X 107* radians.

Substitution in Egs. (3.136) to (3.139) gives the end moments: M,, = 8.1, My, = —17.4,
My = 174, and M., = —12.5 ft-kips. With these moments and switching the signs of
moments at the left end of members to be consistent with the sign convention in Art. 3.18,
the shear and bending-moment diagrams shown in Fig. 3.78a and b can be obtained. This
example also demonstrates that a valuable by-product of the displacement method is the
calculation of several of the node displacements.

If axial force effects are neglected, the slope-deflection method also can be used to analyze
rigid frames.

(J. McCormac and R. E. Elling, Structural Analysis—A Classical and Matrix Approach,
Harper and Row Publishers, New York; and R. C. Hibbeler, Structural Analysis, Prentice
Hall, New Jersey.)

3.38 MOMENT-DISTRIBUTION METHOD

The moment-distribution method is one of several displacement methods for analyzing con-
tinuous beams and rigid frames. Moment distribution, however, provides an alternative to
solving the system of simultaneous equations that result with other methods, such as slope
deflection. (See Arts. 3.36, 3.37, and 3.39.)

7.8 5.0
K

3.0
—

6.9" 7.2%

| 717
@ |
10.3% "k 13,217k
125k
8.1ﬂ.k
17.4%°K

(b)

FIGURE 3.78 Shear diagram (a) and moment diagram (b) for the continuous beam in Fig.
3.75a.
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Moment distribution is based on the fact that the bending moment at each end of a
member of a continuous frame equals the sum of the fixed-end moments due to the applied
loads on the span and the moments produced by rotation of the member ends and of the
chord between these ends. Given fixed-end moments, the moment-distribution method de-
termines moments generated when the structure deforms.

Figure 3.79 shows a structure consisting of three members rigidly connected at joint O
(ends of the members at O must rotate the same amount). Supports at A, B, and C are fixed
(rotation not permitted). If joint O is locked temporarily to prevent rotation, applying a load
on member OA induces fixed-end moments at A and O. Suppose fixed-end moment M,,"
induces a counterclockwise moment on locked joint O. Now, if the joint is released, M,,,”
rotates it counterclockwise. Bending moments are developed in each member joined at O to
balance M,,,”. Bending moments are also developed at the fixed supports A, B, and C. These
moments are said to be carried over from the moments in the ends of the members at O
when the joint is released.

The total end moment in each member at O is the algebraic sum of the fixed-end moment
before release and the moment in the member at O caused by rotation of the joint, which
depends on the relative stiffnesses of the members. Stiffness of a prismatic fixed-end beam
is proportional to EI/L, where E is the modulus of elasticity, / the moment of inertia, and
L the span.

When a fixed joint is unlocked, it rotates if the algebraic sum of the bending moments
at the joint does not equal zero. The moment that causes the joint to rotate is the unbalanced
moment. The moments developed at the far ends of each member of the released joint when
the joint rotates are carry-over moments.

FIGURE 3.79 Straight members rigidly connected at joint O. Dash lines show de-
formed shape after loading.
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In general, if all joints are locked and then one is released, the amount of unbalanced
moment distributed to member i connected to the unlocked joint is determined by the dis-
tribution factor D, the ratio of the moment distributed to i to the unbalanced moment. For
a prismatic member,

p, = Bl (3.144)

ZEI/L

where 27| E;I,/L; is the sum of the stiffness of all » members, including member i, joined
at the unlocked JOll’lt Equation (3.144) indicates that the sum of all distribution factors at a
joint should equal 1.0. Members cantilevered from a joint contribute no stiffness and there-
fore have a distribution factor of zero.

The amount of moment distributed from an unlocked end of a prismatic member to
a locked end is '%. This carry-over factor can be derived from Egs. (3.135a and b) with
0, = 0.

Moments distributed to fixed supports remain at the support; i.e., fixed supports are never
unlocked. At a pinned joint (non-moment-resisting support), all the unbalanced moment
should be distributed to the pinned end on unlocking the joint. In this case, the distribution
factor is 1.0.

To illustrate the method, member end moments will be calculated for the continuous
beam shown in Fig. 3.75a. All joints are initially locked. The concentrated load on span AB
induces fixed-end moments of 9.60 and —14.40 ft-kips at A and B, respectively (see Art.
3.37). The uniform load on BC induces fixed-end moments of 18.75 and —18.75 ft-kips at
B and C, respectively. The moment at C from the cantilever CD is 12.50 ft-kips. These
values are shown in Fig. 3.80a.

The distribution factors at joints where two or more members are connected are then
calculated from Eq. (3.144). With El,,/L,, = 200E/120 = 1.67F and El,./L,- = 600E/
180 = 3.33E, the distribution factors are Dy, = 1.67E/(1.67E + 3.33E) = 0.33 and Dy, =
3.33/5.00 = 0.67. With El ., /L., = 0 for a cantilevered member, D, = 10E/(0 + 10E) =
1.00 and D, = 0.00.

Joints not at fixed supports are then unlocked one by one. In each case, the unbalanced
moments are calculated and distributed to the ends of the members at the unlocked joint
according to their distribution factors. The distributed end moments, in turn, are “carried
over” to the other end of each member by multiplication of the distributed moment by a
carry-over factor of 4. For example, initially unlocking joint B results in an unbalanced
moment of —14.40 + 18.75 = 4.35 ft-kips. To balance this moment, —4.35 ft-kips is dis-
tributed to members BA and BC according to their distribution factors: My, = —4.35D,, =
—4.35 X 033 = —1.44 ft-kips and My = —4.35D,. = —2.91 ft-kips. The carry-over
moments are M,, = My, /2 = —0.72 and M, = M,./2 = —1.46. Joint B is then locked,
and the resulting moments at each member end are summed: M,, = 9.60 — 0.72 = 8.88,
My, = —1440 — 1.44 = —15.84, My = 18.75 — 291 = 15.84, and M, = —18.75 —
1.46 = —20.21 ft-kips. When the step is complete, the moments at the unlocked joint bal-
ance, that is, —M,, = M.

The procedure is then continued by unlocking joint C. After distribution of the unbalanced
moments at C and calculation of the carry-over moment to B, the joint is locked, and the
process is repeated for joint B. As indicated in Fig. 3.80b, iterations continue until the final
end moments at each joint are calculated to within the designer’s required tolerance.

There are several variations of the moment-distribution method. This method may be
extended to determine moments in rigid frames that are subject to drift, or sidesway.

(C. H. Norris et al., Elementary Structural Analysis, 4th ed., McGraw-Hill, Inc., New
York; J. McCormac and R. E. Elling, Structural Analysis—A Classical and Matrix Approach,
Harper and Row Publishers, New York.)
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Mha= MEs = MEc= ME=  MEp=
9.60 -1440 +18.75 -18.75 12.50
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LA oS
A B C D
(a)
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0.33 0.67 1.00 0.00
+9.60 -14.40 +18.75 -18.75  +12.50  joints all locked
072 €— -144 291 —> -148 —
+8.88 -15.84 +15.84 —20.21 +12.50 after unlocking B
— — +3.86 €«— +7.71 0.00
+8.88 -15.84 +19.70 -12.50 +12.50 after unlocking C
-064 - -127 -259 _., -1.30 —
+8.24 -17.11  +17.11 -13.80 +12.50 after unlocking B
— — +0.65 <€«— +1.30 0.00
+8.24 -17.11 17.76 -1250 +12.50 after unlocking C
—0.11 <«— 21 044 —> —0.22 —
+8.13 -17.32 +17.32 -12.72 +12.50 after unlocking B
— — +011 <«— 4022 0.00
+8.13 -17.32 17.44 -12.50 +12.50 after unlocking C
-0.02 <«<— -0.04 -0.08 —> -0.04 —_
+8.11 -17.36 +17.36 -1254  +12.50 after unlocking B
8.1 -17.4 +17.4 -12.5 (+12.5)

(b)

FIGURE 3.80 (a) Fixed-end moments for beam in Fig. 3.75a. (b) Steps in
moment distribution. Fixed-end moments are given in the top line, final mo-
ments in the bottom line, in ft-kips.

3.39 MATRIX STIFFNESS METHOD

As indicated in Art. 3.36, displacement methods for analyzing structures relate force com-
ponents acting at the joints, or nodes, to the corresponding displacement components at
these joints through a set of equilibrium equations. In matrix notation, this set of equations
[Eqg. (3.134)] is represented by

P = KA (3.145)
where P = column vector of nodal external load components {P,, P,, . . ., P, }"
K = stiffness matrix for the structure
A = column vector of nodal displacement components: {A,, A,, . .., A }7
n = total number of degrees of freedom

T = transpose of a matrix (columns and rows interchanged)

A typical element k; of K gives the load at nodal component i in the direction of load
component P, that produces a unit displacement at nodal component j in the direction of
displacement component A,. Based on the reciprocal theorem (see Art. 3.25), the square
matrix K is symmetrical, that is, k; = k.

For a specific structure, Eq. (3.145) is generated by first writing equations of equilibrium
at each node. Each force and moment component at a specific node must be balanced by
the sum of member forces acting at that joint. For a two-dimensional frame defined in the
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xy plane, force and moment components per node include F,, F,, and M_. In a three-
dimensional frame, there are six force and moment components per node: F,, F,, F_, M,,
M,, and M.. ’

From member force-displacement relationships similar to Eq. (3.135), member force com-
ponents in the equations of equilibrium are replaced with equivalent displacement relation-
ships. The resulting system of equilibrium equations can be put in the form of Eq. (3.145).

Nodal boundary conditions are then incorporated into Eq. (3.145). If, for example, there
are a total of n degrees of freedom, of which m degrees of freedom are restrained from
displacement, there would be n — m unknown displacement components and m unknown
restrained force components or reactions. Hence a total of (n — m) + m = n unknown
displacements and reactions could be determined by the system of n equations provided with
Eq. (3.145).

Once all displacement components are known, member forces may be determined from
the member force-displacement relationships.

For a prismatic member subjected to the end forces and moments shown in Fig. 3.81a,
displacements at the ends of the member are related to these member forces by the matrix
expression

F, AL 0 0 -AL2 0 0 (A,

F, 0 121 6L 0 —121 6IL ||A]

M\ _E| 0 6L 4> 0 —6IL 2I* |]6, (3.146)
F,("|-A2 o 0o AL 0 0 [Ja, :
F, 0 —12I 6L 0 121 —6IL||A]

M, 0 6L 212 0 —6IL 4II? [|6]

where L = length of member (distance between i and j)
E = modulus of elasticity
A = cross-sectional area of member
I = moment of inertia about neutral axis in bending

In matrix notation, Eq. (3.146) for the ith member of a structure can be written

N Fyi» &y

Fx] ’ Ax]

<* (a) X (b)

FIGURE 3.81 Member of a continuous structure. (a) Forces at the ends of the member and
deformations are given with respect to the member local coordinate system; (b) with respect to
the structure global coordinate system.
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S! = k5! (3.147)

where S; = vector forces and moments acting at the ends of member i
stiftness matrix for member i
vector of deformations at the ends of member i

=4
o

The force-displacement relationships provided by Egs. (3.146) and (3.147) are based on
the member’s xy local coordinate system (Fig. 3.81a). If this coordinate system is not
aligned with the structure’s XY global coordinate system, these equations must be modified
or transformed. After transformation of Eq. (3.147) to the global coordinate system, it would
be given by

S, = k.5, (3.148)

I'’S;! = force vector for member i, referenced to global coordinates

I'’KkT'; = member stiffness matrix

I'78; = displacement vector for member i, referenced to global coordinates
= transformation matrix for member i

where S,

i

i

o

i

For the member shown in Fig. 3.81b, which is defined in two-dimensional space, the trans-
formation matrix is

cosa sina O 0 0 0

—sina cosa O 0 0 0

_ 0 0 1 0 0 0
= 0 0 0 cosa sina O (3.149)

0 0 0 —sina cosa O

0 0 0 0 0 1

where o = angle measured from the structure’s global X axis to the member’s local x axis.

Example. To demonstrate the matrix displacement method, the rigid frame shown in Fig.
3.82a. will be analyzed. The two-dimensional frame has three joints, or nodes, A, B, and C,
and hence a total of nine possible degrees of freedom (Fig. 3.82b). The displacements at
node A are not restrained. Nodes B and C have zero displacement. For both AB and AC,
modulus of elasticity £ = 29,000 ksi, area A = 1 in?, and moment of inertia / = 10 in*.
Forces will be computed in kips; moments, in kip-in.

At each degree of freedom, the external forces must be balanced by the member forces.
This requirement provides the following equations of equilibrium with reference to the global
coordinate system:

At the free degree of freedom at node A, 2F,, = 0, 2F,, = 0, and 2M_, = O:

10 = Fopp + Fisc (3.150a)
=200 = F, 43 + Fac (3.150p)
0=M, 5+ M., (3.150¢)

At the restrained degrees of freedom at node B, 2F,; = 0, 2F,; = 0, and 2M_, = O:

Ry—Fuyy= 0 (3.151a)
Ry~ Foy=0 (3.151b)
My — My, =0 (3.1510)

At the restrained degrees of freedom at node C, F,. = 0, 2F,c = 0, and M . = 0:
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FIGURE 3.82 (a) Two-member rigid frame, with modulus of elasticity £ = 29,000 ksi, area
A =1 in% and moment of inertia / = 10 in*. (b) Degrees of freedom at nodes.

Re—Fn=0
RyC - FyCA = O

Me— M, =0

(3.152q)
(3.152b)

(3.152¢)

where subscripts identify the direction, member, and degree of freedom.

Member force components in these equations are then replaced by equivalent displace-
ment relationships with the use of Eq. (3.148). With reference to the global coordinates,
these relationships are as follows:

For member AB with a = 0°, S,; = T4 K, ;[ 150.5:

N —

F B A

Y

MZBA)

For member AC with a = 60°, S, = T4 K, T8,

N —

402.8
0
0
—402.8
0
0

51.22
86.70
=72.67
—51.22
—86.70
=72.67

0
9.324
335.6

0

—9.324
335.6

86.70
151.3
41.96
—86.70
—151.3
41.96

0
335.6
16111

0

—335.6
8056

=72.67
41.96
8056
72.67
—41.96
4028

—402.8
0
0
402.8
0
0

—51.22
—86.70
72.67
51.22
86.70
72.67

0
—9.324
—335.6

0

9.324
—335.6

—86.70
—151.3
—41.96
86.70
151.3
—41.96

0 (A
3356 || A
8056 |} 6.,
o [Jalp G153
~335.6 || A,
16111 || ©.4)

~72.677 (A,
A

41.96 || A,

4028 || o,

7267 |\ A ( G
~41.96 || A,

8056 | ©
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Incorporating the support conditions A, = A, = O = A = A, = O = 0 into Egs.
(3.153) and (3.154) and then substituting the resulting displacement relationships for the
member forces in Egs. (3.150) to (3.152) yields

. — -
10 ) 4028 + 5122 0 + 86.70 0 — 72.67
~200 0+ 8670 9324 + 1513 335.6 + 41.96
0 0 - 7267 3356 +41.96 16111 + 8056
R, ~402.8 0 0 A,
{ Ry p= 0 -9.324 ~335.6 At (3.155)
M, 0 335.6 8056 0.,
R ~51.22 ~86.70 72.67
R, ~86.70 ~1513 ~41.96
M ~72.67 41.96 4028
\ - -

Equation (3.155) contains nine equations with nine unknowns. The first three equations may
be used to solve the displacements at the free degrees of freedom A, = K;/P,:

A, 4540 8670 —-72.671'( 10 0.3058
A,t=1| 8670 160.6 377.6| {200} =4 —1.466 (3.156a)
0., ~72.67 377.6 24167 0 0.0238

These displacements may then be incorporated into the bottom six equations of Eq. (3.155)
to solve for the unknown reactions at the restrained nodes, P, = KA.

R, [-4028 0 0 ~1232
R, 0 —9324 3356 5.67

| |0 3356 sose || OFEL J-s00a( e
Re(™|-5122 8670 7267 [) olaee 1132 :
Re| |-8670 —1513 —a1.96 [LO 1943

M. |-7267 4196 4028 122

With all displacement components now known, member end forces may be calculated.
Displacement components that correspond to the ends of a member should be transformed
from the global coordinate system to the member’s local coordinate system, 8 = I'8.

For member AB with a = 0%

A, 1 00 0 0 07](0.3058) 0.3058

Al, 01 0 0 0 0]]—1.466 —1.466

oL, _[0 0 1 0 0 0})0.0238( _ J0.0238

At 1o oo 100y o () o (3.157a)

Alg 00 0 010 0 0

Ol 00 0 0 0 1 (U 0

For member AC with o = 60°:

A, 0.5 0.866 0 0 0 07 (0.3058 —-1.1117
A'ya -0866 05 0 0 0 0[] —1.466 —-0.9978
0, (_ 0 0 1 0 0 0()0.0238 | _ J 0.0238
Al 0 0 0 0.5 0.866 0 0 0
Ale 0 0 0 —-086 05 0 0 0
(S} 0 0 0 0 0 1] 0 0

(3.157b)
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Member end forces are then obtained by multiplying the member stiffness matrix by the
membr end displacements, both with reference to the member local coordinate system,

S’ =Kk'd.
For member AB in the local coordinate system:
Fl.g 402.8 0 0 —-402.8 0 0
F iz 0 9.324 335.6 0 —-9.324 335.6
M 5\ _ 0 335.6 16111 0 —335.6 8056
- —-402.8 0 0 402.8 0 0
Flpa 0 —-9.324 -335.6 0 9.324 -335.6
My, 0 335.6 8056 0 —335.6 16111
0.3058 (123.2
—1.466 -5.67
0.0238 | _ ] —108.2
0 T ) -1232 (3.158)
0 5.67
0 | —300.1
For member AC in the local coordinate system:
Fl,c 201.4 0 0 -201.4 0 0 ]
Fiac 0 1.165 83.91 0 —1.165 83.91
Moo\ _ 0 83.91 8056 0 —-83.91 4028
Fiea -201.4 0 0 201.4 0 0
Flea 0 —-1.165 -83.91 0 1.165 —83.91
M., 0 83.91 4028 0 —83.91 8056 |
—-1.1117 (—224.9
—-0.9978 0.836
0.0238 | _ ] 108.2
X 0 =19 2459 (3.159)
0 —-0.836
0 [ 122

At this point all displacements, member forces, and reaction components have been deter-
mined.

The matrix displacement method can be used to analyze both determinate and indeter-
minate frames, trusses, and beams. Because the method is based primarily on manipulating
matrices, it is employed in most structural-analysis computer programs. In the same context,
these programs can handle substantial amounts of data, which enables analysis of large and
often complex structures.

(W. McGuire, R. H. Gallagher and R. D. Ziemian, Matrix Structural Analysis, John Wiley
& Sons Inc., New York; D. L. Logan, A First Course in the Finite Element Method, PWS-
Kent Publishing, Boston, Mass.)

3.40 INFLUENCE LINES

In studies of the variation of the effects of a moving load, such as a reaction, shear, bending
moment, or stress, at a given point in a structure, use of diagrams called influence lines is
helpful. An influence line is a diagram showing the variation of an effect as a unit load
moves over a structure.
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An influence line is constructed by plotting the position of the unit load as the abscissa
and as the ordinate at that position, to some scale, the value of the effect being studied. For
example, Fig. 3.83a shows the influence line for reaction A in simple-beam AB. The sloping
line indicates that when the unit load is at A, the reaction at A is 1.0. When the load is at
B, the reaction at A is zero. When the unit load is at midspan, the reaction at A is 0.5. In
general, when the load moves from B toward A, the reaction at A increases linearly: R, =
(L — x)/L, where x is the distance from A to the position of the unit load.

Figure 3.83b shows the influence line for shear at the quarter point C. The sloping lines
indicate that when the unit load is at support A or B, the shear at C is zero. When the unit
load is a small distance to the left of C, the shear at C is —0.25; when the unit load is a
small distance to the right of C, the shear at C is 0.75. The influence line for shear is linear
on each side of C.

Figure 3.83c¢ and d show the influence lines for bending moment at midspan and quarter
point, respectively. Figures 3.84 and 3.85 give influence lines for a cantilever and a simple
beam with an overhang.

Influence lines can be used to calculate reactions, shears, bending moments, and other
effects due to fixed and moving loads. For example, Fig. 3.86a shows a simply supported
beam of 60-ft span subjected to a dead load w = 1.0 kip per ft and a live load consisting
of three concentrated loads. The reaction at A due to the dead load equals the product of
the area under the influence line for the reaction at A (Fig. 3.86b) and the uniform load w.
The maximum reaction at A due to the live loads may be obtained by placing the concentrated
loads as shown in Fig. 3.86b and equals the sum of the products of each concentrated load
and the ordinate of the influence line at the location of the load. The sum of the dead-load
reaction and the maximum live-load reaction therefore is

A o B A C D 8
L/qJ‘ 3L/4 L/a L L/2 LL/A
Rad L bt A
P X
o \
- 1.0
(a) REACTION AT A (o) REACTION AT B
';I
t
g
L/a 17§ 3L/ 1.0
(b) SHEAR AT C L/ 3L/
& (b) SHEAR AT C
3
VRNRY )
(c) MOMENT AT MIDSPAN c) MOMENT AT B
3
L
-
” p |
N
L/g 3/ ki 3L/ A
(d) MOMENT AT C (d) MOMENT AT D

FIGURE 3.83 Influence diagrams for a simple FIGURE 3.84 Influence diagrams for a cantilever.
beam.
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R,=% X 10Xx60x10+ 16 X 1.0 + 16 X 0.767 + 4 X 0.533 = 60.4 kips

Figure 3.86¢ is the influence diagram for midspan bending moment with a maximum ordinate
L/4 = %% = 15. Figure 3.86¢ also shows the influence diagram with the live loads positioned
for maximum moment at midspan. The dead load moment at midspan is the product of w
and the area under the influence line. The midspan live-load moment equals the sum of the
products of each live load and the ordinate at the location of each load. The sum of the
dead-load moment and the maximum live-load moment equals

M="%X15%X60 X 10+ 16 X 15 + 16 X 8 + 4 X 8 = 850 ft-kips

An important consequence of the reciprocal theorem presented in Art. 3.25 is the Mueller-
Breslau principle: The influence line of a certain effect is to some scale the deflected shape
of the structure when that effect acts.

The effect, for example, may be a reaction, shear, moment, or deflection at a point. This
principle is used extensively in obtaining influence lines for statically indeterminate structures
(see Art. 3.28).

Figure 3.87a shows the influence line for reaction at support B for a two-span continuous
beam. To obtain this influence line, the support at B is replaced by a unit upward-concentrated
load. The deflected shape of the beam is the influence line of the reaction at point B to some

See

8BB
A P i c
(.

INFLUENCE LINE FOR REACTION AT B

(o]

Je—:
>

pr— = C
(b)
INFLUENCE LINE FOR REACTION AT A

A4
/\
AN BA\_//AC
(c)

INFLUENCE LINE FOR MOMENT AT P

1\
P B c
)

A T u
T~ (d

INFLUENCE LINE FOR SHEAR AT P

FIGURE 3.87 Influence lines for a two-span continuous beam.
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scale. To show this, let 8, be the deflection at B due to a unit load at any point P when
the support at B is removed, and let 8,; be the deflection at B due to a unit load at B. Since,
actually, reaction R, prevents deflection at B, R;6y; — 6zp = 0. Thus R, = 6,,/ 6y, By Eq.
(3.124), however, 8, = 8,5 Hence

R, = 2 = Oz (3.160)

2
&
>
g

Since 8, is constant, R, is proportional to 8,5, which depends on the position of the unit
load. Hence the influence line for a reaction can be obtained from the deflection curve
resulting from replacement of the support by a unit load. The magnitude of the reaction may
be obtained by dividing each ordinate of the deflection curve by the displacement of the
support due to a unit load applied there.

Similarly, influence lines may be obtained for reaction at A and moment and shear at P
by the Mueller-Breslau principle, as shown in Figs. 3.87b, ¢, and d, respectively.

(C. H. Norris et al., Elementary Structural Analysis; and F. Arbabi, Structural Analysis
and Behavior, McGraw-Hill, Inc., New York.)

INSTABILITY OF STRUCTURAL COMPONENTS

3.41 ELASTIC FLEXURAL BUCKLING OF COLUMNS

A member subjected to pure compression, such as a column, can fail under axial load in
either of two modes. One is characterized by excessive axial deformation and the second by
flexural buckling or excessive lateral deformation.

For short, stocky columns, Eq. (3.48) relates the axial load P to the compressive stress
f. After the stress exceeds the yield point of the material, the column begins to fail. Its load
capacity is limited by the strength of the material.

In long, slender columns, however, failure may take place by buckling. This mode of
instability is often sudden and can occur when the axial load in a column reaches a certain
critical value. In many cases, the stress in the column may never reach the yield point. The
load capacity of slender columns is not limited by the strength of the material but rather by
the stiffness of the member.

Elastic buckling is a state of lateral instability that occurs while the material is stressed
below the yield point. It is of special importance in structures with slender members.

A formula for the critical buckling load for pin-ended columns was derived by Euler in
1757 and is till in use. For the buckled shape under axial load P for a pin-ended column of
constant cross section (Fig. 3.88a), Euler’s column formula can be derived as follows:

With coordinate axes chosen as shown in Fig. 3.88b, moment equilibrium about one end
of the column requires

M(x) + Py(x) =0 (3.161)

where M(x) = bending moment at distance x from one end of the column
y(x) = deflection of the column at distance x

Substitution of the moment-curvature relationship [Eq. (3.79)] into Eq. (3.161) gives

d?y
El— + P = 162
Ic? y(x) =0 (3.162)
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where E = modulus of elasticity of the material
I = moment of inertia of the cross section about the bending axis
The solution to this differential equation is
y(x) = A cos Ax + B sin Ax (3.163)
where A = VVP/EI

A, B = unknown constants of integration

Substitution of the boundary condition y(0) = 0 into Eq. (3.163) indicates that A = 0. The
additional boundary condition y(L) = 0 indicates that

Bsin AL =0 (3.164)

where L is the length of the column. Equation (3.164) is often referred to as a transcendental
equation. It indicates that either B = 0, which would be a trivial solution, or that AL must
equal some multiple of 7. The latter relationship provides the minimum critical value of P:

(a) (b)

FIGURE 3.88 Buckling of a pin-ended column under axial load. (b) Internal forces hold the
column in equilibrium.
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m2El
M=a P=T2

(3.165)

This is the Euler formula for pin-ended columns. On substitution of Ar? for I, where A
is the cross-sectional area and r the radius of gyration, Eq. (3.165) becomes

_ @’EA
(L/r)?

(3.166)

L/r is called the slenderness ratio of the column.

Euler’s formula applies only for columns that are perfectly straight, have a uniform cross
section made of a linear elastic material, have end supports that are ideal pins, and are
concentrically loaded.

Equations (3.165) and (3.166) may be modified to approximate the critical buckling load
of columns that do not have ideal pins at the ends. Table 3.4 illustrates some ideal end
conditions for slender columns and corresponding critical buckling loads. It indicates that
elastic critical buckling loads may be obtained for all cases by substituting an effective length
KL for the length L of the pinned column assumed for the derivation of Eq. (3.166):

TABLE 3.4 Buckling Formulas for Columns

Type of column Effective length Critical buckling load
2El

-t L LZ

4

R i L 4m2El

> | 2 12

3

-]

-
~ 2m2El
e} =0.7L ~
) L
0
O~
2El
2L m Bl
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_ w’EA
(KL/ 1y

(3.167)

Equation (3.167) also indicates that a column may buckle about either the section’s major
or minor axis depending on which has the greater slenderness ratio KL/r.

In some cases of columns with open sections, such as a cruciform section, the controlling
buckling mode may be one of twisting instead of lateral deformation. If the warping rigidity
of the section is negligible, torsional buckling in a pin-ended column will occur at an axial
load of

P=— (3.168)

where G = shear modulus of elasticity
J = torsional constant
A = cross-sectional area

I, = polar moment of inertia = I, + I,

If the section possesses a significant amount of warping rigidity, the axial buckling load is
increased to

A
P==- +
1<GJ

P

7EC,,
I > (3.169)
where C,, is the warping constant, a function of cross-sectional shape and dimensions (see
Fig. 3.89).

(S. P. Timoshenko and J. M. Gere, Theory of Elastic Stability, and F. Bleich, Buckling
Strength of Metal Structures, McGraw-Hill, Inc., New York; T. V. Galambos, Guide to Sta-
bility of Design of Metal Structures, John Wiley & Sons, Inc. New York; W. McGuire, Steel
Structures, Prentice-Hall, Inc., Englewood Cliffs, N.J.)

3.42 ELASTIC LATERAL BUCKLING OF BEAMS

Bending of the beam shown in Fig. 3.90a produces compressive stresses within the upper
portion of the beam cross section and tensile stresses in the lower portion. Similar to the
behavior of a column (Art. 3.41), a beam, although the compressive stresses may be well
within the elastic range, can undergo lateral buckling failure. Unlike a column, however, the
beam is also subjected to tension, which tends to restrain the member from lateral translation.
Hence, when lateral buckling of the beam occurs, it is through a combination of twisting
and out-of-plane bending (Fig. 3.900).

For a simply supported beam of rectangular cross section subjected to uniform bending,
buckling occurs at the critical bending moment

T
M, =+
cr L

VEI,GJ (3.170)

where L = unbraced length of the member
E = modulus of elasticity
I, = moment of inertial about minor axis
G = shear modulus of elasticity
J = torsional constant
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FIGURE 3.89 Torsion-bending constants for torsional buckling. A =
cross-sectional area; /, = moment of inertia about x—x axis; I/, = moment of
inertia about y—y axis. (After F. Bleich, Buckling Strength of Metal Structures,
McGraw-Hill Inc., New York.)

As indicted in Eq. (3.170), the critical moment is proportional to both the lateral bending
stiffness EI,/L and the torsional stiffness of the member GJ/L.

For the case of an open section, such as a wide-flange or I-beam section, warping rigidity
can provide additional torsional stiffness. Buckling of a simply supported beam of open cross
section subjected to uniform bending occurs at the critical bending moment

T 2
= - + — .
M, I \/EI\ <GJ EC, L2> (3.171)
where C,, is the warping constant, a function of cross-sectional shape and dimensions (see
Fig. 3.89).

In Eq. (3.170) and (3.171), the distribution of bending moment is assumed to be uniform.
For the case of a nonuniform bending-moment gradient, buckling often occurs at a larger
critical moment. Approximation of this critical bending moment M/, may be obtained by
multiplying M, given by Eq. (3.170) or (3.171) by an amplification factor:

M., =CM, (3.172)
12.5M,
here C, = — d .
WIS &0 = 5 SM_ + 3M, + 4M, + 3M, " (3.172a)
M, .. = absolute value of maximum moment in the unbraced beam segment

=
|

absolute value of moment at quarter point of the unbraced beam segment
= absolute value of moment at centerline of the unbraced beam segment
M = absolute value of moment at three-quarter point of the unbraced beam segment

=
|

a
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Compressive Stress

M i M

Tensile Stress

L \|
r L ’|

(b)

FIGURE 3.90 (a) Simple beam subjected to equal end moments. (b) Elastic lateral buck-
ling of the beam.

C, equals 1.0 for unbraced cantilevers and for members where the moment within a
significant portion of the unbraced segment is greater than or equal to the larger of the
segment end moments.

(S. P. Timoshenko and J. M. Gere, Theory of Elastic Stability, and F. Bleich, Buckling
Strength of Metal Structures, McGraw-Hill, Inc., New York; T. V. Galambos, Guide to Sta-
bility of Design of Metal Structures, John Wiley & SOns, Inc., New York; W. McGuire, Steel
Structures, Prentice-Hall, Inc., Englewood Cliffs, N.J.; Load and Resistance Factor Design
Specification for Structural Steel Buildings, American Institute of Steel Construction, Chi-
cago, 1ll.)

3.43 ELASTIC FLEXURAL BUCKLING OF FRAMES

In Arts. 3.41 and 3.42, elastic instabilities of isolated columns and beams are discussed.
Most structural members, however, are part of a structural system where the ends of the
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members are restrained by other members. In these cases, the instability of the system gov-
erns the critical buckling loads on the members. It is therefore important that frame behavior
be incorporated into stability analyses. For details on such analyses, see T. V. Galambos,
Guide to Stability of Design of Metal Structures, John Wiley & Sons, Inc., New York; S.
Timoshenko and J. M. Gere, Theory of Elastic Stability, and F. Bleich, Buckling Strength of
Metal Structures, McGraw-Hill, Inc., New York.

3.44 LOCAL BUCKLING

Buckling may sometimes occur in the form of wrinkles in thin elements such as webs,
flanges, cover plates, and other parts that make up a section. This phenomenon is called
local buckling.

The critical buckling stress in rectangular plates with various types of edge support and
edge loading in the plane of the plates is given by

mE

ST (3.173)

for

where k = constant that depends on the nature of loading, length-to-width ratio of plate, and
edge conditions
E = modulus of elasticity
n = Poisson’s ratio [Eq. (3.39)]
b = length of loaded edge of plate, or when the plate is subjected to shearing forces,
the smaller lateral dimension
t = plate thickness

Table 3.5 lists values of k for various types of loads and edge support conditions. (From
formulas, tables, and curves in F. Bleich, Buckling Strength of Metal Structures, S. P. Ti-
moshenko and J. M. Gere, Theory of Elastic Stability, and G. Gernard. Introduction to
Structural Stability Theory, McGraw-Hill, Inc., New York.)

NONLINEAR BEHAVIOR OF STRUCTURAL SYSTEMS

Contemporary methods of steel design require engineers to consider the behavior of a struc-
ture as it reaches its limit of resistance. Unless premature failure occurs due to local buckling,
fatigue, or brittle fracture, the strength limit-state behavior will most likely include a non-
linear response. As a frame is being loaded, nonlinear behavior can be attributed primarily
to second-order effects associated with changes in geometry and yielding of members and
connections.

3.45 COMPARISONS OF ELASTIC AND INELASTIC ANALYSES

In Fig. 3.91, the empirical limit-state response of a frame is compared with response curves
generated in four different types of analyses: first-order elastic analysis, second-order
elastic analysis, first-order inelastic analysis, and second-order inelastic analysis. In a
first-order analysis, geometric nonlinearities are not included. These effects are accounted
for, however, in a second-order analysis. Material nonlinear behavior is not included in an
elastic analysis but is incorporated in an inelastic analysis.
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TABLE 3.5 Values of k for Buckling Stress in Thin Plates

I HHHH l/HHHH W
‘&A” Clamped Clamped
sldogn?;ed Aslnirr?glgyes edges sdeee
suppor ted / /\—
a [IARARARN RRRRARRA (AARAAARL RAAREAR
b Case 1 Case 2 Case 3 Case 4
0.4 28.3 8.4 9.4
0.6 15.2 5.1 134 7.1
0.8 11.3 4.2 8.7 7.3
1.0 10.1 4.0 6.7 7.7
1.2 9.4 4.1 5.8 7.1
1.4 8.7 4.5 5.5 7.0
1.6 8.2 4.2 53 7.3
1.8 8.1 4.0 5.2 7.2
2.0 7.9 4.0 49 7.0
2.5 7.6 4.1 4.5 7.1
3.0 7.4 4.0 4.4 7.1
3.5 7.3 4.1 4.3 7.0
4.0 7.2 4.0 4.2 7.0
o 7.0 4.0 4.0 S
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FIGURE 3.91 Load-displacement responses for a rigid frame determined by different methods
of analysis.

In most cases, second-order and inelastic effects have interdependent influences on frame
stability; i.e., second-order effects can lead to more inelastic behavior, which can further
amplify the second-order effects. Producing designs that account for these nonlinearities
requires use of either conventional methods of linear elastic analysis (Arts. 3.29 to 3.39)
supplemented by semiempirical or judgmental allowances for nonlinearity or more advanced
methods of nonlinear analysis.

3.46 GENERAL SECOND-ORDER EFFECTS

A column unrestrained at one end with length L and subjected to horizontal load H and
vertical load P (Fig. 3.92a) can be used to illustrate the general concepts of second-order
behavior. If E is the modulus of elasticity of the column material and 7 is the moment of
inertia of the column, and the equations of equilibrium are formulated on the undeformed
geometry, the first-order deflection at the top of the column is A, = HL?/3EI, and the first-
order moment at the base of the column is M, = HL (Fig. 3.92b). As the column deforms,
however, the applied loads move with the top of the column through a deflection 8. In this
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FIGURE 3.92 (a) Column unrestrained at one end, where horizontal and vertical loads act.
(b) First-order maximum bending moment M, occurs at the base. (¢) The column with top
displaced by the forces. (d) Second-order maximum moment M, occurs at the base.

case, the actual second-order deflection & = A, not only includes the deflection due to the
horizontal load H but also the deflection due to the eccentricity generated with respect to
the neutral axis of the column when the vertical load P is displaced (Fig. 3.92¢). From
equations of equilibrium for the deformed geometry, the second-order base moment is M, =
HL + PA, (Fig. 3.92d). The additional deflection and moment generated are examples of
second-order effects or geometric nonlinearities.

In a more complex structure, the same type of second-order effects can be present. They
may be attributed primarily to two factors: the axial force in a member having a significant
influence on the bending stiffness of the member and the relative lateral displacement at the
ends of members. Where it is essential that these destabilizing effects are incorporated within
a limit-state design procedure, general methods are presented in Arts. 3.47 and 3.48.
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3.47 APPROXIMATE AMPLIFICATION FACTORS FOR
SECOND-ORDER EFFECTS

One method for approximating the influences of second-order effects (Art. 3.46) is through
the use of amplification factors that are applied to first-order moments. Two factors are
typically used. The first factor accounts for the additional deflection and moment produced
by a combination of compressive axial force and lateral deflection 6 along the span of a
member. It is assumed that there is no relative lateral translation between the two ends of
the member. The additional moment is often termed the P& moment. For a member subject
to a uniform first-order bending moment M,, and axial force P (Fig. 3.93) with no relative
translation of the ends of the member, the amplification factor is

1

B, = 7P, (3.174)

where P, is the elastic critical buckling load about the axis of bending (see Art. 3.41). Hence
the moments from a second-order analysis when no relative translation of the ends of the
member occurs may be approximated by

M, = BM,, (3.175)

where B, = 1.
The amplification factor in Eq. (3.174) may be modified to account for a non-uniform
moment or moment gradient (Fig. 3.94) along the span of the member:

Co
Bl = m (3176)

where C,, is a coefficient whose value is to be taken as follows:

1. For compression members with ends restrained from joint translation and not subject
to transverse loading between supports, C,, = 0.6 — 0.4(M,/M,), M, is the smaller and M,
is the larger end moment in the unbraced length of the member. M,/M, is positive when the
moments cause reverse curvature and negative when they cause single curvature.

P

/TM

2ND - ORDER 2ND . ORDER

——P3
1ST - ORDER 1ST- ORDER
Y M
(b) DEFLECTED SHAPE
P (¢) MOMENT DIAGRAM

@
FIGURE 3.93 P$ effect for beam-column with uniform bending.
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FIGURE 3.94 P$ effect for beam-column with nonuniform bending.

2. For compression members subject to transverse loading between supports, C,, = 1.0.

The second amplification factor accounts for the additional deflections and moments that
are produced in a frame that is subject to sidesway, or drift. By combination of compressive
axial forces and relative lateral translation of the ends of members, additional moments are
developed. These moments are often termed the PA moments. In this case, the moments
M,, determined from a first-order analysis are amplified by the factor

1

[P
SP,

B, = (3.177)

where 2P = total axial load of all columns in a story
2P, = sum of the elastic critical buckling loads about the axis of bending for all
columns in a story

Hence the moments from a second-order analysis when lateral translation of the ends of the
member occurs may be approximated by

M,, = B,M, (3.178)

For an unbraced frame subjected to both horizontal and vertical loads, both Pé and PA
second-order destabilizing effects may be present. To account for these effects with ampli-
fication factors, two first-order analyses are required. In the first analysis, nt (no translation)
moments are obtained by applying only vertical loads while the frame is restrained from
lateral translation. In the second analysis, It (liner translation) moments are obtained for the
given lateral loads and the restraining lateral forces resulting from the first analysis. The
moments from an actual second-order analysis may then be approximated by

M = BM,, + B,M, (3.179)

(T. V. Galambos, Guide to Stability of Design of Metal Structures, John Wiley & Sons,
Inc, New York; W. McGuire, Steel Structures, Prentice-Hall, Inc., Englewood Cliffs, N.J.;
Load and Resistance Factor Design Specifications for Structural Steel Buildings, American
Institute of Steel Construction, Chicago, Ill.)
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3.48 GEOMETRIC STIFFNESS MATRIX METHOD FOR SECOND-
ORDER EFFECTS

The conventional matrix stiffness method of analysis (Art. 3.39) may be modified to include
directly the influences of second-order effects described in Art. 3.46. When the response of
the structure is nonlinear, however, the linear relationship in Eq. (3.145), P = KA, can no
longer be used. An alternative is a numerical solution obtained through a sequence of linear
steps. In each step, a load increment is applied to the structure and the stiffness and geometry
of the frame are modified to reflect its current loaded and deformed state. Hence Eq. (3.145)
is modified to the incremental form

5P = K,5A (3.180)

where 8P = the applied load increment
K, = the modified or tangent stiffness matrix of the structure
8A = the resulting increment in deflections

The tangent stiffness matrix K, is generated from nonlinear member force-displacement re-
lationships. They are reflected by the nonlinear member stiffness matrix

k' =k, + kg (3.181)
where k;. = the conventional elastic stiffness matrix (Art. 3.39)
k; = a geometric stiffness matrix which depends not only on geometry but also on

the existing internal member forces.

In this way, the analysis ensures that the equations of equilibrium are sequentially being
formulated for the deformed geometry and that the bending stiffness of all members is
modified to account for the presence of axial forces.

Inasmuch as a piecewise linear procedure is used to predict nonlinear behavior, accuracy
of the analysis increases as the number of load increments increases. In many cases, however,
good approximations of the true behavior may be found with relatively large load increments.
The accuracy of the analysis may be confirmed by comparing results with an additional
analysis that uses smaller load steps.

(W. McGuire, R. H. Gallagher, and R. D. Ziemian, Matrix Structural Analysis, John Wiley
& Sons, Inc., New York; W. F. Chen and E. M. Lui, Stability Design of Steel Frames, CRC
Press, Inc., Boca Raton, Fla.; T. V. Galambos, Guide to Stability Design Criteria for Metal
Structures, John Wiley & Sons, Inc., New York)

3.49 GENERAL MATERIAL NONLINEAR EFFECTS

Most structural steels can undergo large deformations before rupturing. For example, yielding
in ASTM A36 steel begins at a strain of about 0.0012 in per in and continues until strain
hardening occurs at a strain of about 0.014 in per in. At rupture, strains can be on the order
of 0.25 in per in. These material characteristics affect the behavior of steel members strained
into the yielding range and form the basis for the plastic theory of analysis and design.

The plastic capacity of members is defined by the amount of axial force and bending
moment required to completely yield a member’s cross section. In the absence of bending,
the plastic capacity of a section is represented by the axial yield load

P, = AF, (3.182)
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where A = cross-sectional area
F, = yield stress of the material
For the case of flexure and no axial force, the plastic capacity of the section is defined
by the plastic moment

M, = ZF, (3.183)

where Z is the plastic section modulus (Art. 3.16). The plastic moment of a section can be
significantly greater than the moment required to develop first yielding in the section, defined
as the yield moment

M, = SF, (3.184)

where S is the elastic section modulus (Art. 3.16). The ratio of the plastic modulus to the
elastic section modulus is defined as a section’s shape factor

s = (3.185)

The shape factor indicates the additional moment beyond initial yielding that a section can
develop before becoming completely yielded. The shape factor ranges from about 1.1 for
wide-flange sections to 1.5 for rectangular shapes and 1.7 for round sections.

For members subjected to a combination of axial force and bending, the plastic capacity
of the section is a function of the section geometry. For example, one estimate of the plastic
capacity of a wide-flange section subjected to an axial force P and a major-axis bending
moment M, is defined by the interaction equation

P M.
— + 0. 2 =
P OSSM

y §24

1.0 (3.186)

where M, = major-axis plastic moment capacity = Z _F,. An estimate of the minor-axis
plastic capacity of wide-flange section is

2+O84MW—10 3.187
84— =1 (3.187)

Py

where M, = minor-axis bending moment, and M,, = minor-axis plastic moment capacity
=ZJF,.

When one section of a member develops its plastic capacity, an increase in load can
produce a large rotation or axial deformation or both, at this location. When a large rotation
occurs, the fully yielded section forms a plastic hinge. It differs from a true hinge in that
some deformation remains in a plastic hinge after it is unloaded.

The plastic capacity of a section may differ from the ultimate strength of the member or
the structure in which it exists. First, if the member is part of a redundant system (Art. 3.28),
the structure can sustain additional load by distributing the corresponding effects away from
the plastic hinge and to the remaining unyielded portions of the structure. Means for ac-
counting for this behavior are incorporated into inelastic methods of analysis.

Secondly, there is a range of strain hardening beyond F|, that corresponds to large strains
but in which a steel member can develop an increased resistance to additional loads. This
assumes, however, that the section is adequately braced and proportioned so that local or
lateral buckling does not occur.

Material nonlinear behavior can be demonstrated by considering a simply supported beam
with span L = 400 in and subjected to a uniform load w (Fig. 3.95a). The maximum moment
at midspan is M,,,, = wL?/8 (Fig. 3.95b). If the beam is made of a W24 X 103 wide-flange
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FIGURE 3.95 (a) Uniformly loaded simple beam. (b)) Moment
diagram. (c) Development of a plastic hinge at midspan.

section with a yield stress F, = 36 ksi and a section modulus S, = 245 in?, the beam will
begin to yield at a bending moment of M, = F,S = 36 X 245 = 8820 in-kips. Hence,
when beam weight is ignored, the beam carries a uniform load w = 8M /L[> = 8 X 8820/
400% = 0.44 Kips/in. "

A W24 % 103 shape, however; has a plastic section modulus Z_ = 280 in>. Consequently,
the plastic moment equals M, = F\.Z = 36 X 280 = 10,080 in-kips. When beam weight
is ignored, this moment is produced by a uniform load w = 8M,/L> = 8 X 10,080/400* =
0.50 kips/in, an increase of 14% over the load at initiation of yield. The load developing
the plastic moment is often called the limit, or ultimate load. It is under this load that the
beam, with hinges at each of its supports, develops a plastic hinge at midspan (Fig. 3.95¢)
and becomes unstable. If strain-hardening effects are neglected, a kinematic mechanism has
formed, and no further loading can be resisted.

If the ends of a beam are fixed as shown in Fig. 3.96a, the midspan moment is M, ;, =
wL?/24. The maximum moment occur at the ends, M, , = wL?/12 (Fig. 3.96b). If the beam
has the same dimensions as the one in Fig. 3.954, the beam begins to yield at uniform load
w = 12M /L* = 12 X 8820/400% = 0.66 kips/in. If additional load is applied to the beam,
plastic hinges eventually form at the ends of the beam at load w = 12M,/L*> = 12 X 10,080/
400% = 0.76 kips/in. Although plastic hinges exist at the supports, the beam is still stable
at this load. Under additional loading, it behaves as a simply supported beam with moments
M, at each end (Fig. 3.96¢) and a maximum moment M,,, = wL>/8 — M, at midspan (Fig.
3.96d). The limit load of the beam is reached when a plastic hinge forms at midspan,
M,.a = M, thus creating a mechanism (Fig. 3.96¢). The uniform load at which this occurs

mid
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FIGURE 3.96 (@) Uniformly loaded fixed-end beam. (b) Moment diagram. (c)
Beam with plastic hinges at both ends. (d) Moment diagram for the plastic con-
dition. (e) Beam becomes unstable when plastic hinge also develops in the in-
terior.
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isw = 2M, X 8/L> = 2 X 10,080 X 8/400> = 1.01 kips/in, a load that is 53% greater
than the load at which initiation of yield occurs and 33% greater than the load that produces
the first plastic hinges.

3.50 CLASSICAL METHODS OF PLASTIC ANALYSIS

In continuous structural systems with many members, there are several ways that mechanisms
can develop. The limit load, or load creating a mechanism, lies between the loads com-
puted from upper-bound and lower-bound theorems. The upper-bound theorem states that
a load computed on the basis of an assumed mechanism will be greater than, or at best equal
to, the true limit load. The lower-bound theorem states that a load computed on the basis
of an assumed bending-moment distribution satisfying equilibrium conditions, with bending
moments nowhere exceeding the plastic moment M, is less than, or at best equal to, the
true limit load. The plastic moment is M, = ZF, where Z = plastic section modulus and
F, = yield stress. If both theorems yield the same load, it is the true ultimate load.

In the application of either theorem, the following conditions must be satisfied at the limit
load: External forces must be in equilibrium with internal forces; there must be enough
plastic hinges to form a mechanism; and the plastic moment must not be exceeded anywhere
in the structure.

The process of investigating mechanism failure loads to determine the maximum load a
continuous structure can sustain is called plastic analysis.

3.50.1 Equilibrium Method

The statical or equilibrium method is based on the lower-bound theorem. It is convenient
for continuous structures with few members. The steps are

 Select and remove redundants to make the structure statically determinate.
* Draw the moment diagram for the given loads on the statically determinate structure.

e Sketch the moment diagram that results when an arbitrary value of each redundant is
applied to the statically determinate structure.

¢ Superimpose the moment diagrams in such a way that the structure becomes a mechanism
because there are a sufficient number of the peak moments that can be set equal to the
plastic moment M,,.

e Compute the ultimate load from equilibrium equations.
* Check to see that M, is not exceeded anywhere.

To demonstrate the method, a plastic analysis will be made for the two-span continuous
beam shown in Fig. 3.97a. The moment at C is chosen as the redundant. Figure 3.97b shows
the bending-moment diagram for a simple support at C and the moment diagram for an
assumed redundant moment at C. Figure 3.97¢ shows the combined moment diagram. Since
the moment at D appears to exceed the moment at B, the combined moment diagram may
be adjusted so that the right span becomes a mechanism when the peak moments at C and
D equal the plastic moment M, (Fig. 3.97d).

If M- = M, = M, then equilibrium of span CE requires that at D,

2L<2_P_%>_4LL_%

M, ==
= 3\3 L) 9 3

from which the ultimate load P, may be determined as
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Mg = Mp

Mg = Mp ©
FIGURE 3.97 (a) Two-span continuous beam with concentrated loads. (b)
Moment diagrams for positive and negative moments. (¢) Combination of mo-
ment diagrams in (b). (d) Valid solution for ultimate load is obtained with plastic
moments at peaks at C and D, and M, is not exceeded anywhere. (e) Invalid
solution results when plastic moment is assumed to occur at B and M, is ex-
ceeded at D.
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b9 M+2M,, _15M,
w4\ 3 ) 4L

The peak moment at B should be checked to ensure that M, = M,,. For the ultimate load
P, and equilibrium in span AC,

PL M, 15M,L M, M,
M, =——= — 2= L= _ PP M
? 4 2 4L 4 2 16 ’

This indicates that at the limit load, a plastic hinge will not form in the center of span AC.

If the combined moment diagram had been adjusted so that span AC becomes a mecha-
nism with the peak moments at B and C equaling M, (Fig. 3.97¢), this would not be a
statically admissible mode of failure. Equilibrium of span AC requires

P, = oM,
u L
Based on equilibrium of span CE, this ultimate load would cause the peak moment at D to
be
4P L 2M, O6M, 4L 2M,
M :_u__P:_/’___VZZM
) 3 L 9 3 r

In this case, M), violates the requirement that M, cannot be exceeded. The moment diagram
in Fig. 3.97¢ is not valid.

3.50.2 Mechanism Method

As an alternative, the mechanism method is based on the upper-bound theorem. It includes
the following steps:

¢ Determine the locations of possible plastic hinges.
* Select plastic-hinge configurations that represent all possible mechanism modes of failure.

 Using the principle of virtual work, which equates internal work to external work, calculate
the ultimate load for each mechanism.

¢ Assume that the mechanism with the lowest critical load is the most probable and hence
represents the ultimate load.

* Check to see that M, is not exceeded anywhere.

To illustrate the method, the ultimate load will be found for the continuous beam in Fig.
3.97a. Basically, the beam will become unstable when plastic hinges form at B and C (Fig.
3.98a) or C and D (Fig. 3.98b). The resulting constructions are called either independent
or fundamental mechanisms. The beam is also unstable when hinges form at B, C, and D
(Fig. 3.98c). This configuration is called a composite or combination mechanism and also
will be discussed.

Applying the principle of virtual work (Art. 3.23) to the beam mechanism in span AC
(Fig. 3.98d), external work equated to internal work for a virtual end rotation 6 gives

L
6P 5 = 260M, + 0M,

from which P = 6M,/L.
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FIGURE 3.98 Plastic analysis of two-span continuous beam by the mechanism method. Beam mechanisms
form when plastic hinges occur at (a) B and C, (b) C and D, and (c¢) B, C, and D. (d), (e) (f) show virtual
displacements assumed for the mechanisms in (a), (b), and (c), respectively.
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Similarly, by assuming a virtual end rotation « at E, a beam mechanism in span CE (Fig.
3.98¢) yields

L
2P 3 2a = 2aM, + 3aM,

from which P = 15M,/4L.

Of the two independent mechanisms, the latter has the lower critical load. This suggests
that the ultimate load is P, = 15M,/4L.

For the combination mechanism (Fig. 3.98f), application of virtual work yields

L L
0P 5+ 2P 320 = 20M, + OM, + 2aM, + 3aM,

from which
P = (6M,/L)[3(6/a) + 5]/[3(68/ @) + 8]

In this case, the ultimate load is a function of the value assumed for the ratio 6/«. If 6/
a equals zero, the ultimate load is P = 15M,/4L (the ultimate load for span CE as an
independent mechanism). The limit load as 6/« approaches infinity is P = 6M,/L (the
ultimate load for span AC as an independent mechanism). For all positive values of 6/a,
this equation predicts an ultimate load P such that 15M,/4L = P =< 6M,L. This indicates
that for a mechanism to form span AC, a mechanism in span CE must have formed previ-
ously. Hence the ultimate load for the continuous beam is controlled by the load required
to form a mechanism in span CE.

In general, it is useful to determine all possible independent mechanisms from which
composite mechanisms may be generated. The number of possible independent mechanisms
m may be determined from

m=p-—r (3.188)

where p = the number of possible plastic hinges and r = the number of redundancies.
Composite mechanisms are selected in such a way as to maximize the total external work
or minimize the total internal work to obtain the lowest critical load. Composite mechanisms
that include the displacement of several loads and elimination of plastic hinges usually
provide the lowest critical loads.

3.50.3 Extension of Classical Plastic Analysis

The methods of plastic analysis presented in Secs. 3.50.1 and 3.50.2 can be extended to
analysis of frames and trusses. However, such analyses can become complex, especially if
they incorporate second-order effects (Art. 3.46) or reduction in plastic-moment capacity for
members subjected to axial force and bending (Art. 3.49).

(E. H. Gaylord, Jr., et al., Design of Steel Structures, McGraw-Hill, Inc., New York; W.
Prager, An Introduction to Plasticity, Addison-Wesley Publishing Company, Inc., Reading,
Mass., L. S. Beedle, Plastic Design of Steel Frames, John Wiley & Sons; Inc., New York:
Plastic Design in Steel—A Guide and Commentary, Manual and Report No. 41, American
Society of Civil Engineers; R. O. Disque, Applied Plastic Design in Steel, Van Nostrand
Reinhold Company, New York.)
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3.51 CONTEMPORARY METHODS OF INELASTIC ANALYSIS

Just as the conventional matrix stiffness method of analysis (Art. 3.39) may be modified to
directly include the influences of second-order effects (Art. 3.48), it also may be modified
to incorporate nonlinear behavior of structural materials. Loads may be applied in increments
to a structure and the stiffness and geometry of the frame changed to reflect its current
deformed and possibly yielded state. The tangent stiffness matrix K, in Eq. (3.180) is gen-
erated from nonlinear member force-displacement relationships. To incorporate material non-
linear behavior, these relationships may be represented by the nonlinear member stiffness

matrix
k' =k, + k; + k, (3.189)
where k. = the conventional elastic stiffness matrix (Art. 3.39)
k; = a geometric stiffness matrix (Art. 3.48)
k; = a plastic reduction stiffness matrix that depends on the existing internal member

forces.

In this way, the analysis not only accounts for second-order effects but also can directly
account for the destabilizing effects of material nonlinearities.

In general, there are two basic inelastic stiffness methods for investigating frames: the
plastic-zone or spread of plasticity method and the plastic-hinge or concentrated plas-
ticity method. In the plastic-zone method, yielding is modeled throughout a member’s vol-
ume, and residual stresses and material strain-hardening effects can be included directly in
the analysis. In a plastic-hinge analysis, material nonlinear behavior is modeled by the for-
mation of plastic hinges at member ends. Hinge formation and any corresponding plastic
deformations are controlled by a yield surface, which may incorporate the interaction of
axial force and biaxial bending.

(T. V. Galambos, Guide to Stability Design Criteria for Metal Structures, John Wiley &
Sons, New York; W. F. Chen and E. M. Lui, Stability Design of Steel Frames, CRC Press,
Inc., Boca Raton, Fla.; and W. McGuire, R. H. Gallagher, and R. D. Ziemian, Matrix Struc-
tural Analysis, John Wiley & Sons, Inc., New York.)

TRANSIENT LOADING

Dynamic loads are one of the types of loads to which structures may be subjected (Art.
3.26). When dynamic effects are insignificant, they usually are taken into account in design
by application of an impact factor or an increased factor of safety. In many cases, however,
an accurate analysis based on the principles of dynamics is necessary. Such an analysis is
paticularly desirable when a structure is acted on by unusually strong wind gusts, earthquake
shocks, or impulsive loads, such as blasts.

3.52 GENERAL CONCEPTS OF STRUCTURAL DYNAMICS

There are many types of dynamic loads. Periodic loads vary cyclically with time. Nonper-
iodic loads do not have a specific pattern of variation with time. Impulsive dynamic loading
is independent of the motion of the structure. Impactive dynamic loading includes the
interaction of all external and internal forces and thus depends on the motions of the structure
and of the applied load.

To define a loading within the context of a dynamic or transient analysis, one must specify
the direction and magnitude of the loading at every instant of time. The loading may come
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from either time-dependent forces being applied directly to the structure or from time-
dependent motion of the structure’s supports, such as a steel frame subjected to earthquake
loading.

The term response is often used to describe the effects of dynamic loads on structures.
More specifically, a response to dynamic loads may represent the displacement, velocity, or
acceleration at any point within a structure over a duration of time.

A reciprocating or oscillating motion of a body is called vibration. If vibration takes
place in the absence of external forces but is accompanied by external or internal frictional
forces, or both, it is damped free vibration. When frictional forces are also absent, the
motion is undamped free vibration. If a disturbing force acts on a structure, the resulting
motion is forced vibration (see also Art. 3.53).

In Art. 3.36, the concept of a degree of freedom is introduced. Similarly, in the context
of dynamics, a structure will have n degrees of freedom if n displacement components are
required to define the deformation of the structure at any time. For example, a mass M
attached to a spring with a negligible mass compared with M represents a one-degree-of-
freedom system (Fig. 99a). A two-mass system interconnected by weightless springs (Fig.
3.99b) represents a two-degree-of-freedom system. The beam with the uniformly distributed
mass in Fig. 3.99¢ has an infinite number of degrees of freedom because an infinite number
of displacement components are required to completely describe its deformation at any in-
stant of time.

Because the behavior of a structure under dynamic loading is usually complex, corre-
sponding analyses are generally performed on idealized representations of the structure. In
such cases, it is often convenient to represent a structure by one or more dimensionless
weights interconnected to each other and to fixed points by weightless springs. For example,
the dynamic behavior of the beam shown in Fig. 3.99¢ may be approximated by lumping
its distributed mass into several concentrated masses along the beam. These masses would
then be joined by members that have bending stiffness but no mass. Such a representation
is often called an equivalent lumped-mass model. Figure 3.99d shows an equivalent four-
degree-of-freedom, lumped-mass model of the beam shown in Fig. 3.99¢ (see also Art. 3.53).

A L L 4 L .——A

(@

FIGURE 3.99 Idealization of dynamic systems. (a) Single-degree-of-freedom system. (b)
Two-degree-of-freedom system. (c¢) Beam with uniformly distributed mass. (d) Equivalent
lumped-mass system for beam in (c).
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VIBRATION OF SINGLE-DEGREE-OF-FREEDOM SYSTEMS

Several dynamic characteristics of a structure can be illustrated by studying single-degree-
of-freedom systems. Such a system may represent the motion of a beam with a weight at
center span and subjected to a time-dependent concentrated load P(#) (Fig. 3.100a). It also
may approximate the lateral response of a vertically loaded portal frame constructed of
flexible columns, fully restrained connections, and a rigid beam that is also subjected to a
time-dependent force P (¢) (Fig. 3.1000).

In either case, the system may be modeled by a single mass that is connected to a
weightless spring and subjected to time-dependent or dynamic force P(#) (Fig. 3.100c). The
magnitude of the mass m is equal to the given weight W divided by the acceleration of
gravity g = 386.4 in/sec®. For this model, the weight of structural members is assumed
negligible compared with the load W. By definition, the stiffness k of the spring is equal to
the force required to produce a unit deflection of the mass. For the beam, a load of 48EI/
L? is required at center span to produce a vertical unit deflection; thus k = 48EI/L?, where
E is the modulus of elasticity, psi; I the moment of inertia, in*; and L the span of the beam,
in. For the frame, a load of 2 X 12EI/h* produces a horizontal unit deflection; thus k =
24EI/ kR, where I is the moment of inertia of each column, in*, and # is the column height,

— o P) —m—x

kx ()

@

FIGURE 3.100 Dynamic response of single-degree-of-freedom systems. Beam (a) and rigid frame
(b) are represented by a mass on a weightless spring (c). Motion of mass (d) under variable force
is resisted by the spring and inertia of the mass.
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in. In both cases, the system is presumed to be loaded within the elastic range. Deflections
are assumed to be relatively small.

At any instant of time, the dynamic force P(f) is resisted by both the spring force and
the inertia force resisting acceleration of the mass (Fig. 3.100d). Hence, by d’Alembert’s
principle (Art. 3.7), dynamic equilibrium of the body requires

d*x

mos + kx(t) = P(t) (3.190)

Equation (3.190) represents the controlling differential equation for modeling the motion of
an undamped forced vibration of a single-degree-of-freedom system.

If a dynamic force P(¢) is not applied and instead the mass is initially displaced a distance
x from the static position and then released, the motion would represent undamped free
vibration. Equation (3.190) reduces to

2
m % + k() = 0 (3.191)

This may be written in the more popular form

d*x
— 2 = .
2 + w¥(t) =0 (3.192)

where w = Vk/m = natural circular frequency, radians per sec. Solution of Eq. (3.192)
yields

x(t) = A cos wt + B sin wt (3.193)

where the constants A and B can be determined from the initial conditions of the system.

For example, if, before being released, the system is displaced x’ and provided initial
velocity v’, the constants in Eq. (3.193) are found to be A = x" and B = v'/w. Hence the
equation of motion is

x(f) = x' cos wt + v’ sin wt (3.194)

This motion is periodic, or harmonic. It repeats itself whenever wt = 2. The time interval
or natural period of vibration T is given by

T = 27 =2 \/é (3.195)
w k

The natural frequency f, which is the number of cycles per unit time, or hertz (Hz), is
defined as

1 w 1 k
f=s

T 27 2w\m (3.196)
For undamped free vibration, the natural frequency, period, and circular frequency depend
only on the system stiffness and mass. They are independent of applied loads or other
disturbances.
(J. M. Biggs, Introduction to Structural Dynamics; C. M. Harris and C. E. Crede, Shock
and Vibration Handbook, 3rd ed.; L. Meirovitch, Elements of Vibration Analysis, McGraw-
Hill, Inc., New York.)
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3.54 MATERIAL EFFECTS OF DYNAMIC LOADS

Dynamic loading influences material properties as well as the behavior of structures. In
dynamic tests on structural steels with different rates of strain, both yield stress and yield
strain increase with an increase in strain rate. The increase in yield stress is significant for
A36 steel in that the average dynamic yield stress reaches 41.6 ksi for a time range of
loading between 0.01 and 0.1 sec. The strain at which strain hardening begins also increases,
and in some cases the ultimate strength can increase slightly. In the elastic range, however,
the modulus of elasticity typically remains constant. (See Art. 1.11.)

3.55 REPEATED LOADS

Some structures are subjected to repeated loads that vary in magnitude and direction. If the
resulting stresses are sufficiently large and are repeated frequently, the members may fail
because of fatigue at a stress smaller than the yield point of the material (Art. 3.8).

Test results on smooth, polished specimens of structural steel indicate that, with complete
reversal, there is no strength reduction if the number of the repetitions of load is less than
about 10,000 cycles. The strength, however, begins to decrease at 10,000 cycles and contin-
ues to decrease up to about 10 million cycles. Beyond this, strength remains constant. The
stress at, this stage is called the endurance, or fatigue, limit. For steel subjected to bending
with complete stress reversal, the endurance limit is on the order of 50% of the tensile
strength. The endurance limit for direct stress is somewhat lower than for bending stress.

The fatigue strength of actual structural members is typically much lower than that of
test specimens because of the influences of surface roughness, connection details, and at-
tachments (see Arts. 1.13 and 6.22).
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The general structural theory presented in Sec. 3 can be used to analyze practically all types
of structural steel framing. For some frequently used complex framing, however, a specific
adaptation of the general theory often expedites the analysis. In some cases, for example,
formulas for reactions can be derived from the general theory. Then the general theory is no
longer needed for an analysis. In some other cases, where use of the general theory is
required, specific methods can be developed to simplify analysis.

This section presents some of the more important specific formulas and methods for
complex framing. Usually, several alternative methods are available, but space does not
permit their inclusion. The methods given in the following were chosen for their general
utility when analysis will not be carried out with a computer.

4.1 THREE-HINGED ARCHES

An arch is a beam curved in the plane of the loads to a radius that is very large relative to
the depth of section. Loads induce both bending and direct compressive stress. Reactions
have horizontal components, though all loads are vertical. Deflections, in general, have hor-
izontal as well as vertical components. At supports, the horizontal components of the reac-
tions must be resisted. For the purpose, tie rods, abutments, or buttresses may be used. With
a series of arches, however, the reactions of an interior arch may be used to counteract those
of adjoining arches.

A three-hinged arch is constructed by inserting a hinge at each support and at an internal
point, usually the crown, or high point (Fig. 4.1). This construction is statically determinate.
There are four unknowns—two horizontal and two vertical components of the reactions—
but four equations based on the laws of equilibrium are available.

*Revised Sec. 4, originally authored by Frederick S. Merritt, Consulting Engineer, West Palm Beach, Florida.
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FIGURE 4.1 Three-hinged arch. (a) Determination of line of action of re-
actions. (b) Determination of reactions.

1. The sum of the horizontal forces acting on the arch must be zero. This relates the
horizontal components of the reactions:

H =H,=H 4.1)
2. The sum of the moments about the left support must be zero. For the arch in Fig. 4.1,
this determines the vertical component of the reaction at the right support:

V, = Pk 4.2)

where P = load at distance kL from left support
L = span
3. The sum of the moments about the right support must be zero. This gives the vertical
component of the reaction at the left support:

V, =Pl - k) 4.3)
4. The bending moment at the crown hinge must be zero. (The sum of the moments
about the crown hinge also is zero but does not provide an independent equation for deter-

mination of the reactions.) For the right half of the arch in Fig. 4.1, Hh — Vzb = 0, from
which

Veb _ Pl

H =
h h

(4.4)

The influence line for H for this portion of the arch thus is a straight line, varying from zero
for a unit load over the support to a maximum of ab/Lh for a unit load at C.

Reactions of three-hinge arches also can be determined graphically by taking advantage
of the fact that the bending moment at the crown hinge is zero. This requires that the line
of action of reaction R at the right support pass through C. This line intersects the line of
action of load P at X (Fig. 4.1). Because P and the two reactions are in equilibrium, the line
of action of reaction R, at the left support also must pass through X. As indicated in Fig.
4.1b, the magnitudes of the reactions can be found from a force triangle comprising P and
the lines of action of the reactions.

For additional concentrated loads, the results may be superimposed to obtain the final
horizontal and vertical reactions. Since the three hinged arch is determinate, the same four
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equations of equilibrium can be applied and the corresponding reactions determined for any
other loading condition. It should also be noted that what is important is not the shape of
the arch, but the location of the internal hinge in relation to the support hinges.

After the reactions have been determined, the stresses at any section of the arch can be
found by application of the equilibrium laws (Art. 4.4).

(T. Y. Lin and S.D. Stotesbury, Structural Concepts and Systems for Architects and En-
gineers, 2d Ed., Van Nostrand Reinhold Company, New York.)

4.2 TWO-HINGED ARCHES

A two-hinged arch has hinges only at the supports (Fig. 4.2a). Such an arch is statically
indeterminate. Determination of the horizontal and vertical components of each reaction
requires four equations, whereas the laws of equilibrium supply only three (Art. 4.1).

Another equation can be written from knowledge of the elastic behavior of the arch. One
procedure is to assume that one of the supports is on rollers. The arch then becomes statically
determinate. Reactions V; and V, and horizontal movement of the support éx can be com-
puted for this condition with the laws of equilibrium (Fig. 4.2b). Next, with the support still
on rollers, the horizontal force H required to return the movable support to its original
position can be calculated (Fig. 4.2¢). Finally, the reactions of the two-hinged arch of Fig.
4.2a are obtained by adding the first set of reactions to the second (Fig. 4.2d).

The structural theory of Sec. 3 can be used to derive a formula for the horizontal com-
ponent H of the reactions. For example, for the arch of Fig. 4.2a, éx is the horizontal
movement of the support due to loads on the arch. Application of virtual work gives

_ [*Myds [ Nadx

=) TE A AE @5

where M = bending moment at any section due to loads on the arch
y = vertical ordinate of section measured from immovable hinge

V,
t {(b)

FIGURE 4.2 Two-hinged arch. Reactions of loaded arches (a) and (d) may be found as the sum
of reactions in (b) and (c) with one support movable horizontally.
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I = moment of inertia of arch cross section
A = cross-sectional area of arch at the section

E = modulus of elasticity
ds = differential length along arch axis
dx = differential length along the horizontal

N = normal thrust on the section due to loads

Unless the thrust is very large, the second term on the right of Eq. (4.5) can be ignored.
Let 6x' be the horizontal movement of the support due to a unit horizontal force applied
to the hinge. Application of virtual work gives

B .2 B 2
o yds_fcosadx
o L El ). AE (4.6)

where « is the angle the tangent to axis at the section makes with horizontal. Neither this
equation nor Eq. (4.5) includes the effect of shear deformation and curvature. These usually
are negligible.

In most cases, integration is impracticable. The integrals generally must be evaluated by
approximate methods. The arch axis is divided into a convenient number of elements of
length As, and the functions under the integral sign are evaluated for each element. The sum
of the results is approximately equal to the integral.

For the arch of Fig. 4.2,

Sx+ Héx' =0 A.7)

When a tie rod is used to take the thrust, the right-hand side of the equation is not zero but

the elongation of the rod HL/AE, where L is the length of the rod and A, its cross-sectional

area. The effect of an increase in temperature Az can be accounted for by adding to the left-

hand side of the equation cAtL, where L is the arch span and c the coefficient of expansion.
For the usual two-hinged arch, solution of Eq. (4.7) yields

ox
ox’

B B
> (My As/EI) — >, N cosa As/AE
_ A A

2 - 4.8)
> (y* As/ED) + > (cos® a As/AE)

After the reactions have been determined, the stresses at any section of the arch can be found
by application of the equilibrium laws (Art. 4.4).

Circular Two-Hinged Arch Example. A circular two-hinged arch of 175-ft radius with a
rise of 29 ft must support a 10-kip load at the crown. The modulus of elasticity E is constant,
as is I/A, which is taken as 40.0. The arch is divided into 12 equal segments, 6 on each
symmetrical half. The elements of Eq. (4.8) are given in Table 4.1 for each arch half.

Since the increment along the arch is as a constant, it will factor out of Eq. 4.8. In
addition, the modulus of elasticity will cancel when factored. Thus, with A and I as constants,
Eq. 4.8 may be simplified to

(4.8a)

From Eq. (4.8) and with the values in Table 4.1 for one-half the arch, the horizontal
reaction may be determined. The flexural contribution yields
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TABLE 4.1 Example of Two-Hinged Arch Analysis

« radians My, kip-ft* y?, ft? N cos « kips cos® a

0.0487 12,665 829.0 0.24 1.00
0.1462 9,634 736.2 0.72 0.98
0.2436 6,469 568.0 1.17 0.94
0.3411 3,591 358.0 1.58 0.89
0.4385 1,381 154.8 1.92 0.82
0.5360 159 19.9 @ %
TOTAL 33,899 2,665.9 7.83 5.37
2.0(33899) .
= 2099999 15 71 Kips
2.0(2665.9) P

Addition of the axial contribution yields

 2.0[33899 — 40.0(7.83)]
"~ 2.0[2665.9 + 40.0(5.37)]

= 11.66 kips

It may be convenient to ignore the contribution of the thrust in the arch under actual loads.
If this is the case, H = 11.77 kips.
(F. Arbabi, Structural Analysis and Behavior, McGraw-Hill Inc. New York.)

4.3 FIXED ARCHES

In a fixed arch, translation and rotation are

A X Y prevented at the supports (Fig. 4.3). Such an

LT—,’T arch is statically indeterminate. With each re-

1‘-| ELASTIC CENTER action comprising a horizontal and vertical

, PH I component and a moment (Art. 4.1), there

i~ H H are a total of six. r.eaf:tion components to be

—RM M determined. Equilibrium laws provide only

Yiy v v three equations. Three more equations must

Hy A d* . B Hg be obt.amed from a knowledge of the elastic
= X -~ behavior of the arch.

N} L - /M 5 One procedure is to consider the arch cut

A Ve at the crown. Each half of the arch then be-
FIGURE 43 Fixed arch may be analyzed as two  COMES @ cantilever. Loads along each canti-
cantilevers. lever cause the free ends to deflect and ro-

tate. To permit the cantilevers to be joined at

the free ends to restore the original fixed
arch, forces must be applied at the free ends to equalize deflections and rotations. These
conditions provide three equations.

Solution of the equations, however, can be simplified considerably if the center of coor-
dinates is shifted to the elastic center of the arch and the coordinate axes are properly
oriented. If the unknown forces and moments V, H, and M are determined at the elastic
center (Fig. 4.3), each equation will contain only one unknown. When the unknowns at the
elastic center have been determined, the shears, thrusts, and moments at any points on the
arch can be found from the laws of equilibrium.
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Determination of the location of the elastic center of an arch is equivalent to finding the
center of gravity of an area. Instead of an increment of area dA, however, an increment of
length ds multiplied by a width 1/EI must be used, where E is the modulus of elasticity and
I the moment of inertia of the arch cross section.

In most cases, integration is impracticable. An approximate method is usually used, such
as the one described in Art. 4.2.

Assume the origin of coordinates to be temporarily at A, the left support of the arch. Let
x" be the horizontal distance from A to a point on the arch and y’ the vertical distance from
A to the point. Then the coordinates of the elastic center are

> (x' As/EI) > (¥ As/EI)
X=4r Y=t (4.9)
> (As/EI) > (As/EI)

If the arch is symmetrical about the crown, the elastic center lies on a normal to the
tangent at the crown. In this case, there is a savings in calculation by taking the origin of
the temporary coordinate system at the crown and measuring coordinates parallel to the
tangent and the normal. Furthermore, Y, the distance of the elastic center from the crown,
can be determined from Eq. (4.9) with y’ measured from the crown and the summations
limited to the half arch between crown and either support. For a symmetrical arch also, the
final coordinates should be chosen parallel to the tangent and normal to the crown.

For an unsymmetrical arch, the final coordinate system generally will not be parallel to
the initial coordinate system. If the origin of the initial system is translated to the elastic
center, to provide new temporary coordinates x, = x’ — X and y, = y’ — Y, the final coor-
dinate axes should be chosen so that the x axis makes an angle «, measured clockwise, with
the x, axis such that

B
2> (x,y, As/EI)
A

B B

> (x,2 As/EI) — > (y,> As/EI)

tan 2o = (4.10)

The unknown forces H and V at the elastic center should be taken parallel, respectively, to
the final x and y axes.

The free end of each cantilever is assumed connected to the elastic center with a rigid
arm. Forces H, V, and M act against this arm, to equalize the deflections produced at the
elastic center by loads on each half of the arch. For a coordinate system with origin at the
elastic center and axes oriented to satisfy Eq. (4.10), application of virtual work to determine
deflections and rotations yields

B

> (M'y As/EI)

A
H=""———

> (y* As/EI)

A

> (M'x As/EI)
v=~A (4.11)
> (x* As/EI)
A
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B

> (M’ As/EI)
A

M=—
> (As/EI)

where M’ is the average bending moment on each element of length As due to loads. To
account for the effect of an increase in temperature ¢, add EctL to the numerator of H, where
¢ is the coefficient of expansion and L the distance between abutments. Equations (4.11)
may be similarly modified to include deformations due to secondary stresses.

With H, V, and M known, the reactions at the supports can be determined by application
of the equilibrium laws. In the same way, the stresses at any section of the arch can be
computed (Art. 4.4).

(S. Timoshenko and D. H. Young, Theory of Structures, McGraw-Hill, Inc., New York;
S. F. Borg and J. J. Gennaro, Advanced Structural Analysis, Van Nostrand Reinhold Com-
pany, New York; G. L. Rogers and M. L. Causey, Mechanics of Engineering Structures,
John Wiley & Sons, Inc., New York; J. Michalos, Theory of Structural Analysis and Design,
The Ronald Press Company, New York.)

4.4 STRESSES IN ARCH RIBS

When the reactions have been determined for an arch (Arts. 4.1 to 4.3), the principal forces
acting on any cross section can be found by applying the equilibrium laws. Suppose, for
example, the forces H, V, and M acting at the elastic center of a fixed arch have been
computed, and the moment M, shear S, and axial thrust N, normal to a section at X (Fig.
4.4) are to be determined. H, V, and the load P may be resolved into components parallel
to the thrust and shear, as indicated in Fig. 4.4. Then, equating the sum of the forces in each
direction to zero gives
N, = Vsin 6, + H cos 6, + P sin(6, — 6)

x

. (4.12)
S, =Vcos 0 — Hsin 6, + P cos(6, — 0)

X

Equating moments about X to zero yields

8
8,-86
‘w) ARM P
ELASTIC 8
CENTER Sy N
M y
X N
X
H - a

Mk x

v

FIGURE 4.4 Arch stresses at any point may be
determined from forces at the elastic center.

=
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M, = Vx + Hy — M + Pa cos 6 + Pb sin 0 (4.13)

For structural steel members, the shearing force on a section usually is assumed to be
carried only by the web. In built-up members, the shear determines the size and spacing of
fasteners or welds between web and flanges. The full (gross) section of the arch rib generally
is assumed to resist the combination of axial thrust and moment.

4.5 PLATE DOMES

A dome is a three-dimensional structure generated by translation and rotation or only rotation
of an arch rib. Thus a dome may be part of a sphere, ellipsoid, paraboloid, or similar curved
surface.

Domes may be thin-shell or framed, or a combination. Thin-shell domes are constructed
of sheet metal or plate, braced where necessary for stability, and are capable of transmitting
loads in more than two directions to supports. The surface is substantially continuous from
crown to supports. Framed domes, in contrast, consist of interconnected structural members
lying on the dome surface or with points of intersection lying on the dome surface (Art.
4.6). In combination construction, covering material may be designed to participate with the
framework in resisting dome stresses.

Plate domes are highly efficient structurally when shaped, proportioned and supported to
transmit loads without bending or twisting. Such domes should satisfy the following con-
ditions:

The plate should not be so thin that deformations would be large compared with the
thickness. Shearing stresses normal to the surface should be negligible. Points on a normal
to the surface before it is deformed should lie on a straight line after deformation. And this
line should be normal to the deformed surface.

Stress analysis usually is based on the membrane theory, which neglects bending and
torsion. Despite the neglected stresses, the remaining stresses are in equilibrium, except
possibly at boundaries, supports, and discontinuities. At any interior point of a thin-shell
dome, the number of equilibrium conditions equals the number of unknowns. Thus, in the
membrane theory, a plate dome is statically determinate.

The membrane theory, however, does not hold for certain conditions: concentrated loads
normal to the surface and boundary arrangements not compatible with equilibrium or geo-
metric requirements. Equilibrium or geometric incompatibility induces bending and torsion
in the plate. These stresses are difficult to compute even for the simplest type of shell and
loading, yet they may be considerably larger than the membrane stresses. Consequently,
domes preferably should be designed to satisfy membrane theory as closely as possible.

Make necessary changes in dome thickness gradual. Avoid concentrated and abruptly
changing loads. Change curvature gradually. Keep discontinuities to a minimum. Provide
reactions that are tangent to the dome. Make certain that the reactions at boundaries are
equal in magnitude and direction to the shell forces there. Also, at boundaries, ensure, to
the extent possible, compatibility of shell deformations with deformations of adjoining mem-
bers, or at least keep restraints to a minimum. A common procedure is to use as a support
a husky ring girder and to thicken the shell gradually in the vicinity of this support. Similarly,
where a circular opening is provided at the crown, the opening usually is reinforced with a
ring girder, and the plate is made thicker than necessary for resisting membrane stresses.

Dome surfaces usually are generated by rotating a plane curve about a vertical axis, called
the shell axis. A plane through the axis cuts the surface in a meridian, whereas a plane
normal to the axis cuts the surface in a circle, called a parallel (Fig. 4.5a). For stress analysis,
a coordinate system for each point is chosen with the x axis tangent to the meridian, y axis



ANALYSIS OF SPECIAL STRUCTURES 4.9

AXIS
SHELL SHELL AXIS | S R S
%Q“ <& b% %;Q
MERIDIAN ~- e & &
T \‘z \/ =
o &
5 / &
Nyrgde+ Q(N‘;"efje)d‘# <& &
/ / S
o N ™
/ d 8
) &
N AN
/
YR V4 8
<o Tryd8 + P (Tryd6)d¢
/Y
ah
/ ]

(b)

FIGURE 4.5 Thin-shell dome. (a) Coordinate system for analysis. (b) Forces acting on a small
element.

tangent to the parallel, and z axis normal to the surface. The membrane forces at the point
are resolved into components in the directions of these axes (Fig. 4.5b).

Location of a given point P on the surface is determined by the angle 6 between the shell
axis and the normal through P and by the angle ¢ between the radius through P of the
parallel on which P lies and a fixed reference direction. Let 7, be the radius of curvature of
the meridian. Also, let r,, the length of the shell normal between P and the shell axis, be
the radius of curvature of the normal section at P. Then,

_a
sin 6

rs (4.14)

where a is the radius of the parallel through P.

Figure 4.5b shows a differential element of the dome surface at P. Normal and shear
forces are distributed along each edge. They are assumed to be constant over the thickness
of the plate. Thus, at P, the meridional unit force is Ny, the unit hoop force N, and the unit
shear force T. They act in the direction of the x or y axis at P. Corresponding unit stresses
at P are N,/t, N,/t, and T/t, where t is the plate thickness.

Assume that the loading on the element per unit of area is given by its X, ¥, Z components
in the direction of the corresponding coordinate axis at P. Then, the equations of equilibrium
for a shell of revolution are

0 . aT .
20 (Ngry sin ) + — ry — Nyrypcos 0 + Xrgry sin 6 = 0

ad
N, 0 .
e + 25 (Tr, sin 6) + Trycos 6 + Yryg,sin 6 = 0 (4.15)

Nyry + Nyry + Zrgry, = 0

When the loads also are symmetrical about the shell axis, Egs. (4.15) take a simpler form
and are easily solved, to yield
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R . R .

N, = “ma sin 6 = —27_”4) sin? 0 (4.16)
N, = R sin? 6 — Z 4.17)
¢ 21, "o ’
T=0 (4.18)

where R is the resultant of total vertical load above parallel with radius a through point P
at which stresses are being computed.

For a spherical shell, r, = r, = r. If a vertical load p is uniformly distributed over the
horizontal projection of the shell, R = 7a’p. Then the unit meridional thrust is

_pr

N, = >

4.19)

Thus there is a constant meridional compression throughout the shell. The unit hoop force
is

N, = Jg cos 20 (4.20)

The hoop forces are compressive in the upper half of the shell, vanish at 6 = 45°, and
become tensile in the lower half.

If, for a spherical dome, a vertical load w is uniform over the area of the shell, as might
be the case for the weight of the shell, then R = 2#7r*(1 — cos 6)w. From Egs. (4.16) and
(4.17), the unit meridional thrust is

wr

N":_1+cost9

4.21)
In this case, the compression along the meridian increases with 6. The unit hoop force is

1
Ny, = wr <1+—COSG — CoS 9) 4.22)

The hoop forces are compressive in the upper part of the shell, reduce to zero at 51°50’, and
become tensile in the lower part.

A ring girder usually is provided along the lower boundary of a dome to resist the tensile
hoop forces. Under the membrane theory, however, shell and girder will have different
strains. Consequently, bending stresses will be imposed on the shell. Usual practice is to
thicken the shell to resist these stresses and provide a transition to the husky girder.

Similarly, when there is an opening around the crown of the dome, the upper edge may
be thickened or reinforced with a ring girder to resist the compressive hoop forces. The
meridional thrust may be computed from

cos 6, — cos 0 sin 6,
N, = — 0 - P 0 4.23
0 wr sin? 6 sin? 6 (4.23)

and the hoop forces from

6, — %] in 6
Ny =wr (20200 o5 9] + P (4.24)
sin” 6 sin” 6
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where 26, = angle of opening
P = vertical load per unit length of compression ring

4.6 RIBBED DOMES

As pointed out in Art. 4.5, domes may be thin-shell, framed, or a combination. One type of
framed dome consists basically of arch ribs with axes intersecting at a common point at the
crown and with skewbacks, or bases, uniformly spaced along a closed horizontal curve.
Often, to avoid the complexity of a joint with numerous intersecting ribs at the crown, the
arch ribs are terminated along a compression ring circumscribing the crown. This construc-
tion also has the advantage of making it easy to provide a circular opening at the crown
should this be desired. Stress analysis is substantially the same whether or not a compression
ring is used. In the following, the ribs will be assumed to extend to and be hinged at the
crown. The bases also will be assumed hinged. Thrust at the bases may be resisted by
abutments or a tension ring.

Despite these simplifying assumptions, such domes are statically indeterminate because
of the interaction of the ribs at the crown. Degree of indeterminacy also is affected by
deformations of tension and compression rings. In the following analysis, however, these
deformations will be considered negligible.

It usually is convenient to choose as unknowns the horizontal component H and vertical
component V of the reaction at the bases of each rib. In addition, an unknown force acts at
the crown of each rib. Determination of these forces requires solution of a system of equa-
tions based on equilibrium conditions and common displacement of all rib crowns. Resis-
tance of the ribs to torsion and bending about the vertical axis is considered negligible in
setting up these equations.

As an example of the procedure, equations will be developed for analysis of a spherical
dome under unsymmetrical loading. For simplicity, Fig. 4.6 shows only two ribs of such a
dome. Each rib has the shape of a circular arc. Rib 1C1’ is subjected to a load with horizontal
component P, and vertical component P,. Coordinates of the load relative to point 1 are
(xp, yp). Rib 2C2’ intersects rib 1C1’ at the crown at an angle «, = 7/2. A typical rib rCr'
intersects rib 1C1’ at the crown at an angle «, =< /2. The dome contains » identical ribs.

A general coordinate system is chosen with origin at the center of the sphere which has
radius R. The base of the dome is assigned a radius r. Then, from the geometry of the sphere,

cos ¢, = Ef (4.25)

For any point (x, y),

T

h=R(1- sin ¢,)

FIGURE 4.6 Arch ribs in a spherical dome with hinge at crown.
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Xx = R(cos ¢, — cos ¢) (4.26)
y = R(sin ¢ — sin ¢,) (4.27)
And the height of the crown is
h = R(1 — sin ¢,) (4.28)
where ¢, = angle radius vector to point 1 makes with horizontal
¢ = angle radius vector to point (x, y) makes with horizontal

Assume temporarily that arch 1C1’ is disconnected at the crown from all the other ribs.
Apply a unit downward vertical load at the crown (Fig. 4.7a). This produces vertical reactions
V, = V,. = % and horizontal reactions

H, = —H, = r/2h = cos ¢,/2(1 — sin ¢,)

Here and in the following discussion upward vertical loads and horizontal loads acting
to the right are considered positive. At the crown, downward vertical displacements and
horizontal displacements to the right will be considered positive.

For ¢, = ¢ = 7/2, the bending moment at any point (x, y) due to the unit vertical load
at the crown is

X ry r cos ¢  sin ¢ — sin ¢,
=2_2_2(1- _ 4.2
™o T o 2< cos ¢, 1 — sin &, > (429)
For w/2 = ¢ = =,
r cos ¢ sin ¢ — sin ¢,
==(1+ :
v =3 <1 cos ¢, 1 — sin ¢, > (4.30)

By application of virtual work, the downward vertical displacement d,, of the crown produced
by the unit vertical load is obtained by dividing the rib into elements of length As and
computing

v
m

d, = 4.31

V=2 “31)

where £ = modulus of elasticity of steel
I = moment of inertia of cross section about horizontal axis

The summation extends over the length of the rib.

Ve 2r 1
(a)

FIGURE 4.7 Reactions for a three-hinged rib (a) for a vertical downward load and (b) for a
horizontal load at the crown.

2r
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Next, apply at the crown a unit horizontal load acting to the right (Fig. 4.7b). This
produces vertical reactions V, = — V., = —h/2r = —(1 — sin ¢,)/2 cos ¢, and H, =
H, = =Y.

For ¢, = ¢ = 7/2, the bending moment at any point (x, y) due to the unit horizontal
load at the crown is

hx 'y h{cos¢ sin ¢ — sin ¢,
= —— 4+ = = — — + X
M 2r 2 2 (cos ¢, ! 1 — sin ¢, (4.32)
For w/2 = ¢ = m,
h ( cos ¢ sin ¢ — sin ¢,
== +1 - 4.33
) (coso ¢, 1 — sin ¢, (4.33)

By application of virtual work, the displacement d,, of the crown to the right induced by the
unit horizontal load is obtained from the summation over the arch rib
y

m,? As
d. = H 4.34
" Z EI (4.34)

Now, apply an upward vertical load P, on rib 1C1" at (x,, y,), with the rib still discon-
nected from the other ribs. This produces the following reactions:

2r — x P, cos ¢p
= — = —— + — )
Vi Py 2r 2 <1 cos d)l) (4.35)
_ Py, _cos ¢
Vi = 2 <1 cos ¢|) (4.36)
P —
[-]l = —Hl, = V,E = __Vw (4.37)

" h 2 1 —sin ¢,

where ¢, is the angle that the radius vector to the load point (x,, y,) makes with the
horizontal =#/2. By application of virtual work, the horizontal and vertical components of
the crown displacement induced by P, may be computed from

L\ Mym,, As

Sy = 4.38

w =2 (4.38)
L M,m, As

By = > = 4.39

w=2 " (4.39)

where M, is the bending moment produced at any point (x, y) by P,,.
Finally, apply a horizontal load P,, acting to the right on rib 1C1" at (xp, y,), with the rib
still disconnected from the other ribs. This produces the following reactions:
y P, sin ¢, — sin ¢,

, =V =-pP, —=H__ 7 ~ 71 4.4
Vi Vi Aor 2 cos ¢, (4.40)

r P, sin ¢pp — sin ¢
H =-V,-=-—-2f%—™ 11 4.41
! V]h 2 1 —sin ¢, (4.41)
P, 2 — sin ¢, — sin ¢,

L T Y 42

By application of virtual work, the horizontal and vertical components of the crown dis-
placement induced by P,, may be computed from
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1

M, m;, As
EHH

Oun = 4.43

= 2 (4.43)
L My,m, As

S, = THTV R 4.44

w =2 (4.44)

Displacement of the crown of rib 1C1’, however, is resisted by a force X exerted at the
crown by all the other ribs. Assume that X consists of an upward vertical force X, and a
horizontal force X, acting to the left in the plane of 1C1’. Equal but oppositely directed
forces act at the junction of the other ribs.

Then the actual vertical displacement at the crown of rib 1C1’ is

Sy = 8y, + 8y — X\dy (4.45)

Now, if V, is the downward vertical force exerted at the crown of any other rib r, then the
vertical displacement of that crown is

5, =Vd, (4.46)

Since the vertical displacements of the crowns of all ribs must be the same, the right-hand
side of Eqgs. (4.45) and (4.46) can be equated. Thus,

Sy + 8y — Xydy = V.d, = Vd, (4.47)
where V| is the vertical force exerted at the crown of another rib s. Hence
V.=V, (4.48)

And for equilibrium at the crown,
X, =>V.=m- 1V, (4.49)
r=2

Substituting in Eq. (4.47) and solving for V, yields

Sy + 6
y, = (4.50)
nd,,
The actual horizontal displacement at the crown of rib 1C1’ is
8y = 8yy + Oy — Xydy 4.51)

Now, if H, is the horizontal force acting to the left at the crown of any other rib 7, not
perpendicular to rib 1C1’, then the horizontal displacement of that crown parallel to the
plane of rib 1C1’ is

H.d
5, =—12 (4.52)
cos a,
Since for all ribs the horizontal crown displacements parallel to the plane of 1C1’ must be
the same, the right-hand side of Egs. (4.51) and (4.52) can be equated. Hence
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Hd, _ Hdy
Sy + By — Xpydlyy = —21 =
AV THE THTH cos a,  cos a

(4.53)

where H| is the horizontal force exerted on the crown of any other rib s and ¢ is the angle
between rib s and rib 1C1’. Consequently,

H, = H, % (4.54)
cos «,
For equilibrium at the crown,
X, = > H,cos a, = H cos a, + >, H, cos a, (4.55)
s=2 s=3
Substitution of H, as given by Eq. (4.54) in this equation gives
H n H n
X, =H + - 2, = - 2 4.56
u . COS a, cos a, ; cos® a; cos a, 22 cos® a; ( )
Substituting this result in Eq. (4.53) and solving for H, yields
H = %% 5,,,; O 4.57)
1+ cos® a, &

§s=2

Then, from Eq. (4.56),

n

> cos? a ‘s
X, = an ”Vd HH (4.58)
1+ cos? a, "
s=2

Since X, X, V., and H, act at the crown of the ribs, the reactions they induce can be
determined by multiplication by the reactions for a unit load at the crown. For the unloaded
ribs, the reactions thus computed are the actual reactions. For the loaded rib, the reactions
should be superimposed on those computed for P, from Egs. (4.35) to (4.37) and for P,
from Egs. (4.40) to (4.42).

Superimposition can be used to determine the reactions when several loads are applied
simultaneously to one or more ribs.

Hemispherical Domes. For domes with ribs of constant moment of inertia and comprising
a complete hemisphere, formulas for the reactions can be derived. These formulas may be
useful in preliminary design of more complex domes.

If the radius of the hemisphere is R, the height /4 and radius r of the base of the dome
also equal R. The coordinates of any point on rib 1C1’ then are

x = R(1 — cos ¢) y = R sin ¢ 0=¢= 4.59)

N[y

Assume temporarily that arch 1C1’ is disconnected at the crown from all the other ribs.
Apply a unit downward vertical load at the crown. This produces reactions
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Vi=V,.=11n H =-H.="% (4.60)
The bending moment at any point is
mv=§(l—cos¢—sin¢) 05¢s§ (4.61a)
R . T
mV=§(1+cos¢—sm¢) ES(l)SW (4.61b)

By application of virtual work, the downward vertical displacement d,, of the crown is

m,? ds R3 3
dy = f r - —= 4.62
<2 2) (4.62)
Next, apply at the crown a unit horizontal load acting to the right. This produces reactions
Vi=-V,.=-1 H =H. =-% (4.63)

The bending moment at any point is
R . T

mH=§(cos¢f 1 + sin ¢) OSQBSE (4.64a)

R . T
mH=§(cos¢+l—s1n d) 55(1)5’7 (4.64b)

By application of virtual work, the displacement of the crown d,, to the right is

2 3
- ds _K <5 - %) (4.65)

Now, apply an upward vertical load P, on rib 1C1" at (x,, y,), with the rib still discon-
nected from the other ribs. This produces reactions

VvV, = —%/ (1 + cos ¢p) (4.66)

Vv, = —%/ (1 — cos ¢p) 4.67)
Py

H =H, = 3 (1 — cos ¢p) (4.68)

where 0 =< ¢, = w/2. By application of virtual work, the vertical component of the crown
displacement is

Mym,ds PR’
EI EI

6VV = va (469)

1

Cyy = <—¢P + 2 sin ¢ — 3 cos ¢, + sin ¢, cos ¢, — sin® G,

1

37 3
— 2 ¢ cos by — 2 cOS® by + 5 —777+77Tcos ¢P> (4.70)
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For application to downward vertical loads, — C,, is plotted in Fig. 4.8. Similarly, the
horizontal component of the crown displacement is

M, m, ds P,R®

1
Cyv = 7 <d>,, + 2 sin ¢p + 3 cos ¢p + sin ¢pp cos ¢p — sin? ¢,

— 2¢p cOS ¢pp — 2 cos> pp — 1 + g + 7E-rcos qu) 4.72)
For application to downward vertical loads, —C,, is plotted in Fig. 4.8.
Finally, apply a horizontal load P,, acting to the right on rib 1C1’ at (xp, y,), with the rib
still disconnected from the other ribs. This produces reactions

P
V,=V, = 7” sin ¢p 4.73)
H, = =P, (1 — Y2 sin ¢p) 4.74)
P
H, = —7H sin ¢, 4.75)

By application of virtual work, the vertical component of the crown displacement is

Mym, ds P,R®
5, = f M &t ¢, (4.76)
1 T .
CVH:Z[—¢P+3 <§— 1) sin ¢pp — 2 cos ¢p

— sin ¢, cos ¢pp + sin® ¢, — 2¢, sin P, + 2] 4.77)

Values of C,,, are plotted in Fig. 4.8. The horizontal component of the displacement is

Mpmy ds  PuR®
by = | Ll PR 478)

Copy = % [¢,, + <7§T - 3) sin ¢p + 2 cos ¢, + sin ¢, cos ¢,
— sin® ¢p + 2¢, sin ¢p — 2] 4.79)

Values of C,,, also are plotted in Fig. 4.8.
For a vertical load P, acting upward on rib 1C1’, the forces exerted on the crown of an
unloaded rib are, from Eqgs. (4.50) and (4.57),
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FIGURE 4.8 Coefficients for computing reactions of dome ribs.
) 2P,C
y o= - VIVH 4.80
" nd, n(w-3) ( )
8 2pP,C
H =2 pgcosa, = ——"Bcos a, (4.81)
dy =3
where B8 = 1/<1 + >, cos? ozx>
5s=2
The reactions on the crown of the loaded rib are, from Eqs. (4.49) and (4.58),
-12P,C
X,=@n— 1)V =1~ =vw (4.82)
T — 3
8 2pP,C
X, = f/ y = _—V_ HY (4.83)
. T3

n
where y = B >, cos® a,
s=2

For a horizontal load P, acting to the right on rib 1C1’, the forces exerted on the crown
of an unloaded rib are, from Eqgs. (4.50) and (4.57),

Sy 2P,Cyy
_ % _ “lH-vH 4.84
v, nd, n(m— 3) (59
2P
H = % B cos a, = #CZH B cos a, (4.85)
H

The reactions on the crown of the loaded rib are, from Egs. (4.49) and (4.58),
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12P,C

X,=mn—-1v =" — (4.86)
5 2P

x, = 2w, — 2PuCn (4.87)

The reactions for each rib caused by the crown forces can be computed with Eqgs. (4.60)
and (4.63). For the unloaded ribs, the actual reactions are the sums of the reactions caused
by V, and H,. For the loaded rib, the reactions due to the load must be added to the sum of
the reactions caused by X,, and X,,. The results are summarized in Table 4.2 for a unit vertical
load acting downward (P, = —1) and a unit horizontal load acting to the right (P, = 1).

4.7 RIBBED AND HOOPED DOMES

Article 4.5 noted that domes may be thin-shelled, framed, or a combination. It also showed
how thin-shelled domes can be analyzed. Article 4.6 showed how one type of framed dome,
ribbed domes, can be analyzed. This article shows how to analyze another type, ribbed and
hooped domes.

This type also contains regularly spaced
arch ribs around a closed horizontal curve. It
also may have a tension ring around the base
and a compression ring around the common
crown. In addition, at regular intervals, the
arch ribs are intersected by structural mem-
bers comprising a ring, or hoop, around the
dome in a horizontal plane (Fig. 4.9).

The rings resist horizontal displacement
of the ribs at the points of intersection. If the
rings are made sufficiently stiff, they may be
considered points of support for the ribs hor-
izontally. Some engineers prefer to assume the ribs hinged at those points. Others assume
the ribs hinged only at tension and compression rings and continuous between those hoops.
In many cases, the curvature of rib segments between rings may be ignored.

Figure 4.10a shows a rib segment 1-2 assumed hinged at the rings at points 1 and 2. A
distributed downward load W induces bending moments between points 1 and 2 and shears
assumed to be W/2 at 1 and 2. The ring segment above, 2-3, applied a thrust at 2 of ZW/
sin 6,, where W is the sum of the vertical loads on the rib from 2 to the crown and 6, is
the angle with the horizontal of the tangent to the rib at 2.

These forces are resisted by horizontal reactions at the rings and a tangential thrust,
provided by a rib segment below 1 or an abutment at 1. For equilibrium, the vertical com-
ponent of the thrust must equal W + ZW. Hence the thrust equals (W + XW)/sin 6,, where
0, is the angle with the horizontal of the tangent to the rib at 1.

Setting the sum of the moments about 1 equal to zero yields the horizontal reaction
supplied by the ring at 2:

FIGURE 4.9 Ribbed and hooped dome.

WL L
H,=—2+>23SW - (EW) cot 6 4.88
>~ o0, T L, (ZW) cot 6, (4.88)
where L,, = horizontal distance between 1 and 2
L, = vertical distance between 1 and 2

Setting the sum of the moments about 2 equal to zero yields the horizontal reaction supplied
by the ring at 1:
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TABLE 4.2 Reactions of Ribs of Hemispherical Ribbed Dome

1

7= n
1+ cos? a,
s=2
bp =
a, = angle between loaded and unloaded rib <7/2

n
Y= B2 cos’
s=2

angle the radius vector to load from center of hemisphere makes with horizontal

Reactions of loaded rib
Unit downward vertical load

Reactions of unloaded rib
Unit downward vertical load

v, % + %cos by — z ; ! WCZV3 + WC5V3 Y vV, = % - WCT,?, B cos a,
Viemg oy dr =t : WCXV3 - wCiN3 Y V= n(wcvj 3) wcfv3 pros e
H %_%COS ‘i"’_n;lﬂcfvfﬂcfvsy H"zn(wcv—v3>_wcfv33°°”’
H, = —= + cos ¢p + ; ! WC_W3 + WCZVB Y H, = n(ﬂc‘f 3y jv3 B cos a,

Unit horizontal load acting to right Unit horizontal load acting to right
v, *% sin ¢p — 1 ; ! WCKH3 + WCZH3 Y vV, = n(:i‘fls,) - ﬂ_CZH3 B cos a,
V. Esin¢P7n;]WCZ”37WCj”3y V,,:%ercf’%ﬁcosa,
H =-1+ % sin ¢p — z ; ! WCZH3 WCZH3 k% H, = % - WCZH3 B cos a,
Hy _% sin ¢y + 1 WCZH3 WCZHs Y 2= n(wc o wchz» B cos a,

H, = VEV (i—: — 2 cot 01> + <i—;’ — cot 9,> SwW (4.89)

For the direction assumed for H,, the ring at 2 will be in compression when the right-
hand side of Eq. (4.88) is positive. Similarly, for the direction assumed for H,, the ring at 1
will be in tension when the right-hand side of Eq. (4.89) is positive. Thus the type of stress
in the rings depends on the relative values of L,/L, and cot 6, or cot 6,. Alternatively, it
depends on the difference in the slope of the thrust at 1 or 2 and the slope of the line from

1to 2.

Generally, for maximum stress in the compression ring about the crown or tension ring
around the base, a ribbed and hooped dome should be completely loaded with full dead and
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FIGURE 4.10 Forces acting on a segment of a dome rib between hoops. (a) Ends of segment
assumed hinged. (b) Rib assumed continuous.

live loads. For an intermediate ring, maximum tension will be produced with live load
extending from the ring to the crown. Maximum compression will result when the live load
extends from the ring to the base.

When the rib is treated as continuous between crown and base, moments are introduced
at the ends of each rib segment (Fig. 4.10b). These moments may be computed in the same
way as for a continuous beam on immovable supports, neglecting the curvature of rib be-
tween supports. The end moments affect the bending moments between points 1 and 2 and
the shears there, as indicated in Fig. 4. 10b. But the forces on the rings are the same as for
hinged rib segments.

The rings may be analyzed by elastic theory in much the same way as arches. Usually,
however, for loads on the ring segments between ribs, these segments are treated as simply
supported or fixed-end beams. The hoop tension or thrust 7 may be determined, as indicated
in Fig. 4.11 for a circular ring, by the requirements of equilibrium:

H
Hn/2m

Hn /2w

(a) (b)

FIGURE 4.11 (a) Forces acting on a complete hoop of a dome.
(b) Forces acting on half of a hoop.
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H
T=22 (4.90)
2
where H = radial force exerted on ring by each rib
n = number of load points

The procedures outlined neglect the effects of torsion and of friction in joints, which
could be substantial. In addition, deformations of such domes under overloads often tend to
redistribute those loads to less highly loaded members. Hence more complex analyses with-
out additional information on dome behavior generally are not warranted.

Many domes have been constructed as part of a hemisphere, such that the angle made
with the horizontal by the radius vector from the center of the sphere to the base of the
dome is about 60°. Thus the radius of the sphere is nearly equal to the diameter of the dome
base, and the rise-to-span ratio is about 1 — V3, or 0.13. Some engineers believe that high
structural economy results with such proportions.

(Z. S. Makowski, Analysis, Design, and Construction of Braced Domes, Granada Tech-
nical Books, London, England.)

4.8 SCHWEDLER DOMES

An interesting structural form, similar to the ribbed and hooped domes described in Section
4.7 is the Schwedler Dome. In this case, the dome is composed of two force members
arranged as the ribs and hoops along with a single diagonal in each of the resulting panels,
as shown in Fig. 4.12. Although the structural form looks complex, the structure is deter-
minate and exhibits some interesting characteristics.

The application of the equations of equilibrium available for three dimensional, pinned
structures will verify that the Schwedler Dome is a determinate structure. In addition, the
application of three special theorems will allow for a significant reduction in the amount of
computational effort required for the analysis. These theorems may be stated as:

1. If all members meeting at a joint with the exception of one, lie in a plane, the component
normal to the plane of the force in the bar is equal to the component normal to the plane
of any load applied to the joint,

2. If all the members framing into a joint, with the exception of one, are in the same plane
and there are no external forces at the joint, the force in the member out of the plane is
zero, and

3. If all but two members meeting at a joint have zero force, the two remaining members
are not collinear, and there is no externally applied force, the two members have zero
force.

A one panel high, square base Schwedler Dome is shown in Fig. 4.13. The base is
supported with vertical reactions at all four corners and in the plane of the base as shown.
The structure will be analyzed for a vertical load applied at A.

At joint B, the members BA, BE, and BF lie in a plane, but BC does not. Since there is
no load applied to joint B, the application of Theorem 2 indicates that member BC would
have zero force. Proceeding around the top of the structure to joints C and D respectively
will show that the force in member CD (at C), and DA (at D) are both zero.

Now Theorem 3 may be applied at joints C and D since in both cases, there are only
two members remaining at each joint and there is no external load. This results in the force
in members CF, CG, DG, and DH being zero. The forces in the remaining members may
be determined by the application of the method of joints.
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FIGURE 4.12 Schwedler dome. (a) Elevation.
(b) Plan.

Note that the impact of the single concentrated force applied at joint A is restricted to a
few select members. If loads are applied to the other joints in the top plane, the structure
could easily be analyzed for each force independently with the results superimposed. Re-
gardless of the number of base sides in the dome or the number of panels of height, the
three theorems will apply and yield a significantly reduced number of members actually
carrying load. Thus, the effort required to fully analyze the Schwedler Dome is also reduced.

4.9 SIMPLE SUSPENSION CABLES

The objective of this and the following article is to present general procedures for analyzing
simple cable suspension systems. The numerous types of cable systems available make it
impractical to treat anything but the simplest types. Additional information may be found in
Sec. 15, which covers suspension bridges and cable-stayed structures.

Characteristics of Cables. A suspension cable is a linear structural member that adjusts
its shape to carry loads. The primary assumptions in the analysis of cable systems are that
the cables carry only tension and that the tension stresses are distributed uniformly over the
cross section. Thus no bending moments can be resisted by the cables.

For a cable subjected to gravity loads, the equilibrium positions of all points on the cable
may be completely defined, provided the positions of any three points on the cable are
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FIGURE 4.13 Example problem for
Schwedler dome. (a) Elevation. (b) Plan.

known. These points may be the locations of the cable supports and one other point, usually
the position of a concentrated load or the point of maximum sag. For gravity loads, the
shape of a cable follows the shape of the moment diagram that would result if the same
loads were applied to a simple beam. The maximum sag occurs at the point of maximum
moment and zero shear for the simple beam.

The tensile force in a cable is tangent to the cable curve and may be described by
horizontal and vertical components. When the cable is loaded only with gravity loads, the
horizontal component at every point along the cable remains constant. The maximum cable
force will occur where the maximum vertical component occurs, usually at one of the sup-
ports, while the minimum cable force will occur at the point of maximum sag.

Since the geometry of a cable changes with the application of load, the common ap-
proaches to structural analysis, which are based on small-deflection theories, will not be
valid, nor will superposition be valid for cable systems. In addition, the forces in a cable
will change as the cable elongates under load, as a result of which equations of equilibrium
are nonlinear. A common approximation is to use the linear portion of the exact equilibrium
equations as a first trial and to converge on the correct solution with successive approxi-
mations.

A cable must satisfy the second-order linear differential equation

Hy" =gq (4.91)

where H = horizontal force in cable
y = rise of cable at distance x from low point (Fig. 4.14)
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FIGURE 4.14 Cable with supports at different levels.

y" = d*/dx?
q = gravity load per unit span

Catenary

Weight of a cable of constant cross section represents a vertical loading that is uniformly
distributed along the length of cable. Under such a loading, a cable takes the shape of a
catenary.

To determine the stresses in and deformations of a catenary, the origin of coordinates is
taken at the low point C, and distance s is measured along the cable from C (Fig. 4.14).
With ¢, as the load per unit length of cable, Eq. (4.91) becomes

d
Hy' =92 = g VT 17 (4.92)
dx
where y' = dy/dx. Solving for y’ gives the slope at any point of the cable:
_sinhg,x _gx 1 (qx\ (4.93)
 H  H 3'\H '

A second integration then yields

H q,x q, x* AN
- = h2es — 1) =2e— 4 [L2) — 4 ... 4.94
Y %Gm H ) H2  \H) 2 (4.94)
Equation (4.94) is the catenary equation. If only the first term of the series expansion is
used, the cable equation represents a parabola. Because the parabolic equation usually is
easier to handle, a catenary often is approximated by a parabola.

For a catenary, length of arc measured from the low point is

v*ﬁsinhq"x*x—kl &2x3+--- (4.95)
g, H 3V \H '
Tension at any point is
T VT g = H gy 4.96)

The distance from the low point C to the left support L is
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a= qﬁcosh’l (‘IZ—{ o+ 1) (4.97)

o

where f; is the vertical distance from C to L. The distance from C to the right support R is

b= cosn (% Fo+ 1) (4.98)

o

where f; is the vertical distance from C to R.
Given the sags of a catenary f, and f, under a distributed vertical load ¢,, the horizontal
component of cable tension H may be computed from

q,l (9.0 1 (oI R
i = Lk 1)+ JooR 4 4.
cosh ( 1> cosh 1 (4.99)

where [ is the span, or horizontal distance, between supports L and R = a + b. This equation
usually is solved by trial. A first estimate of H for substitution in the right-hand side of the
equation may be obtained by approximating the catenary by a parabola. Vertical components
of the reactions at the supports can be computed from

_ Hssinh g,a R — H sinh g b

R
L H R H

(4.100)

See also Art. 14.6.

4.9.2 Parabola

Uniform vertical live loads and uniform vertical dead loads other than cable weight generally
may be treated as distributed uniformly over the horizontal projection of the cable. Under
such loadings, a cable takes the shape of a parabola.

To determine cable stresses and deformations, the origin of coordinates is taken at the
low point C (Fig. 4.14). With w, as the uniform load on the horizontal projection, Eq. (4.91)
becomes

Hy" =w, (4.101)
Integration gives the slope at any point of the cable:

| A— W()x
Y= (4.102)

A second integration then yields the parabolic equation

w,x?
= o= 4.103
Y= 50 ( )
The distance from the low point C to the left support L is
| Hh
=- - 4.104
2 w,l ( )

where [ = span, or horizontal distance, between supports L and R = a + b
h = vertical distance between supports

The distance from the low point C to the right support R is
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=

+ — (4.105)

When supports are not at the same level, the horizontal component of cable tension H
may be computed from

w,l? h w, P
H==5 (fR 5 * VfoR> =8y (4.106)
where f, = vertical distance from C to L
fr = vertical distance from C to R

sag of cable measured vertically from chord LR midway between supports (at
x = Hh/w,])

As indicated in Fig. 4.14,

h
f=fut5 = (4.107)

where y,, = Hh?/2w,?. The minus sign should be used in Eq. (4.106) when low point C is
between supports. If the vertex of the parabola is not between L and R, the plus sign should
be used.

The vertical components of the reactions at the supports can be computed from

Hh
VL:wua:W—l—T ld

: ! Hh
2

+ — (4.108)

Tension at any point is
T=VH? + w2x?

Length of parabolic arc RC is

b wb\’ H W, 1 (w,\’
=- + | =] + —si L=p+—-|=2] b®+:-- .
Lre 2\/1 <H> 2w, sinh H b 6<H> b (4.109)

Length of parabolic arc LC is

2 2
a w,a H . wa 1 (w,
Lic=5 1+(H) +Wsmh7—a+g(ﬁ) at+ .- (4.110)

o

When supports are at the same level, f, = f, = f, h = 0, and @ = b = 1/2. The
horizontal component of cable tension H may be computed from

~ow,i?

H= 4.111
o7 (4.111)
The vertical components of the reactions at the supports are
w,l
Vp=Vg = > (4.112)

Maximum tension occurs at the supports and equals
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w,l I?
=T, =2 + )
T, =Ty ) 1 16/ (4.113)
Length of cable between supports is
1] wl\*  H . w,)l
== [1+|z%] + —sinh =2
L 2 1 (ZH) W sinh 2
8 f2 32 f* 256 f°
=1+ ——== e 4.114
< 312 5 1* 7 1° ( )
If additional uniformly distributed load is applied to a parabolic cable, the elastic elon-
gation is
Hi 16 f2
AL iE <1 3 12> (4.115)
where A = cross-sectional area of cable
E = modulus of elasticity of cable steel
H = horizontal component of tension in cable
The change in sag is approximately
151 AL
Af === \—F%55> 4.116
F=167% (5 - 24f2/12> (4.116)

If the change is small and the effect on H is negligible, this change may be computed from

Af

2 2 2
15 HI <1+16f /31> @117

T 16 AEf \ 5 — 24f2/12

For a rise in temperature ¢, the change in sag is about

15 ra 85
A =16 76 - 245 (1 "3 12) (*+-118)

where c is the coefficient of thermal expansion.

4.9.3 Example—Simple Cable

A cable spans 300 ft and supports a uniformly distributed load of 0.2 kips per ft. The
unstressed equilibrium configuration is described by a parabola with a sag at the center of
the span of 20 ft. A = 1.47 in”> and E = 24,000 ksi. Successive application of Egs. (4.111),
(4.115), and (4.116) results in the values shown in Table 4.3. It can be seen that the process
converges to a solution after five cycles.

(H. Max Irvine, Cable Structures, MIT Press, Cambridge, Mass.; Prem Krishna, Cable-
Suspended Roofs, McGraw-Hill, Inc., New York; J. B. Scalzi et al., Design Fundamentals
of Cable Roof Structures, U.S. Steel Corp., Pittsburgh, Pa.; J. Szabo and L. Kollar, Structural
Design of Cable-Suspended Roofs, Ellis Horwood Limited, Chichester, England.)
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TABLE 4.3 Example Cable Problem

Horizontal
force, Change in Change in
kips, from length, ft, sag, ft.
Eq. from Eq. from Eq.
Cycle Sag, ft 4.111) (4.115) (4.116) New sag, ft
1 20.00 112.5 0.979 2.81 22.81
2 22.81 98.6 0.864 2.19 22.19
3 22.19 101.4 0.887 2.31 22.31
4 22.31 100.8 0.883 2.29 22.29
5 22.29 100.9 0.884 2.29 22.29

4.10 CABLE SUSPENSION SYSTEMS

Single cables, such as those analyzed in Art. 4.9, have a limited usefulness when it comes
to building applications. Since a cable is capable of resisting only tension, it is limited to
transferring forces only along its length. The vast majority of structures require a more
complex ability to transfer forces. Thus it is logical to combine cables and other load-carrying
elements into systems. Cables and beams or trusses are found in combination most often in
suspension bridges (see Sec. 15), while for buildings it is common to combine multiple
cables into cable systems, such as three-dimensional networks or two-dimensional cable
beams and trusses.

Like simple cables, cable systems behave nonlinearly. Thus accurate analysis is difficult,
tedious, and time-consuming. As a result, many designers use approximate methods or pre-
liminary designs that appear to have successfully withstood the test of time. Because of the
numerous types of systems and the complexity of analysis, only general procedures will be
outlined in this article, which deals with cable systems in which the loads are carried to
supports only by cables.

Networks consist of two or three sets of parallel cables intersecting at an angle. The
cables are fastened together at their intersections. Cable trusses consist of pairs of cables,
generally in a vertical plane. One cable of each pair is concave downward, the other concave
upward (Fig. 4.15). The two cables of a cable truss play different roles in carrying load. The
sagging cable, whether it is the upper cable (Fig. 4.15a or b), the lower cable (Fig. 14.15d),
or in both positions (Fig. 4.15¢), carries the gravity load, while the rising cable resists upward
load and provides damping. Both cables are initially tensioned, or prestressed, to a prede-
termined shape, usually parabolic. The prestress is made large enough that any compression
that may be induced in a cable by superimposed loads only reduces the tension in the cable;

PP

(b) (d)

FIGURE 4.15 Planar cable systems. (a¢) Completely separated cables. (b) Cables intersecting at
midspan. (c) Crossing cables. (d) Cables meeting at supports.
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thus compressive stresses cannot occur. The relative vertical position of the cables is main-
tained by vertical spreaders or by diagonals. Diagonals in the truss plane do not appear to
increase significantly the stiffness of a cable truss.

Figure 4.15 shows four different arrangements of cables with spreaders to form a cable
truss. The intersecting types (Fig. 4.15b and c) usually are stiffer than the others, for given
size cables and given sag and rise.

For supporting roofs, cable trusses often are placed radially at regular intervals. Around
the perimeter of the roof, the horizontal component of the tension usually is resisted by a
circular or elliptical compression ring. To avoid a joint with a jumble of cables at the center,
the cables usually are also connected to a tension ring circumscribing the center.

Cable trusses may be analyzed as discrete or continuous systems. For a discrete system,
the spreaders are treated as individual members and the cables are treated as individual
members between each spreader. For a continuous system, the spreaders are replaced by a
continuous diaphragm that ensures that the changes in sag and rise of cables remain equal
under changes in load.

To illustrate the procedure for a cable truss treated as a continuous system, the type shown
in Fig. 4.15d and again in Fig. 4.16 will be analyzed. The bottom cable will be the load-
carrying cable. Both cables are prestressed and are assumed to be parabolic. The horizontal
component H,, of the initial tension in the upper cable is given. The resulting rise is f,, and
the weight of cables and spreaders is taken as w_. Span is I.

The horizontal component of the prestress in the bottom cable H,, can be determined by
equating the bending moment in the system at midspan to zero:

I PR G A

H, = =
v sy, 855

(4.119)

where f, = sag of lower cable
w; = uniformly distributed load exerted by diaphragm on each cable when cables are
parabolic

i

Setting the bending moment at the high point of the upper cable equal to zero yields

W= Aw,
H - AH,
——-’
L
) f, —Af
L/2 [ L72 1 Hiy-AH,
l'/z(w.—Awi)L
(b)
|b+AHbT' 2 (W= Aw; +p — AW)l
fb+Afb
—
N (a) - p+wc+ wi- Hip+ AHy

(c)

FIGURE 4.16 (a) Cable system with discrete spreaders replaced by an equivalent
diaphragm. (b) Forces acting on the top cable. (¢) Forces acting on the bottom
cable.
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w, = —lu (4.120)

Thus the lower cable carries a uniform downward load w, + w;, while the upper cable is
subjected to a distributed upward force w;,.

Suppose a load p uniformly distributed horizontally is now applied to the system (Fig.
4.16a). This load may be dead load or dead load plus live load. It will decrease the tension
in the upper cable by AH, and the rise by Af (Fig. 4.16b). Correspondingly, the tension in
the lower cable will increase by AH,, and the sag by Af (Fig. 4.16¢). The force exerted by
the diaphragm on each cable will decrease by Aw;,.

The changes in tension may be computed from Eq. (4.117). Also, application of this
equation to the bending-moment equations for the midpoints of each cable and simultaneous
solution of the resulting pair of equations yields the changes in sag and diaphragm force.
The change in sag may be estimated from

1 pl?

Af = — 4.121
! H,+ H, + (A, f2+ A, fHI6E/3]*> 8 ( )
where A, = cross-sectional area of upper cable
A, = cross-sectional area of lower cable
The decrease in uniformly distributed diaphragm force is given approximately by
H,, + 16AEf 231>
pw, = (Hu+ 1AER2/3P)p @12
H, +H,+ A,f>+ A, f,HI6E/3]?
And the change in load on the lower cable is nearly
H, + 16A,Ef,>*/3]*
p— Aw, = (H, 6A,Ef,*/31%)p (4.123)

H, + H, + (A, f2 + A, f,)16E/31?

In Egs. (4.121) to (4.123), the initial tensions H,, and H, generally are relatively small

iu

compared with the other terms and can be neglected. If then f, = f,, as is often the case,
Eq. (4.122) simplifies to

All
AW,- = mp (4124)
and Eq. (4.123) becomes
__4A
p— Aw; = A +a’? (4.125)

The horizontal component of tension in the upper cable for load p may be computed
from

H =H,6 — AH = —‘+———H. (4.126)

The maximum vertical component of tension in the upper cable is
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_ (v = Aw)l

V, 4.127
g > (4.127)
The horizontal component of tension in the lower cable may be computed from
tw; + p — Aw,
H,y=H, + AH, =2 7P = SWi gy (4.128)
w, + w;
The maximum vertical component of tension in the lower cable is
tw, +p — Aw,
y, = et Wit p = Aw)l (4.129)

2

In general, in analysis of cable systems, terms of second-order magnitude may be ne-
glected, but changes in geometry should not be ignored.

Treatment of a cable truss as a discrete system may be much the same as that for a cable
network considered a discrete system. For loads applied to the cables between joints, or
nodes, the cable segments between nodes are assumed parabolic. The equations given in Art.
4.9 may be used to determine the forces in the segments and the forces applied at the nodes.
Equilibrium equations then can be written for the forces at each joint.

These equations, however, generally are not sufficient for determination of the forces
acting in the cable system. These forces also depend on the deformed shape of the network.
They may be determined from equations for each joint that take into account both equilibrium
and displacement conditions.

For a cable truss (Fig. 4.16a) prestressed initially into parabolic shapes, the forces in the
cables and spreaders can be found from equilibrium conditions, as indicated in Fig. 4.17.
With the horizontal component of the initial tension in the upper cable H,, given, the prestress
in the segment to the right of the high point of that cable (joint 1, Fig. 4.17a) is T;,, = H,,/
cos ag,;. The vertical component of this tension equals W,; — W_,,, where W,, is the force
exerted by the spreader and W_,, is the load on joint 1 due to the weight of the upper cable.
(If the cable is symmetrical about the high point, the vertical component of tension in the
cable segment is (W, — W,,,)/2.] The direction cosine of the cable segment cos ag,, iS
determined by the geometry of the upper cable after it is prestressed. Hence W, can be
computed readily when H,, is known.

With W,, determined, the initial tension in the lower cable at its low point (joint 1, Fig,
4.17¢) can be found from equilibrium requirements in similar fashion and by setting the

W,
Hiu ! Hiy Tiut Wey2 )
— Wi Weu Wir—Weur g—u ____Hl,k:
H; m Wig+ Wig -Woyq ~Weye
Wiy T '” i2 Tivz
(a) JOINT 1 (b} JOINT 2

UPPER CABLE

Gap T
Wi o Wip+ Wy,

Hib w!b‘ Hio

(c) JOINT 1 (d)JOINT 2

LOWER CABLE
FIGURE 4.17 Forces acting at joints of a cable system with spreaders.
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bending moment at the low point equal to zero. Similarly, the cable and spreader forces at
adjoining joints (joint 2, Fig. 4.17b and d) can be determined.

Suppose now vertical loads are applied to the system. They can be resolved into concen-
trated vertical loads acting at the nodes, such as the load P at a typical joint O, of the bottom
cable, shown in Fig. 4.18b. The equations of Art. 4.9 can be used for the purpose. The loads
will cause vertical displacements & of all the joints. The spreaders, however, ensure that the
vertical displacement of each upper-cable node equals that of the lower-cable node below.
A displacement equation can be formulated for each joint of the system. This equation can
be obtained by treating a cable truss as a special case of a cable network.

A cable network, as explained earlier, consists of interconnected cables. Let joint O in
Fig. 4.18a represent a typical joint in a cable network and 1, 2, 3. . . . adjoining joints.
Cable segments O1, 02, O3. . . . intersect at O. Joint O is selected as the origin of a three-
dimensional, coordinate system.

In general, a typical cable segment Or will have direction cosines cos «,, with respect to
the x axis, cos «,, with respect to the y axis, and cos «,, with respect to the z axis. A load
P at O can be resolved into components P, parallel to the x axis, P, parallel to the y axis,
and P, parallel to the z axis. Similarly, the displacement of any joint r can be resolved into

components §,,, §,,, and §,.. For convenience, let

A=6,-8, A=8-08, A=25. -3

x rx x 'y ry )y (4 rz

X2

(4.130)

For a cable-network joint, in general, then, where n cable segments interconnect, three
equations can be established:

EA,
l—' cos a, (A, cos a,, + A cos o, + A cosa, )|+ P. =0 (4.131a)

r .

n

‘
Il

[ EA
I

r

M:

cos a, (A, cos o, + A cos @, + A cosa,) |+ P, =0 (4.131b)

rx y
r .

\
Il

EA
£ cos a, (A, cos a,, + A cos o, + A cosa,) | +P =0 (4131c)

X

M:

L

r r -

where £ = modulus of elasticity of steel cable
A, = cross-sectional area of cable segment Or
[, = length of chord from O to r

3
(a) (b)

FIGURE 4.18 (a) Typical joint in a cable network. (b) Displacement of the cables in a
network caused by a load acting at a joint.
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These equations are based on the assumption that deflections are small and that, for any
cable segment, initial tension 7, can be considered negligible compared with EA.

For a cable truss, n = 2 for a typical joint. If only vertical loading is applied, only Eq.
(4.131a) is needed. At typical joints O, of the upper cable and O, of the bottom cable (Fig.
4.18b), the vertical displacement is denoted by §,. The displacements of the joints L, and
L, on the left of O, and O, are indicated by §,. Those of the joints R, and R, on the right
of O, and O, are represented by 6. Then, for joint O,, Eq. (4.131a) becomes

u’

A EA
! £ cos? @y, (8, — 8,) + I 4 cos? ap, (8, = 8p) = W, — AW, — W,
Lu Ru
(4.132)
where W, = force exerted by spreader at O, and O, before application of P
AW, = change in spreader force due to P
W,, = load at O, from weight of upper cable
A,, = cross-sectional area of upper-cable segment on the left of O,
l,, = length of chord from O, to L,
Ag, = cross-sectional area of upper-cable segment on the right of O,
lr, = length of chord from O, to R,

For joint O,, Eq. (4.131a) becomes, on replacement of subscript u by b,

EA EA
=L cos? a,,(8, — 8,) + —2L cos? (8, — 8,) = —P — W, + AW, — W, (4.133)

L, Ly

where W, is the load at O, due to weight of lower cable and spreader.

Thus, for a cable truss with m joints in each cable, there are m unknown vertical dis-
placements 6 and m unknown changes in spreader force AW,. Equations (4.132) and (4.133),
applied to upper and lower nodes, respectively, provide 2m equations. Simultaneous solution
of these equations yields the displacements and forces needed to complete the analysis.

The direction cosines in Eqgs. (4.131) to (4.133), however, should be those for the dis-
placed cable segments. If the direction cosines of the original geometry of a cable network
are used in these equations, the computed deflections will be larger than the true deflections,
because cables become stiffer as sag increases. The computed displacements, however, may
be used to obtain revised direction cosines. The equations may then by solved again to yield
corrected displacements. The process can be repeated as many times as necessary for con-
vergence, as was shown for a single cable in Art 4.8.

For cable networks in general, convergence can often be speeded by computing the di-
rection cosines for the third cycle of solution with node displacements that are obtained by
averaging the displacements at each node computed in the first two cycles.

(H. Max Irvine, “Cable Structures’, MIT Press, Cambridge, Mass.; Prem Krishna, Cable-
Suspended Roofs, McGraw-Hill, Inc., New York; J. B. Scalzi et al., Design Fundamentals
of Cable Roof Structures, U.S. Steel Corp., Pittsburgh, Pa.; J. Szabo and L. Kollar, Structural
Design of Cable-Suspended Roofs, Ellis Horwood Limited, Chichester, England.)

4.11 PLANE-GRID FRAMEWORKS

A plane grid comprises a system of two or more members occurring in a single plane,
interconnected at intersections, and carrying loads perpendicular to the plane. Grids com-
prised of beams, all occurring in a single plane, are referred to as single-layer grids. Grids
comprised of trusses and those with bending members located in two planes with members
maintaining a spacing between the planes are usually referred to as double-layer grids.
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The connection between the grid members is such that all members framing into a par-
ticular joint will be forced to deflect the same amount. They are also connected so that
bending moment is transferred across the joint. Although it is possible that torsion may be
transferred into adjacent members, normally, torsion is not considered in grids comprised of
steel beams because of their low torsional stiffness.

Methods of analyzing single- and double-layer framing generally are similar. This article
therefore will illustrate the technique with the simpler plane framing and with girders instead
of plane trusses. Loading will be taken as vertical. Girders will be assumed continuous at
all nodes, except supports.

Girders may be arranged in numerous ways for plane-grid framing. Figure 4.19 shows
some ways of placing two sets of girders. The grid in Fig. 4.19a consists of orthogonal sets
laid perpendicular to boundary girders. Columns may be placed at the corners, along the
boundaries, or at interior nodes. In the following analysis, for illustrative purposes, columns
will be assumed only at the corners, and interior girders will be assumed simply supported
on the boundary girders. With wider spacing of interior girders, the arrangement shown in
Fig. 4.19b may be preferable. With beams in alternate bays spanning in perpendicular di-
rections, loads are uniformly distributed to the girders. Alternatively, the interior girders may
be set parallel to the main diagonals, as indicated in Fig. 4.19c. The method of analysis for
this case is much the same as for girders perpendicular to boundary members. The structure,
however, need not be rectangular or square, nor need the interior members be limited to two
sets of girders.

Many methods have been used successfully to obtain exact or nearly exact solutions for
grid framing, which may be highly indeterminate These include consistent deflections, finite
differences, moment distribution or slope deflection, flat plate analogy, and model analysis.
This article will be limited to illustrating the use of the method of consistent deflections.

In this method, each set of girders is temporarily separated from the other sets. Unknown
loads satisfying equilibrium conditions then are applied to each set. Equations are obtained
by expressing node deflections in terms of the loads and equating the deflection at each node
of one set to the deflection of the same node in another set. Simultaneous solution of the
equations yields the unknown loads on each set. With these now known, bending moments,
shears, and deflections of all the girders can be computed by conventional methods.

For a simply supported grid, the unknowns generally can be selected and the equations
formulated so that there is one unknown and one equation for each interior node. The number
of equations required, however, can be drastically reduced if the framing is made symmetrical
about perpendicular axes and the loading is symmetrical or antisymmetrical. For symmetrical
grids subjected to unsymmetrical loading, the amount of work involved in analysis often can
be decreased by resolving loads into symmetrical and antisymmetrical components. Figure
4.20 shows how this can be done for a single load unsymmetrically located on a grid. The
analysis requires the solution of four sets of simultaneous equations and addition of the
results, but there are fewer equations in each set than for unsymmetrical loading. The number
of unknowns may be further decreased when the proportion of a load at a node to be assigned

J

T

1=
=l

Il

(a) (b} (c)

FIGURE 4.19 Orthogonal grids. (a) Girders on short spacing. (b) Girders on
wide spacing with beams between them. (c) Girders set diagonally.
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FIGURE 4.20 Resolution of a load into symmetrical and antisymmetrical components.

to a girder at that node can be determined by
inspection or simple computation. For ex-
ample, for a square orthogonal grid, each
girder at the central node carries half the load
there when the grid loading is symmetrical
or antisymmetrical.

For analysis of simply supported grid
girders, influence coefficients for deflection

L at any point induced by a unit load are use-
{a) ful. They may be computed from the follow-
1 ing formulas.
<'kL,1 The deflection at a distance xL from one
1 support of a girder produced by a concen-
f S~ _ - B —”’1 trated load P at a distance kL from that sup-
4 s port (Fig. 4.21) is given by
e ] RKIE -
b) 6=@x(l—k)(2k—k2—x2)05xsk
FIGURE 4.21 Single concentrated load on a beam.
(a) Deflection curve. (b) Influence-coefficients curve (4.134)
for deflection at xL from support.
6=P—Lsk(1 —0)2x —x*-Kk=x=1
6EI
(4.135)

where L = span of simply supported girder
E = modulus of elasticity of the steel
I = moment of inertia of girder cross section

The intersection of two sets of orthogonal girders produces a series of girders which may
conveniently be divided into a discrete number of segments. The analysis of these girders
will require the determination of deflections for each of these segments. The deflections that
result from the application of Eqs. 4.134 and 4.135 to a girder divided into equal segments
may be conveniently presented in table format as shown in Table 4.4 for girders divided into
up to ten equal segments. The deflections can be found from the coefficients C1 and C2 as
illustrated by the following example. Consider a beam of length L comprised of four equal
segments (N = 4). If a load P is applied at 2L/N or L/2, the deflection at 1L/N or L/4 is

CPL 11 PL
Cl1EI 768 EI

For deflections, the elastic curve is also the influence curve, when P = 1. Hence the
influence coefficient for any point of the girder may be written
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TABLE 4.4 Deflection Coefficients for Beam of Length L Comprised of N Segments*

4.37

Defin. Coefficient C2 for load position, L/N
point,
N L/N 1 2 3 4 5 6 7 8 9 Cl
1 1 48

1 8 7 486
2 7 8

4 1 9 11 7 768
2 11 16 11
3 7 11 9

5 1 32 45 40 23 3750
2 45 72 68 40
3 40 68 72 45
4 23 40 45 32

6 1 25 38 39 31 17 3888
2 38 64 69 56 31
3 39 69 81 69 39
4 31 56 69 64 38
5 17 31 39 38 25

7 1 72 115 128 117 88 47 14,406
2 115 200 232 216 164 88
3 128 232 288 279 216 117
4 117 216 279 288 232 128
5 88 164 216 232 200 115
6 47 88 117 128 115 72

8 1 49 81 95 94 81 59 31 12,288
2 81 144 175 176 153 112 59
3 95 175 225 234 207 153 81
4 94 176 234 256 234 176 94
5 81 153 207 234 225 175 95
6 59 112 153 276 175 144 81
7 31 59 81 94 95 81 49

9 1 128 217 264 275 256 213 152 79 39,366
2 217 392 492 520 488 408 292 152
3 264 492 648 705 672 567 408 213
4 275 520 705 800 784 672 488 256
5 256 488 672 784 800 705 520 275
6 213 408 567 672 705 648 492 264
7 152 292 408 488 520 492 392 217
8 79 152 213 256 275 264 217 128

10 1 81 140 175 189 185 166 135 95 49 30,000

2 140 256 329 360 355 320 261 184 95
3 175 329 441 495 495 450 369 261 135
4 189 360 495 576 590 544 450 320 166
5 185 355 495 590 625 590 495 355 185
6 166 320 450 544 590 576 495 360 189
7 135 261 369 450 495 495 441 329 175
8 95 184 261 320 355 360 329 256 140
9 49 95 135 166 185 189 175 140 81

C2PL?
C1El

*Deflection =
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FIGURE 4.22 Two equal downward-acting loads ~FIGURE 4.23 Equal upward and downward con-
symmetrically placed on a beam. (a) Deflection curve.  centrated loads symmetrically placed on a beam. (a)
(b) Influence-coefficients curve. Deflection curve. (b) Influence-coefficients curve.

L3
5 = bkl (4.136)

2(1 k- —x?) 0=x=k
where [x, k] = k (4.137)
-0 —x* k) k=x=1

The deflection at a distance xL from one support of the girder produced by concentrated
loads P t distances kL and (1 — k)L from that support Fig. 4.20) is given by

PL?
S = 73 (x, k) (4.138)
X
6(3k—3k2—x2) O=x=k
where (x, k) = k 1
6(3)6— 3x2 — k%) kSXSE (4.139)

The deflection at a distance xL from one support of the girder produced by concentrated
loads P at distance kL from the support and an upward concentrated load P at a distance
(1 = k)L from the support (antisymmetrical loading, Fig. 4.23) is given by

PL?
8= (xk) (4.140)

g(l—Zk)(k—kz—xz) 0=x

IA

N = =

where [x, k] = (4.141)

§(1—2x)(x—x2—k2) k=x=

For convenience in analysis, the loading carried by the grid framing is converted into
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concentrated loads at the nodes. Suppose for example that a grid consists of two sets of
parallel girders as in Fig. 4.19, and the load at interior node r is P,. Then it is convenient
to assume that one girder at the node is subjected to an unknown force X, there, and the
other girder therefore carries a force P, — X, at the node. With one set of girders detached
from the other set, the deflections produced by these forces can be determined with the aid
of Egs. (4.134) to (4.141).

A simple example will be used to illustrate the application of the method of consistent
deflections. Assume an orthogonal grid within a square boundary (Fig. 4.24a). There are
n = 4 equal spaces of width & between girders. Columns are located at the corners A, B, C,
and D. All girders have a span nh = 4h and are simply supported at their terminals, though
continuous at interior nodes. To simplify the example. all girders are assumed to have equal
and constant moment of inertia /. Interior nodes carry a concentrated load P. Exterior nodes,
except corners, are subjected to a load P/2.

Because of symmetry, only five different nodes need be considered. These are numbered
from 1 to 5 in Fig. 4.24a, for identification. By inspection, loads P at nodes 1 and 3 can be
distributed equally to the girders spanning in the x and y directions. Thus, when the two sets
of parallel girders are considered separated, girder 4-4 in the x direction carries a load of
P/2 at midspan (Fig. 4.24b). Similarly, girder 5-5 in the y direction carries loads of P/2 at
the quarter points (Fig. 4.24c¢).

Let X, be the load acting on girder 4-4 (x direction) at node 2 (Fig. 4.24b). Then P —
X, acts on girder 5-5 (y direction) at midspan (Fig. 4.24c). The reactions R of girders 4-4
and 5-5 are loads on the boundary girders (Fig. 4.24d).

Because of symmetry, X, is the only unknown in this example. Only one equation is
needed to determine it.

To obtain this equation. equate the vertical displacement of girder 4-4 (x direction) at
node 2 to the vertical displacement of girder 5-5 (y direction) at node 2. The displacement
of girder 4-4 equals its deflection plus the deflection of node 4 on BC. Similarly, the dis-
placement of girder 5-5 equals its deflection plus the deflection of node 5 on AB or its
equivalent BC.

When use is made of Eqgs. (4.136) and (4.138), the deflection of girder 4-4 (x direction)
at node 2 equals

/Y

P/z

N,
ST LA
ST A

 of o ;

3P X, 3 2 2p Xp

A 8 z°z 57

e 4 @ h=4h ———> B 5 4 5 C
(a) (d)

FIGURE 4.24 Square bay with orthogonal grid. (a) Loads distributed to joints. (b) Loads on
midspan girder. (¢) Loads on quarter-point girder. (d) Loads on boundary girder.
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n*h? 11|P 11
62 = E {Iiz, §:| 5 + (Z, Z) Xz} + 54 (414261)

where §, is the deflection of BC at node 4. By Eq. (4.137), [V4, V2] = (Y4s)(*V16). By Eq.
(4.139), (Va, Va) = Vas. Hence

nh® (11
. = 1887 <3—2 P+ x2> + 8, (4.142b)

For the loading shown in Fig. 4.24d,

wh? | |1 1[/3P 1 1\(3P x,
= = ==+ )5 -2 .
% = {[2 2]( 4 X2> (2’ 4>< 2 2>} (4.143a)

By Eq. (4.137), ['4, 5] = VYas. By Eq. (4.139), (Y5, ¥4) = (Vas)('%). Hence Eq. (4.143q)

becomes
n’h® (45 5
= =P+ = .

Y 48EI (16 P 16 X2> (4.143b)

Similarly, the deflection of girder 5-5 (y direction) at node 2 equals

w11 1 1\P wh (27
= == - + =)=+ 8 = — P - +
=g {[2 2}(}) X) (2’ 4> 2} % = REl (16 P X2> %

(4.144)
For the loading shown in Fig. 4.24d,
wh® [|1 1|/3P 1 1\/3P X,
o=t [ )+ )G -2
n*h® (129 3
= —_— + _ .
48EI < AT X2) (4.145)

The needed equation for determining X, is obtained by equating the right-hand side of
Egs. (4.142b) and (4.144) and substituting 8§, and &5 given by Eqs. (4.143b) and (4.145).
The result, after division of both sides of the equation by n*h*/48EIL. is

WP + X, + %6P + Y16X, = *V16P — X, + 2% P + %16X, (4.146)
Solution of the equation yields

35P 101P
X2 = m = 0.257P and P - X2 = W = 0.743P

With these forces known, the bending moments, shears, and deflections of the girders can
be computed by conventional methods.

To examine a more general case of symmetrical framing, consider the orthogonal grid
with rectangular boundaries in Fig. 4.25a. In the x direction, there are n spaces of width A.
In the y direction, there are m spaces of width k. Only members symmetrically placed in the
grid are the same size. Interior nodes carry a concentrated load P. Exterior nodes, except
corners, carry P/2. Columns are located at the corners. For identification, nodes are num-
bered in one quadrant. Since the loading, as well as the framing, is symmetrical, correspond-
ing nodes in the other quadrants may be given corresponding numbers.

At any interior node r, let X, be the load carried by the girder spanning in the x direction.
Then P — X, is the load at that node applied to the girder spanning in the y direction. For
this example, therefore, there are six unknowns X,, because r ranges from 1 to 6. Six equa-
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FIGURE 4.25 Rectangular bay with orthogonal girder grid. (@) Loads distributed to joints. (b)
Loads on longer midspan girder. (¢) Loads on shorter boundary girder AD. (d) Loads on shorter
midspan girder. (e) Loads on longer boundary girder AB.

tions are needed for determination of X,. They may be obtained by the method of consistent
deflections. At each interior node, the vertical displacement of the x-direction girder is
equated to the vertical displacement of the y-direction girder, as in the case of the square
grid.

To indicate the procedure for obtaining these equations, the equation for node 1 in Fig.
4.25a will be developed. When use is made of Egs. (4.136) and (4.138), the deflection of

girder 7-7 at node 1 (Fig. 4.25b) equals
11 11
+ X, + (=) X + 4.14
<2 3) (2, 6) 3} 8, (4.147)

w11
= =X
g EI, {[2 2] !

moment of inertia of girder 7-7
deflection of girder AD at node 7

where I,
8,

Girder AD carries the reactions of the interior girders spanning in the x direction (Fig. 4.25¢):
mk (|1 1| (P X, 1 1\(P X,
= - —|llz+3+X, + = = + =2+ X+
i[53 B3 een) + (G355
(4.148)

where 1,,, is the moment of inertia of girder AD. Similarly, the deflection of girder 9-9 at
node 1 (Fig. 4.25d) equals

mk |21 1
6, = {[2 2} (P—-X) + (5 4> (P — X4)} + & (4.149)

moment of inertia of girder 9-9
deflection of girder AB at node 9

where I,

>
(Il
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Girder AB carries the reactions of the interior girders spanning in the y direction (Fig. 4.25¢):

R ([t 1] /p P-X
= |l (z+——L+P-X
% EIAB{[Z’Z} (2 2 “)
11\ (P P-X,
+l=s)|lz+——+P~-
(33) G555 rex)

11\ (P P-X, -
+ <2, 6) (2 P Xﬁ>} (4.150)

where 1,, is the moment of inertia of girder AB. The equation for vertical displacement at
node 1 is obtained by equating the right-hand side of Eqs. (4.147) and (4.149) and substi-
tuting 6, and 8, given by Eqs. (4.148) and (4.150).

After similar equations have been developed for the other five interior nodes, the six
equations are solved simultaneously for the unknown forces X,. When these have been
determined, moments, shears, and deflections for the girders can be computed by conven-
tional methods.

(A. W. Hendry and L. G. Jaeger, Analysis of Grid Frameworks and Related Structures,
Prentice-Hall, Inc., Englewood Cliffs, N.J.; Z. S. Makowski, Steel Space Structures, Michael
Joseph, London.)

4.12 FOLDED PLATES

Planar structural members inclined to each other and connected along their longitudinal edges
comprise a folded-plate structure (Fig. 4.26). If the distance between supports in the lon-
gitudinal direction is considerably larger than that in the transverse direction, the structure
acts much like a beam in the longitudinal direction. In general, however, conventional beam
theory does not accurately predict the stresses and deflections of folded plates.

A folded-plate structure may be considered as a series of girders or trusses leaning against
each other. At the outer sides, however, the plates have no other members to lean against.
Hence the edges at boundaries and at other discontinuities should be reinforced with strong
members to absorb the bending stresses there. At the supports also, strong members are
needed to transmit stresses from the plates into the supports. The structure may be simply
supported, or continuous, or may cantilever beyond the supports.

Another characteristic of folded plates that must be taken into account is the tendency of
the inclined plates to spread. As with arches, provision must be made to resist this displace-
ment. For the purpose, diaphragms or ties may be placed at supports and intermediate points.

FIGURE 4.26 Folded plate roofs. (a) Solid plates. (b) Trussed plates.
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The plates may be constructed in different ways. For example, each plate may be a
stiffened steel sheet or hollow roof decking (Fig. 4.26a). Or it may be a plate girder with
solid web. Or it may be a truss with sheet or roof decking to distribute loads transversely
to the chords (Fig. 4.26b).

A folded-plate structure has a two-way action in transmitting loads to its supports. In the
transverse direction, the plates act as slabs spanning between plates on either side. Each
plate then serves as a girder in carrying the load received from the slabs longitudinally to
the supports.

The method of analysis to be presented assumes the following: The material is elastic,
isotropic, and homogeneous. Plates are simply supported but continuously connected to ad-
joining plates at fold lines. The longitudinal distribution of all loads on all plates is the same.
The plates carry loads transversely only by bending normal to their planes and longitudinally
only by bending within their planes. Longitudinal stresses vary linearly over the depth of
each plate. Buckling is prevented by adjoining plates. Supporting members such as dia-
phragms, frames, and beams are infinitely stiff in their own planes and completely flexible
normal to their planes. Plates have no torsional stiffness normal to their own planes. Dis-
placements due to forces other than bending moments are negligible.

With these assumptions, the stresses in a steel folded-plate structure can be determined
by developing and solving a set of simultaneous linear equations based on equilibrium con-
ditions and compatibility at fold lines. The following method of analysis, however, eliminates
the need for such equations.

Figure 4.27a shows a transverse section through part of a folded-plate structure. An
interior element, plate 2, transmits the vertical loading on it to joints 1 and 2. Usual procedure
is to design a 1-ft-wide strip of plate 2 at midspan to resist the transverse bending moment.
(For continuous plates and cantilevers, a 1-ft-wide strip at supports also would be treated in
the same way as the midspan strip.) If the load is w, kips per ft* on plate 2, the maximum

PLATE 2
R
! 2
4,
"—x
PLATE 1
o]
P SHEAR
L O T O T T T T T IO, + +
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FIGURE 4.27 Forces on folded plates. (a) Transverse section. (b) Forces at joints 1 and 2. (c)
Plate 2 acting as girder. (d) Shears on plate 2.
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bending moment in the transverse strip is w,h,a,/8, where h, is the depth (feet) of the plate
and a, is the horizontal projection of #,.

The 1-ft-wide transverse strip also must be capable of resisting the maximum shear w,h,/2
at joints 1 and 2. In addition, vertical reactions equal to the shear must be provided at the
fold lines. Similarly, plate 1 applies a vertical reaction W, kips per ft at joint 1, and plate 3,
a vertical reaction w;h;/2 at joint 2. Thus the total vertical force from the 1-ft-wide strip at
joint 2 is

R, = Va(w,h, + wihy) (4.151)

Similar transverse strips also load the fold line. It may be considered subject to a uni-
formly distributed load R, kips per ft. The inclined plates 2 and 3 then carry this load in the
longitudinal direction to the supports (Fig. 4.27¢). Thus each plate is subjected to bending
in its inclined plane.

The load to be carried by plate 2 in its plane is determined by resolving R, at joint 1 and
R, at joint 2 into components parallel to the plates at each fold line (Fig. 4.27b). In the
general case, the load (positive downward) of the nth plate is

_ Rn _ Rn*l
" k,cos B, Kk, cos &, (@152

vertical load, kips per ft, on joint at top of plate n
vertical load, kips per ft, on joint at bottom of plate n
angle, deg, plate n makes with the horizontal

k, = tan ¢, — tan @, .,

This formula, however, cannot be used directly for plate 2 in Fig. 4.27(a) because plate 1
is vertical. Hence the vertical load at joint 1 is carried only by plate 1. So plate 2 must carry

=
i
I

R,
=— 4.153
>k, cos ¢, ( )

To avoid the use of simultaneous equations for determining the bending stresses in plate
2 in the longitudinal direction, assume temporarily that the plate is disconnected from plates
1 and 3. In this case, maximum bending moment, at midspan, is

%

M, 2

(4.154)

where L is the longitudinal span (ft). Maximum bending stresses then may be determined
by the beam formula f = +M/S, where § is the section modulus. The positive sign indicates
compression, and the negative sign tension.

For solid-web members, S = I/c, where I is the moment of inertia of the plate cross
section and c is the distance from the neutral axis to the top or bottom of the plate. For
trusses, the section modulus (in®) with respect to the top and bottom, respectively, is given
by

S,=Ah  S,=Ah (4.155)

where A, = cross-sectional area of top chord, in?
A, = cross-sectional area of bottom chord, in?
h = depth of truss, in

In the general case of a folded-plate structure, the stress in plate n at joint n, computed
on the assumption of a free edge, will not be equal to the stress in plate n + 1 at joint n,
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similarly computed. Yet, if the two plates are connected along the fold line n, the stresses
at the joint should be equal. To restore continuity, shears are applied to the longitudinal
edges of the plates (Fig. 4.27d). The unbalanced stresses at each joint then may be adjusted
by converging approximations, similar to moment distribution.

If the plates at a joint were of constant section throughout, the unbalanced stress could
be distributed in proportion to the reciprocal of their areas. For a symmetrical girder, the
unbalance should be distributed in proportion to the factor

1 [ n?
=—|—=+ .
F 1 <2r2 1) (4.156)
where A = cross-sectional area, in?, of girder
h = depth, in, of girder

r = radius of gyration, in, of girder cross section

And for an unsymmetrical truss, the unbalanced stress at the top should be distributed in
proportion to the factor

1 1

=—+ .
F At (4.157)

The unbalance at the bottom should be distributed in proportion to

1 1
=—+ .
Fy A, A, + A, (4.158)

A carry-over factor of —'2 may be used for distribution to the adjoining edge of each
plate. Thus the part of the unbalance assigned to one edge of a plate at a joint should be
multiplied by —Y2, and the product should be added to the stress at the other edge.

After the bending stresses have been adjusted by distribution, if the shears are needed,
they may be computed from

+
7—‘11 = Tn*l - %An (4']59)
for true plates, and for trusses, from
T’n = Tn—] - fn—lAb - flet (4'160)
where T, = shear, kips, at joint n
f. = bending stress, ksi, at joint n
A, = cross-sectional area, in?, of plate n

Usually, at a boundary edge, joint O, the shear is zero. With this known, the shear at joint
1 can be computed from the preceding equations. Similarly, the shear can be found at
successive joints. For a simply supported, uniformly loaded, folded plate, the shear stress f,
(ksi) at any point on an edge n is approximately

f, = (l - f) 4.161)

18Lt \2 L

where x = distance, ft, from a support
t = web thickness of plate, in
L = longitudinal span, ft, of plate

As an illustration of the method, stresses will be computed for the folded-plate structure
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in Fig. 28a. It may be considered to consist of four inverted-V girders, each simply supported
with a span of 120 ft. The plates are inclined at an angle of 45° with the horizontal. With a
rise of 10 ft and horizontal projection a = 10 ft, each plate has a depth & = 14.14 ft. The
structure is subjected to a uniform load w = 0.0353 ksf over its surface. The inclined plates
will be designed as trusses. The boundaries, however, will be reinforced with a vertical
member, plate 1. The structure is symmetrical about joint 5.

As indicated in Fig. 28a, 1-ft-wide strip is selected transversely across the structure at
midspan. This strip is designed to transmit the uniform load w to the folds. It requires a
vertical reaction of 0.0353 X 14.14/2 = 0.25 kip per ft along each joint (Fig. 28b). Because
of symmetry, a typical joint then is subjected to a uniform load of 2 X 0.25 = 0.5 kip per
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FIGURE 4.28 (a) Folded-plate roof. (b) Plate reactions for transverse span. (c) Loads at joints
of typical interior transverse section. () Forces at joint 4. (e¢) Forces at joint 3. (f) Plate 4 acting
as girder. (g) Loads at joints of outer transverse section. (/) Plate 2 acting as girder.
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ft (Fig. 28¢). At joint 1, the top of the vertical plate, however, the uniform load is 0.25 plus
a load of 0.20 on plate 1, or 0.45 kip per ft (Fig. 28g).

The analysis may be broken into two parts, to take advantage of simplification permitted
by symmetry. First. the stresses may be determined for a typical interior inverted-V girder.
Then. the stresses may be computed for the boundary girders, including plate 1.

The typical interior girder consists of plates 4 and 5, with load of 0.5 kip per ft at joints
3, 4, and 5 (Fig. 28¢). This load may be resolved into loads in the plane of the plates, as
indicated in Fig. 284 and e. Thus a typical plate, say plate 4, is subjected to a uniform load
of 0.707 kip per ft (Fig. 28f). Hence the maximum bending moment in this truss is

2
M= 0.707(120)

2 = 1273 ft-kips
Assume now that each chord is an angle 8 X 8 X %6 in, with an area of 8.68 in> Then the
chords, as part of plate 4, have a maximum bending stress of

1273

868 1414 = 1036 ksi

f==

Since the plate is typical, adjoining plates also impose an equal stress on the same chords.

Hence the total stress in a typical chord is +10.36 X 2 = +20.72 ksi, the stress being
compressive along ridges and tensile along valleys.

To prevent the plates composing the inverted-V girder from spreading, a tie is needed at
each support. This tie is subjected to a tensile force

P = R cos ¢ = 0.707('294)0.707 = 30 kips

The boundary inverted-V girder consists of plates 1, 2, and 3, with a vertical load of 0.5
kip per ft at joints 2 and 3 and 0.45 kip per ft on joint 1. Assume that plate 1 is a W36 X
135. The following properties of this shape are needed: A = 39.7 in>. h = 35.55 in. A, =
9.44 in%, r = 14 in, S = 439 in®. Assume also that the top flange of plate 1 serves as the
bottom chord of plate 2. Thus this chord has an area of 9.44 in’.

With plate 1 vertical, the load on joint 1 is carried only by plate 1. Hence, as indicated
by the resolution of forces in Fig. 28d, plate 2 carries a load in its plane of 0.353 kip per ft
(Fig. 28h). The maximum bending moment due to this load is

2
M= 0.353(120)

2 = 637 ft-kips

Assume now that the plates are disconnected along their edges. Then the maximum bend-
ing stress in the top chord of plate 2, including the stress imposed by bending of plate 3, is

637

=" T 1036 =5.18 + 10.36 = 15. -
368 X 14.14 10.36 = 5.18 + 10.36 = 15.54 ksi

fi

and the maximum stress in the bottom chord is

—637

Toarx 141a . MK

fu
For the load of 0.45 kip per ft, plate 1 has a maximum bending moment of
45(120)%12
M = 0.45(120)°12 3 L) = 9730 in-kips

The maximum stresses due to this load are
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M 9730
f=5=r
S 439

= +£22.16 ksi

Because the top flange of the girder has a compressive stress of 22.16 ksi, whereas acting
as the bottom chord of the truss, the flange has a tensile stress of 4.77 ksi, the stresses at
joint 1 must be adjusted. The unbalance is 22.16 + 4.77 = 26.93 ksi;

The distribution factor at joint 1 for plate 2 can be computed from Eq. (4.158):

1 1
= — + —— = (.
F, 9.44 = 944 + 8.68 0.1611

The distribution factor for plate 1 can be obtained from Eq. (4.156):

1 [(35.5)2

17397 | 2(14)

+ 1] = 0.1062

Hence the adjustment in the stress in the girder top flange is

~26.93 x 0.1062 .
01062 + 01611 1070 ksi

The adjusted stress in that flange then is 22.16 — 10.70 = 11.46 ksi. The carryover to
the bottom flange is (—%2)(—10.70) = 5.35 ksi. And the adjusted bottom flange stress is
—22.16 + 5.35 = —16.87 ksi.

Plate 2 receives an adjustment of 26.93 — 10.70 = 16.23 ksi. As a check, its adjusted
stress is —4.77 + 16.23 = 11.46 ksi, the same as that in the top flange of plate 1. The carry-
over to the top chord is (—%2)16.23 = —8.12. The unbalanced stress now present at joint 2
may be distributed in a similar manner, the distributed stresses may be carried over to joints
1 and 3, and the unbalance at those joints may be further distributed. The adjustments beyond
joint 2, however, will be small.

(V. S. Kelkar and R. T. Sewell, Fundamentals of the Analysis and Design of Shell Struc-
tures, Prentice-Hall, Englewood Cliffs, N.J.)

4.13 ORTHOTROPIC PLATES

Plate equations are applicable to steel plate used as a deck. Between reinforcements and
supports, a constant-thickness deck, loaded within the elastic range, acts as an isotropic
elastic plate. But when a deck is attached to reinforcing ribs or is continuous over relatively
closely spaced supports its properties change in those directions. The plate becomes anis-
tropic. And if the ribs and floorbeams are perpendicular to each other, the plate is orthog-
onal-anistropic, or orthotropic for short.

An orthotropic-plate deck, such as the type used in bridges. resembles a plane-grid frame-
work (Art. 4.11). But because the plate is part of the grid. an orthotropic-plate structure is
even more complicated to analyze. In a bridge, the steel deck plate, protected against traffic
and weathering by a wearing surface, serves as the top flange of transverse floorbeams and
longitudinal girders and is reinforced longitudinally by ribs (Fig. 4.29). The combination of
deck with beams and girders permits design of bridges with attractive long, shallow spans.

Ribs, usually of constant dimensions and closely spaced, are generally continuous at
floorbeams. The transverse beams, however, may be simply supported at girders. The beams
may be uniformly spaced at distances ranging from about 4 to 20 ft. Rib spacing ranges
from 12 to 24 in.

Ribs may be either open (Fig. 4.30a) or closed (Fig. 4.30b). Open ribs are easier to
fabricate and field splice. The underside of the deck is readily accessible for inspection and
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FIGURE 4.29 Orthotropic plate.

maintenance. Closed ribs, however, offer greater resistance to torsion. Load distribution con-
sequently is more favorable. Also, less steel and less welding are required than for open-rib
decks.

Because of the difference in torsional rigidity and load distribution with open and closed
ribs, different equations are used for analyzing the two types of decks. But the general
procedure is the same for both.

Stresses in an orthotropic plate are assumed to result from bending of four types of
members:

Member I comprises the plate supported by the ribs (Fig. 4.31a). Loads between the ribs
cause the plate to bend.

Member II consists of plate and longitudinal ribs. The ribs span between and are con-
tinuous at floorbeams (Fig. 4.31b). Orthotropic analysis furnishes distribution of loads to ribs
and stresses in the member.

Member III consists of the reinforced plate and the transverse floorbeams spanning be-
tween girders (Fig. 4.31¢). Orthotropic analysis gives stresses in beams and plate.

LD ] U U vy

PLATE ANGLE BULB HALF BEAM
(a) OPEN RIBS (b) CLOSED RIBS
FIGURE 4.30 Types of ribs for orthotropic plates.
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FIGURE 4.31 Four members treated in analysis of orthotropic plates.

Member IV comprises girders and plate (Fig. 4.31d). Stresses are computed by conven-
tional methods. Hence determination of girder and plate stresses for this member will not
be discussed in this article.

The plate theoretically should be designed for the maximum principal stresses that result
from superposition of all bending stresses. In practice, however, this is not done because of
the low probability of the maximum stress and the great reserve strength of the deck as a
membrane (second-order stresses) and in the inelastic range.

Special attention, however, should be given to stability against buckling. Also, loading
should take into account conditions that may exist at intermediate erection stages.

Despite many simplifying assumptions, orthotropic-plate theories that are available and
reasonably in accord with experiments and observations of existing structures require long,
tedious computations. (Some or all of the work, however, may be done with computers to
speed up the analysis.) The following method, known as the Pelikan-Esslinger method, has
been used in design of several orthotropic plate bridges. Though complicated, it still is only
an approximate method. Consequently, several variations of it also have been used.

In one variation, members II and III are analyzed in two stages. For the first stage, the
floorbeams are assumed as rigid supports for the continuous ribs. Dead- and live-load shears,
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reactions, and bending moments in ribs and floorbeams then are computed for this condition.
For the second stage, the changes in live-load shears, reactions, and bending moments are
determined with the assumption that the floorbeams provide elastic support.

Analysis of Member 1. Plate thickness generally is determined by a thickness criterion. If
the allowable live-load deflection for the span between ribs is limited to Y3ooth of the rib
spacing, and if the maximum deflection is assumed as one-sixth of the calculated deflection
of a simply supported, uniformly loaded plate, the thickness (in) should be at least

t = 0.065aVp (4.162)

where a = spacing, in, of ribs
p = load, ksi

The calculated thickness may be increased, perhaps Yie in, to allow for possible metal loss
due to corrosion.

The ultimate bearing capacity of plates used in bridge decks may be checked with a
formula proposed by K. Kloeppel:

6.1f,¢
P, = Tf Ve, (4.163)
where p, = loading, ksi, at ultimate strength
€, = elongation of the steel, in per in, under stress f,
f. = ultimate tensile strength, ksi, of the steel

t = plate thickness, in

Open-Rib Deck-Member 11, First Stage. Resistance of the orthotropic plate between the
girders to bending in the transverse, or x, direction and torsion is relatively small when open
ribs are used compared with flexural resistance in the y direction (Fig. 4.32a). A good
approximation of the deflection w (in) at any point (x, y) may therefore be obtained by
assuming the flexural rigidity in the x direction and torsional rigidity to be zero. In this case,
w may be determined from

4

a*w
D, 8_y4 = p(x, y) (4.164)

where D, = flexural rigidity of orthotropic plate in longitudinal, or y, direction, in-kips
p(x, y) = load expressed as function of coordinates x and y, ksi

For determination of flexural rigidity of the deck, the rigidity of ribs is assumed to be
continuously distributed throughout the deck. Hence the flexural rigidity in the y direction
is

EIl,
D, = » (4.165)
where £ = modulus of elasticity of steel, ksi
I, = moment of inertia of one rib and effective portion of plate, in*
a = rib spacing, in

Equation (4.164) is analogous to the deflection equation for a beam. Thus strips of the
plate extending in the y direction may be analyzed with beam formulas with acceptable
accuracy.
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FIGURE 4.32 (a) For orthotropic-plate analysis, the x axis
lies along a floorbeam, the y axis along a girder. (b) A rib
deflects like a continuous beam. (c¢) Length of positive region
of rib bending-moment diagram determines effective rib span
s
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In the first stage of the analysis, bending moments are determined for one rib and the
effective portion of the plate as a continuous beam on rigid supports. (In this and other
phases of the analysis, influence lines or coefficients are useful. See, for example, Table 4.5
and Fig. 4.33.) Distribution of live load to the rib is based on the assumption that the ribs
act as rigid supports for the plate. For a distributed load with width B in, centered over the
rib, the load carried by the rib is given in Table 4.6 for B/a ranging from O to 3. For B/a
from 3 to 4, the table gives the load taken by one rib when the load is centered between
two ribs. The value tabulated in this range is slightly larger than that for the load centered
over a rib. Uniform dead load may be distributed equally to all the ribs.

The effective width of plate as the top flange of the rib is a function of the rib span and
end restraints. In a loaded rib, the end moments cause two inflection points to form. In
computation of the effective width, therefore, the effective span s, (in) of the rib should be
taken as the distance between those points, or length of positive-moment region of the
bending-moment diagram (Fig. 4.32¢). A good approximation is

s, = 0.7s (4.166)

where s is the floorbeam spacing (in).

The ratio of effective plate width a, (in) to rib spacing a (in) is given in Table 4.6 for a
range of values of B/a and a/s,. Multiplication of a,/a by a gives the width of the top
flange of the T-shaped rib (Fig. 4.34).
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TABLE 4.5 Influence Coefficients for
Continuous Beam on Rigid Supports

Constant moment of inertia and equal

spans

Midspan End

moments moments Reactions

at C at 0 at 0

yls mel's mg/'s Ty
0 0 0 1.000
0.1 0.0215 —0.0417 0.979
0.2 0.0493 —0.0683 0.922
0.3 0.0835 -0.0819 0.835
0.4 0.1239 —0.0849 0.725
0.5 0.1707 -0.0793 0.601
0.6 0.1239 -0.0673 0.468
0.7 0.0835 —0.0512 0.334
0.8 0.0493 -0.0331 0.207
0.9 0.0215 -0.0153 0.093
1.0 0 0 0
1.2 -0.0250 0.0183 -0.110
1.4 -0.0311 0.0228 -0.137
1.6 -0.0247 0.0180 —0.108
1.8 -0.0122 0.0089 —0.053
2.0 0 0 0
2.2 0.0067 —0.0049 0.029
24 0.0083 —0.0061 0.037
2.6 0.0066 —0.0048 0.029
2.8 0.0032 —0.0023 0.014
3.0 0 0 0

o I
< Ar-1 l O

(A A f

{0)

- y !

-

43 AV [oY] [oYe) [AY] By O [s%3
(b)
FIGURE 4.33 Continuous beam with constant moment of inertia and equal
spans on rigid supports. (a) Coordinate y for load location for midspan mo-
ment at C. (b) Coordinate y for reaction and end moment at O.
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TABLE 4.6 Analysis Ratios for Open Ribs

Ratio of
Ratio of load on
load width one rib Ratio of effective plate width to rib spacing a,/a for the following ratios
to rib to total of rib spacing to effective rib span a/s,
spacing load
Bl/a R,/ P 0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
0 1000 220 203 162 124 0964
05 0959 216 198 161 124 0970 0777
1.0 0854 203 18 156 124 095  0.776
1.5 0.714 1.83 1.73 1.47 1.19 0.938 0.776
2.0 0.567 1.60 1.52 1.34 1.12 0.922 0.760 0.641
2.5 0.440 1.34 1.30 1.18 1.04 0.877 0.749 0.636 0.550
3.0 0.354 1.15 1.13 0.950 0.936 0.827 0.722 0.626 0.543
3.5 0.296 0.963 0.951 0.902 0.832 0.762 0.675 0.604 0.535
4.0 0.253 0.853 0.843 0.812 0.760 0.699 0.637 0.577 0.527

Open-Rib Deck-Member III, First Stage. For the condition of floorbeams acting as rigid
supports for the rib, dead-load and live-load moments for a beam are computed with the
assumption that the girders provide rigid support. The effective width s, (in) of the plate
acting as the top flange of the T-shaped floorbeam is a function of the span and end restraints.
For a simply supported beam, in the computation of effective plate width, the effective span
[, (in) may be taken approximately as

L =1 (4.167)

where [ is the floorbeam span (in).

For determination of floorbeam shears, reactions, and moments, s, may be taken as the
floorbeam spacing. For stress computations, the ratio of effective plate width s, to effective
beam spacing s, (in) may be obtained from Table 4.7. When all beams are equally loaded

sp=5 (4.168)

The effect of using this relationship for calculating stresses in unequally loaded floorbeams
generally is small. Multiplication of s,/s; given by Table 4.7 by s yields, for practical pur-
poses, the width of the top flange of the T-shaped floorbeam.

Open-Rib Deck-Member II, Second Stage. In the second stage, the floorbeams act as
elastic supports for the ribs under live loads. Deflection of the beams, in proportion to the
load they are subjected to, relieves end moments in the ribs but increases midspan moments.

Evaluation of these changes in moments may be made easier by replacing the actual live
loads with equivalent sinusoidal loads. This permits use of a single mathematical equation

EFFECTIVE WIDTH

“—' 004’, / PLATE

--—

o -
| *—RIB |

FIGURE 4.34 Effective width of open rib.
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TABLE 4.7 Effective Width of Plate

a,ls, a,la, a,ls, a,la, a,ls, a,la, a,ls, a,la,
els, ele, e,ls, ele, e,ls, ele, e,ls, ele,
s;l1, 8,15y s;ll, 5,8, s;ll, 5,8, s/, 5,158,
0 1.10 0.20 1.01 0.40 0.809 0.60 0.622

0.05 1.09 0.25 0.961 0.45 0.757 0.65 0.590
0.10 1.08 0.30 0.921 0.50 0.722 0.70 0.540
0.15 1.05 0.35 0.870 0.55 0.671 0.75 0.512

for the deflection curve over the entire floorbeam span. For this purpose, the equivalent
loading may be expressed as a Fourier series. Thus, for the coordinate system shown in Fig.
4.32a, a wheel load P kips distributed over a deck width B (in) may be represented by the
Fourier series

0, = > Q,sin n—;m (4.169)
n=1

where n = integer
x = distance, in, from support
[ = span, in, or distance, in, over which equivalent load is distributed

For symmetrical loading, only odd numbers need be used for n. For practical purposes, Q,
may be taken as

2P . nwmxp

0, = T sin ] (4.170)
where x, is the distance (in) of P from the girder.
Thus, for two equal loads P centered over x, and ¢ in apart,
4P . nmxp nirc
0, = 7 sin ] cos 21 4.171)
For m pairs of such loads centered, respectively, over x,, x,, . . . , X,
4P e
0, = — cos ZE 3 sin T (4.172)
l 21 = l
For a load W distributed over a lane width B (in) and centered over x,,
4 B
0, = W G V5w G, 178 (4.173)
nm I 21
And for a load W distributed over the whole span,
4w
Q,=— 4.174)
nil

Bending moments and reactions for the ribs on elastic supports may be conveniently
evaluated with influence coefficients. Table 4.8 lists such coefficients for midspan moment,
end moment, and reaction of a rib for a unit load over any support (Fig. 4.35).
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TABLE 4.8 Influence Coefficients for Continuous Beam on Elastic Supports

Constant moment of inertia and equal spans

Midspan moments m/s, for

End moments m,/s, for unit load

Reactions r,, for unit load

Flexibility unit load at support: at support: at support:
coefficient
y 0 1 2 0 1 2 3 0 1 2
0.05 0.027 —0.026 -0.002  0.100 —0.045 —0.006 0.001 0.758  0.146 —0.034
0.10 0.045 —0.037 -0.010  0.142 —0.053 —0.021 0.001 0.611 0.226 —0.010
0.50 0.115 —0.049 -0.049  0.260 —0.031 —0.066 -0.032 0418  0.256 0.069
1.00 0.161 —0.040 -0.069  0.323 —0.001 —-0.079 -0.059  0.353 0.245 0.098
1.50 0.193 —0.029 -0.079  0.363 0.023 —0.082 -0.076 0319  0.236 0.111
2.00 0.219 —0.019 -0.083  0.395 0.043 —0.181 -0.087 0297  0.228 0.118
4.00 0.291 0.019 -0.087  0.479 0.104 —0.066 -0.108 0250  0.206 0.127
6.00 0.341 0.049 —0.081 0.534 0.147 —0.048 -0.115 0226  0.192 0.128
8.00 0.379 0.076 -0.073 0577 0.182 —0.031 -0.115 0210  0.182 0.128
10.00 0.411 0.098 -0.064  0.612 0.211 —-0.015 -0.113  0.199  0.175 0.127

The influence coefficients are given as

floorbeam:

14
misial;

v =

where I, = moment of inertia, in, of rib, including effective width of plate

I, = moment of inertia, in, of floorbeam, including effective width of plate

s = rib span, in
a = rib spacing, in

a function of the flexibility coefficient of the

(4.175)

For calculation of change in moment in the rib, use of only the first term of the series

for the equivalent load Q,, yields sufficiently accurate results in calculating the change in
moments due to elasticity of the floorbeams. The increase in moment at midspan of a rib
may be computed from

M
AMe = Q,,5a 2, TC

a a E%I%l A a ll
G A A

(a)

|

43 a2 Y] 40 LYl 42 [}
(b)

FIGURE 4.35 Continuous beam with constant moment of inertia and
equal spans on elastic supports. Load over support for (@) midspan mo-
ment at C, and (b) reaction and support moment at O.

(4.176)
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where r,, = influence coefficient for reaction of rib at support m when floorbeam provides
rigid support
mg,, = influence coefficient for midspan moment at C for load at support m when
floorbeams provide elastic support

The summation in Eq. (4.176) is with respect to subscript m; that is, the effects of reactions
at all floorbeams are to be added. The decrease in end moment in the rib may be similarly
computed.

The effective width a, of the rib in this stage may be taken as 1.10a.

Open-Rib Deck-Member III, Second Stage. Deflection of a floorbeam reduces the reac-
tions of the ribs there. As a result, bending moments also are decreased. The more flexible
the floorbeams, the longer the portion of deck over which the loads are distributed and the
greater the decrease in beam moment.

The decrease may be computed from

l

AM, = Q,, (—) <ro - rr) (4.177)

v

where r, = influence coefficient for reaction of rib at support 0 (floorbeam for which mo-
ment reduction is being computed) when beam provides rigid support

r,, = influence coefficient for reaction of rib at support m when floorbeam provides
rigid support

1o, = influence coefficient for reaction of rib at support O for load over support m
when floorbeams provide elastic support

The summation of Eq. (4.177) is with respect to m; that is, the effects of reactions at all
floorbeams are to be added.

For computation of shears, reactions, and moments, the effective width of plate as the
top flange of the floorbeam may be taken as the beam spacing s. For calculation of stresses,
the effective width s, may be obtained from Table 4.7 with s, = .

Open-Rib Deck-Member IV. The girders are analyzed by conventional methods. The ef-
fective width of plate as the top flange on one side of each girder may be taken as half the
distance between girders on that side.

Closed-Rib Deck-Member 11, First Stage. Resistance of closed ribs to torsion generally is
large enough that it is advisable not to ignore torsion. Flexural rigidity in the transverse, or
x, direction (Fig. 4.32a) may be considered negligible compared with torsional rigidity and
flexural rigidity in the y direction. A good approximation of the deflection w (in) may
therefore be obtained by assuming the flexural rigidity in the x direction to be zero. In that
case, w may be determined from
I*w ow*
Dy 8_y4 + 2H axz—ayz = p(x, y) (4.178)

where D, = flexural rigidity of the orthotropic plate in longitudinal, or y, direction, in-kips
H = torsional rigidity of orthotropic plate, in-kips
p(x, y) = load expressed as function of coordinates x and y, ksi

In the computation of D, and H, the contribution of the plate to these parameters must
be included. For the purpose, the effective width of plate acting as the top flange of a rib is
obtained as the sum of two components. One is related to the width a (in) of the rib at the
plate. The second is related to the distance e (in) between ribs (Fig. 4.36). These components
may be computed with the aid of Table 4.7. For use with this table, the effective rib span
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EFFECTIVE WIDTH
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FIGURE 4.36 Effective width of a closed rib.

s, (in) may be found from Eq. (4.166). For determination of shears, reactions, and moments,
it is sufficiently accurate to take a, = a and e, = e. (The error in using the resulting section
for stress computations usually also will be small.) Then, in terms of the values given by
Table 4.7, the effective plate width for a closed rib is

(4.179)

The flexural rigidity in the longitudinal direction usually is taken as the average for the
orthotropic plate. Thus

D = =k (4.180)

Y a+ e

where £ = modulus of elasticity of steel, ksi
I, = moment of inertia, in*, of rib, including effective plate width

r

Because of the flexibility of the orthotropic plate in the transverse direction, the full cross
section is not completely effective in resisting torsion. Hence the formula for computing H
includes a reduction factor v:

1 vGK
- 4.181
2a+e ( )
where G = shearing modulus of elasticity of steel = 11,200 ksi
K = torsional factor, a function of the cross section
In general, for hollow closed ribs, the torsional factor may be determined from
4A2
= — (4.182)
p./t. + alt,
where A, = mean of area enclosed by inner and outer boundaries of rib, in?
p. = perimeter of rib, exclusive of top flange, in
t, = rib thickness, in
= plate thickness, in
For a trapezoidal rib, for example,
+ by’
@+ b) (4.183)

T (b + 201, + alt,
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where b = width, in, of rib base
h = depth, in, of rib
h' = length, in, of rib side

The reduction factor v may be determined analytically. The resulting formulas however,
are lengthy, and their applicability to a specific construction is questionable. For a major
structure, it is advisable to verify the torsional rigidity, and perhaps also the flexural rigidities,
by model tests. For a trapezoidal rib, the reduction factor may be closely approximated by

1 GK & 7\ [(e\'  (e—b b\
—=l = =] + + = .
v ! El, 12(a + ey’ <s(,> [<a> <a +b a> (4.184)

where I, = moment of inertia, in per in, of plate alone = t,f/ 10.92
s, = effective rib span for torsion, in = 0.81s
s = rib span, in

As for open ribs, analysis of an orthotropic plate with closed ribs is facilitated by use of
influence coefficients. For computation of these coefficients, Eq. (4.178) reduces to the ho-
mogeneous equation
4

o*w ow

D, “— + 2H—— =
Y gyt ax® ay>

0 (4.185)

The solution can be given as an infinite series consisting of terms of the form

w, = (C,, sinh &,y + C,, cosh a,y + Cs,a,y + C,,) sin @ (4.186)
where n = integer ranging from 1 to % (odd numbers for symmetrical loads)
| = floorbeam span, in
x = distance, in, from girder
C,, = integration constant, determined by boundary conditions
nm [2H

=— [— 4.187
=" 5 (4.187)

y

VH/ID, is called the plate parameter.

Because of the sinusoidal form of the deflection surface [Eq. (4.186)] in the x direction,
it is convenient to represent loading by an equivalent expressed in a Fourier series [Eqgs.
(4.169) to (4.174)]. Convergence of the series may be improved, however, by distributing
the loading over a width smaller than [ but larger than that of the actual loading.

Influence coefficients for the ribs may be computed with the use of a carry-over factor
k, for a sinusoidal moment applied at a rigid support. If a moment M is applied at one
support of a continuous closed rib, the moment induced at the other end is «M. The carry-
over factor for a closed rib is given by

K, = Vk? — 1 —k, (4.188)

n

where k,

Bn

Thus there is a carry-over factor for each value of n.
Next needed for the computation of influence coefficients are shears, reactions, support
moments, and interior moments in a rib span as a sinusoidal load with unit amplitude moves

(a8 coth a,s — 1)/,
1 — a,8/sinh a,s
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over that span. Since an influence curve also is a deflection curve for the member, these
values can be obtained from Eq. (4.186). Consider a longitudinal section through the de-
flection surface at x = [/2n.

Then the influence coefficient for the moment at the support from which y is measured
may be computed from

B K,S _ Kk, — cosh a,s
my, =

B, — k2) sinh o,y — cosh «,y + (k, — 1));} + 1]

sinh «,,s
(4.189)

The coefficient should be determined for each value of n. (If the loading is symmetrical,
only odd values of n are needed.) To obtain the influence coefficient when the load is in the
next span, m,, should be multiplied by «,. And when the load is in either of the following
two spans, m,, should be multiplied by «,> and «,?, respectively.

The influence coefficient for the bending moment at midspan may be calculated from

sinh «,y K,S
me, = +
2a, cosh (a,s/2) 2B(1 — k,) cosh («,s/2)
a,s . s
X <tanh é’ sinh «,y — cosh «,y + 1) y= 2 (4.190)

With the influence coefficients known, the bending moment in the rib at x = //2n can be
obtained from

My=(@+e > Q.m, or Mc.=(a+e 2 Q.mg, (4.191)
n=1 n=1

for each equivalent load Q,.. As before, a is the width (in) of the rib at the plate and e is
the distance (in) between adjoining ribs (Fig. 4.36).

Closed-Rib Deck-Member I11, First Stage. 1In this stage, the rib reactions on the floorbeams
are computed on the assumption that the beams provide rigid support. The reactions may be
calculated with the influence coefficients in Table 4.5. The effective width of plate acting as
top flange of the floorbeam may be obtained from Table 4.7 with s, equal to the floorbeam
spacing and, for a simply supported beam, [, = I.

Closed-Rib Deck-Members II and III, Second Stage. The analysis for the case of floor-
beams providing elastic support is much the same for a closed-rib deck as for open ribs.
Table 4.8 can supply the needed influence coefficients. The flexibility coefficient, however,
should be computed from
I
=— 4.192
Y wis*(a + e)l, (4.192)

Similarly, the change in midspan moment in a rib can be found from Eq. (4.176) with a +
e substituted for a. And the change in floorbeam moment can be obtained from Eq. (4.177).
The effective width of plate used for first-stage calculations generally can be used for the
second stage with small error.

Closed-Rib Deck-Member IV. The girders are analyzed by conventional methods. The ef-
fective width of plate as the top flange on one side of each girder may be taken as half the
distance between girders on that side.
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(Design Manual for Orthotropic Steel Plate Deck Bridges, American Institute of Steel
Construction, Chicago, I1l.; M. S. Troitsky, Orthotropie Bridges Theory and Design, The
James F Lincoln Arc Welding Foundation, P.O. Box 3035, Cleveland, Ohio 44117; 5. P.
Timoshenko and S. Woinowsky-Krieger, Theory of Plates and Shells, McGraw-Hill, Inc.,
New York.)
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In this section, the term connections is used in a general sense to include all types of joints
in structural steel made with fasteners or welds. Emphasis, however, is placed on the more
commonly used connections, such as beam-column connections, main-member splices, and
truss connections.

Recommendations apply to buildings and to both highway and railway bridges unless
otherwise noted. This material is based on the specifications of the American Institute of
Steel Construction (AISC), “Load and Resistance Factor Design Specification for Structural
Steel Buildings,” 1999, and ““Specification for Structural Steel Buildings—Allowable Stress
Design and Plastic Design,” 1989; the American Association of State Highway and Trans-
portation Officials (AASHTO), “Standard Specifications for Highway Bridges,” 1996; and
the American Railway Engineering and Maintenance-of-Way Association (AREMA), “Man-
ual,” 1998.

5.1 LIMITATIONS ON USE OF FASTENERS AND WELDS

Structural steel fabricators prefer that job specifications state that ‘“‘shop connections shall
be made with bolts or welds’ rather than restricting the type of connection that can be used.
This allows the fabricator to make the best use of available equipment and to offer a more
competitive price. For bridges, however, standard specifications restrict fastener choice.

High-strength bolts may be used in either slip-critical or bearing-type connections (Art.
5.3), subject to various limitations. Bearing-type connections have higher allowable loads
and should be used where permitted. Also, bearing-type connections may be either fully
tensioned or snug-tight, subject to various limitations. Snug-tight bolts are much more eco-
nomical to install and should be used where permitted.

Bolted slip-critical connections must be used for bridges where stress reversal may occur
or slippage is undesirable. In bridges, connections subject to computed tension or combined
shear and computed tension must be slip-critical. Bridge construction requires that bearing-
type connections with high-strength bolts be limited to members in compression and sec-
ondary members.

Carbon-steel bolts should not be used in connections subject to fatigue.

5.1
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In building construction, snug-tight bearing-type connections can be used for most cases,
including connections subject to stress reversal due to wind or low seismic loading. The
American Institute of Steel Construction (AISC) requires that fully tensioned high-strength
bolts or welds be used for connections indicated in Sec. 6.14.2.

The AISC imposes special requirements on use of welded splices and similar connections
in heavy sections. This includes ASTM A6 group 4 and 5 shapes and splices in built-up
members with plates over 2 in thick subject to tensile stresses due to tension or flexure.
Charpy V-notch tests are required, as well as special fabrication and inspection procedures.
Where feasible, bolted connections are preferred to welded connections for such sections
(see Art. 1.17).

In highway bridges, fasteners or welds may be used in field connections wherever they
would be permitted in shop connections. In railroad bridges, the American Railway Engi-
neering Association (AREA) recommended practice requires that field connections be made
with high-strength bolts. Welding may be used only for minor connections that are not
stressed by live loads and for joining deck plates or other components that are not part of
the load-carrying structure.

5.2 BOLTS IN COMBINATION WITH WELDS

FASTENERS

In new work, ASTM A307 bolts or high-strength bolts used in bearing-type connections
should not be considered as sharing the stress in combination with welds. Welds, if used,
should be provided to carry the entire stress in the connection. High-strength bolts propor-
tioned for slip-critical connections may be considered as sharing the stress with welds.

In welded alterations to structures, existing rivets and high-strength bolts tightened to the
requirements for slip-critical connections are permitted for carrying stresses resulting from
loads present at the time of alteration. The welding needs to be adequate to carry only the
additional stress.

If two or more of the general types of welds (groove. fillet, plug, slot) are combined in
a single joint, the effective capacity of each should be separately computed with reference
to the axis of the group in order to determine the allowable capacity of the combination.

AREMA does not permit the use of plug or slot welds but will accept fillet welds in
holes and slots.

In steel erection, fasteners commonly used include bolts, welded studs, and pins. Properties
of these are discussed in the following articles.

5.3 HIGH-STRENGTH BOLTS, NUTS, AND WASHERS

For general purposes, A325 and A490 high-strength bolts may be specified. Each type of
bolt can be identified by the ASTM designation and the manufacturer’s mark on the bolt
head and nut (Fig. 5.1). The cost of A490 bolts is 15 to 20% greater than that of A325
bolts.

Job specifications often require that “main connections shall be made with bolts con-
forming to the Specification for Structural Joints Using ASTM A325 and A490 Bolts.” This
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FIGURE 5.1 A325 high-strength structural steel bolt with heavy hex nut; heads are also marked

to identify the manufacturer or distributor. Type 1 A325 bolts may additionally be marked with
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three radial lines 120° apart. Type 3 (weathering steel) bolts are marked as A325 and may also
have other distinguishing marks to indicate a weathering grade.

specification, approved by the Research Council on Structural Connections (RCSC) of the
Engineering Foundation, establishes bolt, nut, and washer dimensions, minimum fastener
tension, and requirements for design and installation.

As indicated in Table 5.1, many sizes of high-strength bolts are available. Most standard
connection tables, however, apply primarily to ¥%-and 74-in bolts. Shop and erection equip-
ment is generally set up for these sizes, and workers are familiar with them.

Bearing versus Slip-Critical Joints. Connections made with high-strength bolts may be
slip-critical (material joined being clamped together by the tension induced in the bolts by
tightening them) or bearing-type (material joined being restricted from moving primarily by
the bolt shank). In bearing-type connections, bolt threads may be included in or excluded
from the shear plane. Different stresses are allowed for each condition. The slip-critical
connection is the most expensive, because it requires that the faying surfaces be free of paint
(some exceptions are permitted), grease, and oil. Hence this type of connection should be
used only where required by the governing design specification, e.g., where it is undesirable
to have the bolts slip into bearing or where stress reversal could cause slippage (Art. 5.1).
Slip-critical connections, however, have the advantage in building construction that when
used in combination with welds, the fasteners and welds may be considered to share the
stress (Art. 5.2). Another advantage that sometimes may be useful is that the strength of
slip-critical connections is not affected by bearing limitations, as are other types of fasteners.

TABLE 5.1 Thread Lengths for High-Strength Bolts

Bolt diamter, in Nominal thread, in Vanish thread, in Total thread, in
%3 1.00 0.19 1.19
3 1.25 0.22 1.47
Y 1.38 0.25 1.63
s 1.50 0.28 1.78
1 1.75 0.31 2.06
1% 2.00 0.34 2.34
14 2.00 0.38 2.38
134 2.25 0.44 2.69

1Y% 225 0.44 2.69
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Threads in Shear Planes. The bearing-type connection with threads in shear planes is
frequently used. Since location of threads is not restricted, bolts can be inserted from either
side of a connection. Either the head or the nut can be the element turned. Paint is permitted
on the faying surfaces.

Threads Excluded from Shear Planes. The bearing-type connection with threads excluded
from shear planes is the most economical high-strength bolted connection, because fewer
bolts generally are needed for a given capacity. But this type should be used only after
careful consideration of the difficulties involved in excluding the threads from the shear
planes. The location of the thread runout depends on which side of the connection the bolt
is entered and whether a washer is placed under the head or the nut. This location is difficult
to control in the shop but even more so in the field. The difficulty is increased by the fact
that much of the published information on bolt characteristics does not agree with the basic
specification used by bolt manufacturers (American National Standards Institute B18.2.1).

Thread Length and Bolt Length. Total nominal thread lengths and vanish thread lengths
for high-strength bolts are given in Table 5.1. It is common practice to allow the last %5 in
of vanish thread to extend across a single shear plane. In order to determine the required
bolt length, the value shown in Table 5.2 should be added to the grip (i.e., the total thickness
of all connected material, exclusive of washers). For each hardened flat washer that is used,
add %52 in, and for each beveled washer, add %16 in. The tabulated values provide appropriate
allowances for manufacturing tolerances and also provide for full thread engagement with
an installed heavy hex nut. The length determined by the use of Table 5.2 should be adjusted
to the next longer Y4-in length.

Washer Requirements. The RCSC specification requires that design details provide for
washers in connections with high-strength bolts as follows:

1. A hardened beveled washer should be used to compensate for the lack of parallelism
where the outer face of the bolted parts has a greater slope than 1:20 with respect to a
plane normal to the bolt axis.

2. For A325 and A490 bolts for slip-critical connections and connections subject to direct
tension, hardened washers are required as specified in items 3 through 7 below. For bolts
permitted to be tightened only snug-tight, if a slotted hole occurs in an outer ply, a flat
hardened washer or common plate washer shall be installed over the slot. For other
connections with A325 and A490 bolts, hardened washers are not generally required.

TABLE 5.2 Lengths to be Added to Grip

Addition to grip for

Nominal bolt size, in determination of bolt length, in
%3 e
7R 8
Ya 1
8 1%
1 1Y4
1% 1%
1Ya 14
134 134

1% 1%
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3. When the calibrated wrench method is used for tightening the bolts, hardened washers
shall be used under the element turned by the wrench.

4. For A490 bolts tensioned to the specified tension, hardened washers shall be used under
the head and nut in steel with a specified yield point less than 40 ksi.

5. A hardened washer conforming to ASTM F436 shall be used for A325 or A490 bolts 1
in or less in diameter tightened in an oversized or short slotted hole in an outer ply.

6. Hardened washers conforming to F436 but at least %16 in thick shall be used, instead of
washers of standard thickness, under both the head and nut of A490 bolts more than 1
in in diameter tightened in oversized or short slotted holes in an outer ply. This require-
ment is not met by multiple washers even though the combined thickness equals or
exceeds Y6 in.

7. A plate washer or continuous bar of structural-grade steel, but not necessarily hardened,
at least Y16 in thick and with standard holes, shall be used for an A325 or A490 bolt 1
in or less in diameter when it is tightened in a long slotted hole in an outer ply. The
washer or bar shall be large enough to cover the slot completely after installation of the
tightened bolt. For an A490 bolt more than 1 in in diameter in a long slotted hole in an
outer ply, a single hardened washer (not multiple washers) conforming to F436, but at
least %16 in thick, shall be used instead of a washer or bar of structural-grade steel.

The requirements for washers specified in items 4 and 5 above are satisfied by other types
of fasteners meeting the requirements of A325 or A490 and with a geometry that provides
a bearing circle on the head or nut with a diameter at least equal to that of hardened F436
washers. Such fasteners include ““‘twist-off”” bolts with a splined end that extends beyond the
threaded portion of the bolt. During installation, this end is gripped by a special wrench
chuck and is sheared off when the specified bolt tension is achieved.

The RCSC specification permits direct tension-indicating devices, such as washers incor-
porating small, formed arches designed to deform in a controlled manner when subjected to
the tightening force. The specification also provides guidance on use of such devices to
assure proper installation (Art. 5.14).

5.4 CARBON-STEEL OR UNFINISHED (MACHINE) BOLTS

“Secondary connections may be made with unfinished bolts conforming to the Specifications
for Low-carbon Steel ASTM A307” is an often-used specification. (Unfinished bolts also
may be referred to as machine, common, or ordinary bolts.) When this specification is
used, secondary connections should be carefully defined to preclude selection by ironworkers
of the wrong type of bolt for a connection (see also Art. 5.1). A307 bolts have identification
marks on their square, hexagonal, or countersunk heads (Fig. 5.2), as do high-strength bolts.

Use of high-strength bolts where A307 bolts provide the required strength merely adds
to the cost of a structure. High-strength bolts cost at least 10% more than machine bolts.

A disadvantage of A307 bolts is the possibility that the nuts may loosen. This may be
eliminated by use of lock washers. Alternatively, locknuts can be used or threads can be
jammed, but either is more expensive than lock washers.

5.5 WELDED STUDS

Fasteners with one end welded to a steel member frequently are used for connecting material.
Shear connectors in composite construction are a common application. Welded studs also
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FIGURE 5.2 A307 Grade A carbon-steel bolts; heads are also marked to identify the manufac-
turer or distributor. (@) With hexagonal nut and bolt. (b) With square head and nut. (¢) With
countersunk head.

are used as anchors to attach wood, masonry, or concrete to steel. Types of studs and welding
guns vary with manufacturers.

Table 5.3 lists approximate allowable loads for Allowable Stress Design for several sizes
of threaded studs. Check manufacturer’s data for studs to be used. Chemical composition
and physical properties may differ from those assumed for this table.

Use of threaded studs for steel-to-steel connections can cut costs. For example, fastening
rail clips to crane girders with studs eliminates drilling of the top flange of the girders and
may permit a reduction in flange size. In designs with threaded studs, clearance must be
provided for stud welds. Usual sizes of these welds are indicated in Fig. 5.3 and Table 5.4.
The dimension C given is the minimum required to prevent burn-through in stud welding.
Other design considerations may require greater thicknesses.

TABLE 5.3 Allowable Loads (kips) on
Threaded Welded Studs

(ASTM A108, grade 1015, 1018, or 1020)

Stud size, in Tension Single shear
¥ 6.9 4.1
¥y 10.0 6.0
8 13.9 8.3

1 18.2 10.9
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FIGURE 5.3 Welded stud.

A pinned connection is used to permit rotation of the end of a connected member. Some
aspects of the design of a pinned connection are the same as those of a bolted bearing
connection. The pin serves the same purpose as the shank of a bolt. But since only one pin
is present in a connection, forces acting on a pin are generally much greater than those on
a bolt. Shear on a pin can be resisted by selecting a large enough pin diameter and an
appropriate grade of steel. Bearing on thin webs or plates can be brought within allowable
values by addition of reinforcing plates. Because a pin is relatively long, bending, ignored
in bolts, must be investigated in choosing a pin diameter. Arrangements of plates on the pin
affect bending stresses. Hence plates should be symmetrically placed and positioned to min-
imize stresses.

Finishing of the pin and its effect on bearing should be considered. Unless the pin is
machined, the roundness tolerance may not permit full bearing, and a close fit of the pin
may not be possible. The requirements of the pin should be taken into account before a fit
is specified.

Pins may be made of any of the structural steels permitted by AISC, AASHTO, and
AREA specifications, ASTM A108 grades 1016 through 1030, and A668 classes C, D, F,
and G.

Pins must be forged and annealed when they are more than 7 in in diameter for railroad
bridges. Smaller pins may be forged and annealed or cold-finished carbon-steel shafting. In
pins larger than 9 in in diameter, a hole at least 2 in in diameter must be bored full length
along the axis. This work should be done after the forging has been allowed to cool to a
temperature below the critical range, with precautions taken to prevent injury by too rapid
cooling, and before the metal is annealed. The hole permits passage of a bolt with threaded
ends for attachment of nuts or caps at the pin ends.

When reinforcing plates are needed on connected material, the plates should be arranged
to reduce eccentricity on the pin to a minimum. One plate on each side should be as wide
as the outstanding flanges will permit. At least one full-width plate on each segment should

TABLE 5.4 Minimum Weld and
Base-Metal Dimensions (in) for
Threaded Welded Studs

Stud size, in A B and C
s 8 Ya
Y e e
8 e B

1 Va e
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extend to the far end of the stay plate. Other reinforcing plates should extend at least 6 in
beyond the near edge. All plates should be connected with fasteners or welds arranged to
transmit the bearing pressure uniformly over the full section.

In buildings, pinhole diameters should not exceed pin diameters by more than %52 in. In
bridges, this requirement holds for pins more than 5 in in diameter, but for smaller pins, the
tolerance is reduced to “so in.

Length of pin should be sufficient to secure full bearing on the turned body of the pin
of all connected parts. Pins should be secured in position and connected material restrained
against lateral movement on the pins. For the purpose, ends of a pin may be threaded, and
hexagonal recessed nuts or hexagonal solid nuts with washers may be screwed on them (Fig.
5.4a). Usually made of malleable castings or steel, the nuts should be secured by cotter pins
in the screw ends or by burred threads. Bored pins may be held by a recessed cap at each
end, secured by a nut on a bolt passing through the caps and the pin (Fig. 5.4b). In building
work, a pin may be secured with cotter pins (Fig. 5.4c and d).

The most economical method is to drill a hole in each end for cotter pins. This, however,
can be used only for horizontal pins. When a round must be turned down to obtain the
required fit, a head can be formed to hold the pin at one end. The other end can be held by
a cotter pin or threaded for a nut.

Example. Determine the diameter of pin required to carry a 320-kip reaction of a deck-
truss highway bridge (Fig. 5.5) using Allowable Stress Design (ASD).

Bearing. For A36 steel, American Association of State Highway and Transportation
Officials (AASHTO) specifications permit a bearing stress of 14 ksi on pins subject to ro-
tation, such as those used in rockers and hinges. Hence the minimum bearing area on the
pin must equal

A = 32%4 = 22.8 in?

Assume a 6-in-diameter pin. The bearing areas provided (Fig. 5.5) are

GRIP " GRIP
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NUT NUT cap_12 _‘/CAP
T N
s MR i i— 8
5 4
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/4 /4" NgoLt
(a) (b)
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FIGURE 5.4 Pins. (a) With recessed nuts. (b) With caps and through bolt. (¢) With
forged head and cotter pin. (d) With cotter at each end (used in horizontal position).
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Flanges of W12 X 65 2 X 6 X 0.605 = 7.26

Fill plates 2X6X% =450
Gusset plates 2X6 X% = 17.50
Pin plates 2X6 X% = 4.50
23.76 in> > 22.8
Bearing plates 2X6 X2 = 24.00 in> > 22.8

The 6-in pin is adequate for bearing.

Shear. For A36 steel, AASHTO specifications permit a shear stress on pins of 14 ksi.
As indicated in the loading diagram for the pin in Fig. 5.5, the reaction is applied to the pin
at two points. Hence the shearing area equals 2 X m(6)*/4 = 56.6. Thus the shearing stress
is

320 .
= — =15, <
fo 36.6 5.65 ksi < 14

The 6-in pin is adequate for shear.

Bending. For A36 steel, consider an allowable bending stress of 20 ksi. From the loading
diagram for the pin (Fig. 5.5), the maximum bending moment is M = 160 X 2'& = 340 in-
kips. The section modulus of the pin is

_md®  w(6) .
S = TR =2121in
Thus the maximum bending stress in the pin is
340 .
== = <
fs 212 16 ksi < 20

The 6-in pin also is satisfactory in bending.

GENERAL CRITERIA FOR BOLTED CONNECTIONS

Standard specifications for structural steel for buildings and bridges contain general criteria
governing the design of bolted connections. They cover such essentials as permissible fas-
tener size, sizes of holes, arrangements of fasteners, size and attachment of fillers, and
installation methods.

5.7 FASTENER DIAMETERS

Minimum bolt diameters are ' in for buildings and railroad bridges. In highway-bridge
members carrying calculated stress, ¥-in fasteners are the smallest permitted, in general, but
%-in fasteners may be used in 2'%-in stressed legs of angles and in flanges of sections
requiring ¥-in fasteners (controlled by required installation clearance to web and minimum
edge distance). Structural shapes that do not permit use of ¥5-in fasteners may be used only
in handrails.

In general, a connection with a few large-diameter fasteners costs less than one of the
same capacity with many small-diameter fasteners. The fewer the fasteners, the fewer the
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number of holes to be formed and the less installation work. Larger-diameter fasteners are
particularly favorable in connections where shear governs, because the load capacity of a
fastener in shear varies with the square of the fastener diameter. For practical reasons, how-
ever, ¥4-and 74-in-diameter fasteners are preferred.

Maximum Fastener Diameters in Angles. In bridges, the diameter of fasteners in angles
carrying calculated stress may not exceed one-fourth the width of the leg in which they are
placed. In angles where the size is not determined by calculated stress, 1-in fasteners may
be used in 3%:-in legs, 74-in fasteners in 3-in legs, and %-in fasteners in 2%-in legs. In
addition, in highway bridges, “s-in fasteners may be used in 2-in legs.

5.8 FASTENER HOLES

Standard specifications require that holes for bolts be Y6 in larger than the nominal fastener
diameter. In computing net area of a tension member, the diameter of the hole should be
taken Y6 in larger than the hole diameter.

Standard specifications also require that the holes be punched or drilled. Punching usually
is the most economical method. To prevent excessive damage to material around the hole,
however, the specifications limit the maximum thickness of material in which holes may be
punched full size. These limits are summarized in Table 5.5.

In buildings, holes for thicker material may be either drilled from the solid or subpunched
and reamed. The die for all subpunched holes and the drill for all subdrilled holes should
be at least Y16 in smaller than the nominal fastener diameter.

In highway bridges, holes for material not within the limits given in Table 5.5 should
be subdrilled or drilled full size. Holes in all field connections and field splices of main
members of trusses, arches, continuous beams, bents, towers, plate girders, and rigid frames
should be subpunched, or subdrilled when required by thickness limitations, and subse-
quently reamed while assembled or drilled full size through a steel template. Holes for
floorbeam and stringer field end connections should be similarly formed. The die for sub-
punched holes and the drill for subdrilled holes should be %16 in smaller than the nominal
fastener diameter.

A contractor has the option of forming, with parts for a connection assembled, subpunched
holes and reaming or drilling full-size holes. The contractor also has the option of drilling
or punching holes full size in unassembled pieces or connections with suitable numerically
controlled drilling or punching equipment. In this case, the contractor may be required to
demonstrate, by means of check assemblies, the accuracy of this drilling or punching pro-

TABLE 5.5 Maximum Material Thickness (in) for Punching Fastener

Holes*

AISC AASHTO AREMA
A36 steel d + %t Ya§ s
High-strength steels d + %t 8§ Ya
Quenched and tempered steels Yot 158

*Unless subpunching or subdrilling and reaming are used.
td = fastener diameter, in.

£A514 steel.

§ But not more than five thicknesses of metal.
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cedure. Holes drilled or punched by numerically controlled equipment are formed to size
through individual pieces, but they may instead be formed by drilling through any combi-
nation of pieces held tightly together.

In railway bridges, holes for shop and field bolts may be punched full size, within the
limits of Table 5.5, in members that will not be stressed by vertical live loads. This provision
applies to, but is not limited to, the following: stitch bolts, bracing (lateral, longitudinal, or
sway bracing) and connecting material, lacing stay plates, diaphragms that do not transfer
shear or other forces, inactive fillers, and stiffeners not at bearing points.

Shop-bolt holes to be reamed may be subpunched. Methods permitted for shop-bolt holes
in rolled beams and plate girders, including stiffeners and active fillers at bearing points,
depend on material thickness and, in some cases, on strength. In materials not thicker than
the nominal bolt diameter less 's in, the holes should be subpunched % in less in diameter
than the finished holes and then reamed to size with parts assembled. In A36 material thicker
than 7 in (% in for high-strength steels), the holes should be subdrilled Y4 in less in diameter
than the finished holes and then reamed to size with parts assembled.

A special provision applies to the case where matching shop-bolt holes in two or more
plies are required to be reamed with parts assembled. If the assembly consists of more than
five plies with more than three plies of main material, the matching holes in the other plies
also should be reamed with parts assembled. Holes in those plies should be subpunched '%
in less in diameter than the finished hole.

Other shop-bolt holes should be subpunched Y4 in less in diameter than the finished hole
and then reamed to size with parts assembled.

Field splices in plate girders and in truss chords should be reamed or drilled full size
with members assembled. Truss-chord assemblies should consist of at least three abutting
sections. Milled ends of the compression chords should have full bearing.

Field-bolt holes may be subpunched or subdrilled % in less in diameter than finished
holes in individual pieces. The subsized holes should then be reamed to size through steel
templates with hardened steel bushings. In A36 steel thicker than 7 in (% in for high-
strength steels), field-bolt holes may be subdrilled Y4 in less in diameter than the finished
holes and then reamed to size with parts assembled or drilled full size with parts assembled.
Field-bolt holes for sway bracing should conform to the requirements for shop-bolt holes.

If numerically controlled equipment is used to punch or drill holes, requirements are
similar to those for highway bridges.

5.9 MINIMUM NUMBER OF FASTENERS

In buildings, connections carrying calculated stresses, except lacing, sag bars, and girts,
should be designed to support at least 6 kips.

In highway bridges, connections, including angle bracing but not lacing bars and hand-
rails, should contain at least two fasteners. Web shear splices should have at least two rows
of fasteners on each side of the joint.

In railroad bridges, connections should have at least three fasteners per plane of connec-
tion.

Long Grips. In buildings, if A307 bolts in a connection carry calculated stress and have
grips exceeding five diameters, the number of these fasteners used in the connection should
be increased 1% for each additional Y16 in in the grip.
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5.10 CLEARANCES FOR FASTENERS

. _ Designs should provide ample clearance for
SJ‘L'%H 3§L-R<E TGZT"H tightening high-strength bolts. Detailers who
4 . prepare shop drawings for fabricators gen-
erally are aware of the necessity for this and
can, with careful detailing, secure the nec-
essary space. In tight situations, the solution
may be staggering of holes (Fig. 5.6), vari-
ations from standard gages (Fig. 5.7), use of
knife-type connections, or use of a combi-
nation of shop welds and field bolts.
Minimum clearances for tightening high-

2L-4" x 3%" x %¢" BY 10" LONG strength bolts are indicated in Fig. 5.8 and
25/8" GAGE IN OUTSTANDING LEGS Table 5.6
WITH HOLES 52" C TO € -

FIGURE 5.6 Staggered holes provide clearance for
high-strength bolts.

>

2!
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5.11 FASTENER SPACING

Pitch is the distance (in) along the line of principal stress between centers of adjacent fas-
teners. It may be measured along one or more lines of fasteners. For example, suppose bolts
are staggered along two parallel lines. The pitch may be given as the distance between
successive bolts in each line separately. Or it may be given as the distance, measured parallel
to the fastener lines, between a bolt in one line and the nearest bolt in the other line.
Gage is the distance (in) between adjacent lines of fasteners along which pitch is mea-
sured or the distance (in) from the back of an angle or other shape to the first line of fasteners.
The minimum distance between centers of fasteners should be at least three times the
fastener diameter. (The AISC specification, however, permits 2% times the fastener diameter.)
Limitations also are set on maximum spacing of fasteners, for several reasons. In built-
up members, stitch fasteners, with restricted spacings, are used between components to
ensure uniform action. Also, in compression members, such fasteners are required to prevent
local buckling. In bridges, sealing fasteners must be closely spaced to seal the edges of

2L-4" x 312" x %" BY 82" LONG
27/8" GAGE IN OUTSTANDING LEGS

2Y/a HOLES 6"CTOC
el
: [
) >
~
Y }
0
N,
o

A

3 HIGH - STRENGTH

BOLTS 3/4"¢x 2"

FIGURE 5.7 Increasing the gage in framing angles FIGURE 5.8 The usual minimum clearances A for
provides clearance for high-strength bolts. high-strength bolts are given in Table 5.6.
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TABLE 5.6 Clearances for High-Strength Bolts

Min clearance for
twist-off bolts, in

Usual min A
clearance, in
Bolt dia, in Nut height, in A Small tool Large tool
s s 1 1% —
3 3 1V4 1% 1%
8 8 134 174 17%
1 1 176 1%
1% 1% 1% —_
1Y4 1Y4 16 —

plates and shapes in contact to prevent penetration of moisture. Maximum spacing of fas-
teners is governed by the requirements for sealing or stitching, whichever requires the smaller
spacing.

For sealing, AASHTO specifications require that the pitch of fasteners on a single line
adjoining a free edge of an outside plate or shape should not exceed 7 in or 4 + 4t in, where
¢ is the thickness (in) of the thinner outside plate or shape (Fig. 5.9a). (See also the maximum
edge distance, Art. 5.12). If there is a second line of fasteners uniformly staggered with
those in the line near the free edge, a smaller pitch for the two lines can be used if the gage
g (in) for these lines is less than 12 + 4¢. In this case, the staggered pitch (in) should not
exceed 4 + 4t — g or 7 in but need not be less than half the requirement for a single line
(Fig. 5.9b). See AASHTO specifications for requirements for stitch fasteners.

Bolted joints in unpainted weathering steel require special limitations on pitch: 14 times
the thickness of the thinnest part, not to exceed 7 in (AISC specification).

5.12 EDGE DISTANCE OF FASTNERS

Minimum distances from centers of fasteners to any edges are given in Tables 5.7 and 5.8.

The AISC specifications for structural steel for buildings have the following provisions
for minimum edge distance: The distance from the center of a standard hole to an edge of
a connected part should not be less than the applicable value from Table 5.7 nor the value
from the equation

L, =2P/Ft 5.1)

where L, = the distance from the center of a standard hole to the edge of the connected
part, in
P = force transmitted by one fastener to the critical connected part, kips
F, = specified minimum tensile strength of the critical connected part, ksi
t = thickness of the critical connected part, in

Also, L, should not be less than 1%2d when F » = 1. 2F,, where d is the diameter of the bolt
(in) and F, is the allowable bearing stress of the critical connected part (ksi).

The AASHTO specifications for highway bridges require the minimum distance from the
center of any bolt in a standard hole to a sheared or flame-cut edge to be as shown in Table
5.8. When there is only a single transverse fastener in the direction of the line of force in a
standard or short slotted hole, the distance from the center of the hole to the edge connected
part (ASD specifications) should not be less than 1Y2d when
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FIGURE 5.9 Maximum pitch of bolts for sealing. (@) Single line of bolts.

(b) Double line of bolts.

0.5L,F
= il (5.1a)

rTa

= specified minimum tensile strength of conection material, ksi
= clear distance between holes or between hole and edge of material in direction

where F, =
L =

of applied force, in
d = nominal bolt diameter, in

The AREMA Manual requirement for minimum edge distance for a sheared edge is given
in Table 5.8. The distance between the center of the nearest bolt and the end of the connected
part toward which the pressure of the bolt is directed should be not less than 2df,/F,, where

TABLE 5.7 Minimum Edge Distances (in) for Fastener
Holes in Steel for Buildings

At rolled edges of
plates, shapes, or bars

Fastener At sheared
diameter, in edges or gas-cut edges*
%3 8 ¥y
R 1% s
Ya 1Y 1
] 14+ 1%
1 134+ 1Y4
1'% 2 1'%
1Y 2Ya 1%
Over 1Y% 1¥ad+ 1Vad#

* All edge distances in this column may be reduced !4 in when
the hole is at a point where stress does not exceed 25% of the

maximum allowed stress in the element.
+These may be 1% in at the ends of beam connection angles.

fd = fastener diameter in.
From AISC “‘Specification for Structural Steel Buildings.”
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TABLE 5.8 Minimum Edge Distances (in) for Fastener Holes in Steel for Bridges

At sheared or flame-cut In flanges of beams or At other rolled or
edges channels planed edges
Fastener
diameter, in Highway Railroad Highway Railroad Highway Railroad
s 3 4 Ya
4] 1% 1% s %6 1 e
Ya 1Y 176 1 e 1% 1'%
A 1'% 1'% 1% 1% 1Ya 1'%
Over 1 1% 1%4d* 1Ya 1Vad* 1'% 1Ysd*

*d = fastener diameter, in.

d is the diameter of the bolt (in) and f, is the computed bearing stress due to the service
load (ksi).

Maximum edge distances are set for sealing and stitch purposes. AISC specifications
limit the distance from center of fastener to nearest edge of parts in contact to 12 times the
thickness of the connected part, with a maximum of 6 in. The AASHTO maximum is 5 in
or 8 times the thickness of the thinnest outside plate. (AISC gives the same requirement for
unpainted weathering steel.) The AREMA maximum is 6 in or 4 times the plate thickness
plus 1.5 in.

5.13 FILLERS

A filler is a plate inserted in a splice between a gusset or splice plate and stress-carrying
members to fill a gap between them. Requirements for fillers included in the AISC specifi-
cations for structural steel for buildings are as follows.

In welded construction, a filler %4 in or more thick should extend beyond the edge of the
splice plate and be welded to the part on which it is fitted (Fig. 5.10). The welds should be

Z W D,
2 % - FILLER
32 i B WELD TO DEVELOP
oz T !
T = ] 1 " / FILLERS
o 2]
a ¢ 1/16" o
g < ERECTION i >
|z CLEARANCE
Y= " |1 %4
Z|E 0 .——ERECTION BOLTS
2 AS REQUIRED
I
@
ZT
[T
4

FIGURE 5.10 Typical welded splice of columns when depth D, of the upper
column is nominally 2 in less than depth D, of the lower column.
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able to transmit the splice-plate stress, applied at the surface of the filler, as an eccentric
load. The welds that join the splice plate to the filler should be able to transmit the splice
plate stress and should have sufficient length to prevent overstress of the filler along the toe
of the welds. A filler less than Y4 in thick should have edges flush with the splice-plate
edges. The size of the welds should equal the sum of the filler thickness and the weld size
necessary to resist the splice plate stress.

In bearing connections with bolts carrying computed stress passing through fillers thicker
than Y in, the fillers should extend beyond the splice plate (Fig. 5.11). The filler extension
should be secured by sufficient bolts to distribute the load on the member uniformly over
the combined cross section of member and filler. Alternatively, an equivalent number of bolts
should be included in the connection. Fillers % to ¥ in thick need not be extended if the
allowable shear stress in the bolts is reduced by the factor 0.4(¢ — 0.25), where t is the total
thickness of the fillers but not more than ¥ in.

The AASHTO specifications for highway bridges require the following: Fillers thicker
than % in, except in slip critical connections, through which stress-carrying fasteners pass,
should preferably be extended beyond the gusset or splice material. The extension should
be secured by enough additional fasteners to carry the stress in the filler. This stress should
be calculated as the total load on the member divided by the combined cross-sectional area
of the member and filler. Alternatively, additional fasteners may be passed through the gusset
or splice material without extending the filler. If a filler is less than Y in thick, it should not
be extended beyond the splice material. Additional fasteners are not required. Fillers Y4 in
or more thick should not consist of more than two plates, unless the engineer gives permis-
sion.

The AREMA does not require additional bolts for development of fillers in high-strength
bolted connections.

5.14 INSTALLATION OF FASTENERS

All parts of a connection should be held tightly together during installation of fasteners.
Drifting done during assembling to align holes should not distort the metal or enlarge the
holes. Holes that must be enlarged to admit fasteners should be reamed. Poor matching of
holes is cause for rejection.

4
T
a9 FILLER
< _
33 j T
g2 ! )
o w H
g 3 ! FASTENERS
2 1/g" t TO DEVELOP
oz ERECTION ' FILLERS
Z|E ! T FOR BEARING
glz CLEARANCE | 1 "
fa un pi o
I
w I
4 T
g C
X
1,
_Ib_ __Ju,__

FIGURE 5.11 Typical bolted splice of columns when depth D, of
the upper column is nominally 2 in less than depth D, of the lower
column.



5.18

SECTION FIVE

For connections with high-strength bolts, surfaces, when assembled, including those ad-
jacent to bolt heads, nuts, and washers, should be free of scale, except tight mill scale. The
surfaces also should be free of defects that would prevent solid seating of the parts, especially
dirt, burrs, and other foreign material. Contact surfaces within slip-critical joints should be
free of oil, paint, lacquer, and rust inhibitor.

Each high-strength bolt should be tightened so that when all fasteners in the connection
are tight it will have the total tension (kips) given in Table 6.18, for its diameter. Tightening
should be done by the turn-of-the-nut method or with properly calibrated wrenches.

High-strength bolts usually are tightened with an impact wrench. Only where clearance
does not permit its use will bolts be hand-tightened.

Requirements for joint assembly and tightening of connections are given in the “Speci-
fication for Structural Joints Using ASTM A325 or A490 Bolts,” Research Council on Struc-
tural Connections of the Engineering Foundation. The provisions applicable to connections
requiring full pretensioning include the following.

Calibrated-wrench Method. When a calibrated wrench is used, it must be set to cut off
tightening when the required tension (Table 6.18) has been exceeded by 5%. The wrench
should be tested periodically (at least daily on a minimum of three bolts of each diameter
being used). For the purpose, a calibrating device that gives the bolt tension directly should
be used. In particular, the wrench should be calibrated when bolt size or length of air hose
is changed.

When bolts are tightened, bolts previously tensioned may become loose because of com-
pression of the connected parts. The calibrated wrench should be reapplied to bolts previously
tightened to ensure that all bolts are tensioned to the prescribed values.

Turn-of-the-nut Method. When the turn-of-the-nut method is used, tightening may be done
by impact or hand wrench. This method involves three steps:

1. Fit-up of connection. Enough bolts are tightened a sufficient amount to bring contact
surfaces together. This can be done with fit-up bolts, but it is more economical to use
some of the final high-strength bolts.

2. Snug tightening of bolts. All high-strength bolts are inserted and made snug-tight (tight-
ness obtained with a few impacts of an impact wrench or the full effort of a person using
an ordinary spud wrench). While the definition of snug-tight is rather indefinite, the
condition can be observed or learned with a tension-testing device.

3. Nut rotation from snug-tight position. All bolts are tightened by the amount of nut
rotation specified in Table 5.9. If required by bolt-entering and wrench-operation clear-
ances, tightening, including by the calibrated-wrench method, may be done by turning
the bolt while the nut is prevented from rotating.

Direct-Tension-Indicator Tightening. Two types of direct-tension-indicator devices are
available: washers and twist-off bolts. The hardened-steel load-indicator washer has dimples
on the surface of one face of the washer. When the bolt is torqued, the dimples depress to
the manufacturer’s specification requirements, and proper torque can be measured by the use
of a feeler gage. Special attention should be given to proper installation of flat hardened
washers when load-indicating washers are used with bolts installed in oversize or slotted
holes and when the load-indicating washers are used under the turned element.

The twist-off bolt is a bolt with an extension to the actual length of the bolt. This extension
will twist off when torqued to the required tension by a special torque gun. A representative
sample of at least three bolts and nuts for each diameter and grade of fastener should be
tested in a calibration device to demonstrate that the device can be torqued to 5% greater
tension than that required in Table 6.18.

When the direct tension indicator involves an irreversible mechanism such as yielding or
fracture of an element, bolts should be installed in all holes and brought to the snug-tight



WELDS

CONNECTIONS 5.19

TABLE 5.9 Number of Nut or Bolt Turns from Snug-Tight Condition for High-Strength Bolts*

Slope of outer faces of bolted parts

One face normal to

Both faces normal bolt axis and the
Bolt length (Fig. 5.1) to bolt axis other slopedf Both faces slopedf
Up to 4 diameters Y3 %3 %
Over 4 diameters but not %) % Y6
more than 8 diameters
Over 8 diameters but not % Y6 1

more than 12 diametersi

*Nut rotation is relative to the bolt regardless of whether the nut or bolt is turned. For bolts installed by Y- turn
and less, the tolerance should be #30°. For bolts installed by %3 turn and more, the tolerance should be +45°. This
table is applicable only to connections in which all material within the grip of the bolt is steel.

T Slope is not more than 1:20 from the normal to the bolt axis, and a beveled washer is not used.

+No research has been performed by RCSC to establish the turn-of-the-nut procedure for bolt lengths exceeding 12
diameters. Therefore, the required rotation should be determined by actual test in a suitable tension-measuring device
that stimulates conditions of solidly fitted steel.

condition. All fasteners should then be tightened, progressing systematically from the most
rigid part of the connection to the free edges in a manner that will minimize relaxation of
previously tightened fasteners prior to final twist off or yielding of the control or indicator
element of the individual devices. In some cases, proper tensioning of the bolts may require
more than a single cycle of systematic tightening.

Welded connections often are used because of simplicity of design, fewer parts, less material,
and decrease in shop handling and fabrication operations. Frequently, a combination of shop
welding and field bolting is advantageous. With connection angles shop welded to a beam,
field connections can be made with high-strength bolts without the clearance problems that
may arise in an all-bolted connection.

Welded connections have a rigidity that can be advantageous if properly accounted for
in design. Welded trusses, for example, deflect less than bolted trusses, because the end of
a welded member at a joint cannot rotate relative to the other members there. If the end of
a beam is welded to a column, the rotation there is practically the same for column and
beam.

A disadvantage of welding, however, is that shrinkage of large welds must be considered.
It is particularly important in large structures where there will be an accumulative effect.

Properly made, a properly designed weld is stronger than the base metal. Improperly
made, even a good-looking weld may be worthless. Properly made, a weld has the required
penetration and is not brittle.

Prequalified joints, welding procedures, and procedures for qualifying welders are covered
by AWS D1.1, “Structural Welding Code—Steel,” and AWS D1.5, “Bridge Welding Code,”
American Welding Society. Common types of welds with structural steels intended for weld-
ing when made in accordance with AWS specifications can be specified by note or by symbol
with assurance that a good connection will be obtained.

In making a welded design, designers should specify only the amount and size of weld
actually required. Generally, a ¥16-in weld is considered the maximum size for a single pass.
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The cost of fit-up for welding can range from about one-third to several times the cost
of welding. In designing welded connections, therefore, designers should consider the work
necessary for the fabricator and the erector in fitting members together so they can be welded.

5.15 WELDING MATERIALS

Weldable structural steels permissible in buildings and bridges are listed with required elec-
trodes in Tables 5.10 and 5.11. Welding electrodes and fluxes should conform to AWS 5.1,
5.5, 5.17, 5.18, 5.20, 5.23, 5.25, 5.26, 5.28, or 5.29 or applicable provisions of AWS D1.1
or D1.5. Weld metal deposited by electroslag or electrogas welding processes should conform
to the requirements of AWS DI1.1 or D1.5 for these processes. For bridges, the impact
requirements in D1.5 are mandatory. Welding processes are described in Art. 2.6.

For welded connections in buildings, the electrodes or fluxes given in Table 5.10 should
be used in making complete-penetration groove welds. These welds can be designed with
allowable stresses for base metal indicated in Table 6.23. (See Art. 6.14.)

TABLE 5.10 Matching Filler-Metal Requirements for Complete-Penetration Groove Welds in Building Construction

Base metal*

Welding process

Shielded metal-arc

Submerged-arc

Gas metal-arc

Flux cored arc

A361, A53 grade B
AS500 grades A and B

A501, A529, and A570
grades 30 through 50

A572 grade 42 and 50, and
A588% (4 in. and under)

AS572 grades 60 and 65

AWS AS5.1 or A5.5§

E60XX
E70XX
E70XX-X

AWS A5.1 or A5.58

E7015, E7016,
E7018, E7028

E7015-X, E7016-X,
E7018-X

AWS AS5.5§
E8016-X, E8015-X
E8018-X

AWS AS5.17 or A5.23§

F6XX-EXXX
F7XX-EXXX or
F7XX-EXX-XX

AWS A5.17 or A5.23§
F7XX-EXXX
F7XX-EXX-XX

AWS A5.23§
F8XX-EXX-XX

AWS AS5.18
ER70S-X

AWS AS5.18
ER70S-X

AWS A5.288§
ER 80S-X

AWS A5.20
or A5.29§
E6XT-X
E7XT-X
(Except —2,
-3, —10,
—13, —14,
-GS)
E7XTX-XX
AWS A5.20
or A5.298§
E7XT-X
(Except —2,
-3, —10,
—13, —14,
-GS)
E7XTX-X
AWS A5.298§
E8XTX-X

*In joints involving base metals of different groups, either of the following filler metals may be used: (1) that which matches the higher
strength base metal; or (2) that which matches the lower strength base metal and produces a low-hydrogen deposit. Preheating must be in
conformance with the requirements applicable to the higher strength group.

T Only low-hydrogen electrodes may be used for welding A36 steel more than 1 in thick for cyclically loaded structures.

1 Special welding materials and procedures (e.g., ESOXX-X low-alloy electrodes) may be required to match the notch toughness of base
metal (for applications involving impact loading or low temperature) or for atmospheric corrosion and weathering characteristics.

§ Filler metals of alloy group B3, B3L, B4, B4L, B5, BSL, B6, B6L, B7, B7L, B8, BSL, or B9 in ANSI/AWS A5.5, A5.23, A5.28,

or A5.29 are not prequalified for use in the as-welded condition.
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For welded connections in bridges, the electrodes or fluxes given in Table 5.11 should
be used in making complete-penetration groove welds. These welds can be designed with
allowable stresses for base metal indicated in Table 11.6 or 11.29. (See Art. 11.8 or 11.37.)

Allowable fatigue stresses must be considered where stress fluctuations are present. (See
Art. 6.22, 11.10, or 11.38.)

5.16 TYPES OF WELDS

The main types of welds used for structural steel are fillet, groove, plug, and slot. The most
commonly used weld is the fillet. For light loads, it is the most economical, because little
preparation of material is required. For heavy loads, groove welds are the most efficient,
because the full strength of the base metal can be obtained easily. Use of plug and slot welds
generally is limited to special conditions where fillet or groove welds are not practical.

More than one type of weld may be used in a connection. If so, the allowable capacity
of the connection is the sum of the effective capacities of each type of weld used, separately
computed with respect to the axis of the group.

Tack welds may be used for assembly or shipping. They are not assigned any stress-
carrying capacity in the final structure. In some cases, these welds must be removed after
final assembly or erection.

Fillet welds have the general shape of an isosceles right triangle (Fig. 5.12). The size of
the weld is given by the length of leg. The strength is determined by the throat thickness,
the shortest distance from the root (intersection of legs) to the face of the weld. If the two
legs are unequal, the nominal size of the weld is given by the shorter of the legs. If welds
are concave, the throat is diminished accordingly, and so is the strength.

Fillet welds are used to join two surfaces approximately at right angles to each other. The
joints may be lap (Fig. 5.13) or tee or corner (Fig. 5.14). Fillet welds also may be used with
groove welds to reinforce corner joints. In a skewed tee joint, the included angle of weld
deposit may vary up to 30° from the perpendicular, and one corner of the edge to be con-
nected may be raised, up to ¥ in. If the separation is greater than Yie in, the weld leg
should be increased by the amount of the root opening.

Groove welds are made in a groove between the edges of two parts to be joined. These
welds generally are used to connect two plates lying in the same plane (butt joint), but they
also may be used for tee and corner joints.

Standard types of groove welds are named in accordance with the shape given the edges
to be welded: square, single vee, double vee, single bevel, double bevel, single U, double
U, single J, and double J (Fig. 5.15). Edges may be shaped by flame cutting, arc-air gouging,
or edge planing. Material up to % in thick, however, may be groove-welded with square-
cut edges, depending on the welding process used.

Groove welds should extend the full width of parts joined. Intermittent groove welds and
butt joints not fully welded throughout the cross section are prohibited.

Groove welds also are classified as complete-penetration and partial-penetration welds.

In a complete-penetration weld, the weld material and the base metal are fused through-
out the depth of the joint. This type of weld is made by welding from both sides of the joint
or from one side to a backing bar or backing weld. When the joint is made by welding from
both sides, the root of the first-pass weld is chipped or gouged to sound metal before the
weld on the opposite side, or back pass is made. The throat dimension of a complete-
penetration groove weld, for stress computations, is the full thickness of the thinner part
joined, exclusive of weld reinforcement.

Partial-penetration welds generally are used when forces to be transferred are small.
The edges may not be shaped over the full joint thickness, and the depth of weld may be
less than the joint thickness (Fig. 5.15). But even if edges are fully shaped, groove welds
made from one side without a backing strip or made from both sides without back gouging
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TABLE 5.11 Matching Filler-Metal Requirements for Complete-Penetration Groove Welds in Bridge Construction
(a) Qualified in Accordance with AWS D1.5 Paragraph 5.12

Base metal*

Welding processt

Shielded metal-arc

Submerged-arc

Flux-cored arc
with external
shielding gas

A36/M270M grade 250 AWS AS5.1 or A5.5 AWS AS5.17 AWS A5.20
E7016, E7018, or F6A0-EXXX E6XT-1,5
E7028, E7016- F7A0-EXXX E7XT-1,5
X, E7018-X
A572 grade 50/M270M AWS AS.1 or A5.5 AWS AS5.17 AWS A5.20
grade 345 type 1, 2, E7016, E7018, F7A0-EXXX E7XT-1,5
or3 E7028, E7016-
X, or E7018-X
A588/M270M grade AWS AS.1 AWS AS5.17 or AWS A5.20
345W+ 4-in and E7016, E7018, A5.23 or A5.29
under E7028 F7A0-EXXX, E7XT-1,5
AWS AS5.5 F8AO- E8XT-1,5-
E7016-X, E7018- EXXX$§ NiX, W
X, E7028-X,
E7018-W
E7015, 16, 18-
CIL, C2L
E8016, 18-Cl,
C2§
E8016, 18-C3§
E8018-W§
A852/M270M grade AWS AS.5 AWS A5.23 AWS A5.29
485Wi E9018-M FOAO-EXXX-X E9XT1-X
E9XT5-X
A514/M270 grades 690 AWS AS5.5
and 690W E1018-M
Over 2Y in thick
(b) Qualified in accordance with AWS D1.5 Paragraph 5.13
Welding process
Electrogas (not authorized for
Flux-cored arc, tension and stress reversal Shielded
Base metal* self-shielding  Gas metal-arc members) Submerged-arc  metal-arc
A36/M270M grade AWS A5.20 AWS A5.18  AWS A5.25 AWS A5.26
250 E6XT-6,8 ER70S- FES 60-XXXX EG60XXXX
E7XT-6,8 2,3,6,7 FES 70-XXXX EG62XXXX
AWS A5.29 FES 72-XXXX EG70XXXX
E6XT8-8 EG72XXXX
E7XT8-X
A572 grade 50/ AWS A5.20 AWS A5.18  AWS A5.25 AWS A5.26
M270M grade 345 E7XT-6,8 ER 70S- FES 70-XXXX EG70XXXX
AWS A5.29 2,3,6,7 FES 72-XXXX EG72XXXX

E7XT8-X
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(b) Qualified in accordance with AWS D1.5 Paragraph 5.13 (continued)

Welding processt

Electrogas (not authorized for
Flux-cored arc, tension and stress reversal Shielded
Base metal* self-shielding Gas metal-arc members) Submerged-arc  metal-arc

A588/M270M grade AWS A5.20 AWS A5.18  AWS A5.25 AWS A5.25

345W% 4 in and E7XT-6,8 ER70S- FES70-XXXX EG70-
under AWS A5.29 2,3,6,7 FES72-XXXX XXXX
E7XT8-NiX§ AWS A5.28 EG72-
ER80S-NiX XXXX
A852/M270 grade As Approved by Engineer
485Wi
A514/M270M grades  With external ~ AWS A5.28 AWS A5.23
690 and 690W: over shielding ER100S-1 F10A4-EM2-M2
2% in thick gas ER100S-2
AWS A5.29
E100 T5-K3
E101 T1-K7
A514/M270M grades  With external ~AWS A5.28 AWS A5.23 AWS
690 and 690W 2% shielding ER110S-1 F11A4-EM3-M3 AS5.5
in thick or less gas E11018-M
AWS A5.29
E110T5-
K3,K4
E111T1-K4

*In joints involving base metals of two different yield strengths, filler metal applicable to the lower-strength base metal may be used.

T Electrode specifications with the same yield and tensile properties, but with lower impact-test temperature may be substituted (e.g.,
F7A2-EXXX may be substituted for F7A0-EXXX).

+Special welding materials and procedures may be required to match atmospheric, corrosion and weathering characteristics. See AWS
D1.5.

§ The 550MPa filler metals are intended for exposed applications of weathering steels. They need not be used on applications of M270M
grade 345W steel that will be painted.

T
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FIGURE 5.12 Fillet weld. (a) Theoretical cross section. (b) Actual
cross section.
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WELD
[E (a) (b)
FIGURE 5.13 Welded lap joint. FIGURE 5.14 (a) Tee joint. (b) Corner joint.

are considered partial-penetration welds. They often are used for splices in building columns
carrying axial loads only. In bridges, such welds should not be used where tension may be
applied normal to the axis of the welds.

Plug and slot welds are used to transmit shear in lap joints and to prevent buckling of
lapped parts. In buildings, they also may be used to join components of built-up members.
(Plug or slot welds, however, are not permitted on A514 steel.) The welds are made, with
lapped parts in contact, by depositing weld metal in circular or slotted holes in one part.
The openings may be partly or completely filled, depending on their depth. Load capacity
of a plug or slot completely welded equals the product of hole area and allowable stress.
Unless appearance is a main consideration, a fillet weld in holes or slots is preferable.

Economy in Selection. In selecting a weld, designers should consider not only the type of
joint but also the type of weld that would require a minimum amount of metal. This would
yield a saving in both material and time.

While strength of a fillet weld varies with size, volume of metal varies with the square
of the size. For example, a “4-in fillet weld contains four times as much metal per inch of
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FIGURE 5.15 Groove welds.
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length as a Y4-in weld but is only twice as strong. In general, a smaller but longer fillet weld
costs less than a larger but shorter weld of the same capacity.

Furthermore, small welds can be deposited in a single pass. Large welds require multiple
passes. They take longer, absorb more weld metal, and cost more. As a guide in selecting
welds, Table 5.12 lists the number of passes required for some frequently used types of
welds.

Double-V and double-bevel groove welds contain about half as much weld metal as
single-V and single-bevel groove welds, respectively (deducting effects of root spacing). Cost
of edge preparation and added labor of gouging for the back pass, however, should be
considered. Also, for thin material, for which a single weld pass may be sufficient, it is
uneconomical to use smaller electrodes to weld from two sides. Furthermore, poor accessi-
bility or less favorable welding position (Art. 5.18) may make an unsymmetrical groove weld
more economical, because it can be welded from only one side.

When bevel or V grooves can be flame-cut, they cost less than J and U grooves, which
require planning or arc-air gouging.

5.17 STANDARD WELDING SYMBOLS

These should be used on drawings to designate welds and provide pertinent information
concerning them. The basic parts of a weld symbol are a horizontal line and an arrow:

N

Extending from either end of the line, the arrow should point to the joint in the same manner
as the electrode would be held to do the welding.

TABLE 5.12 Number of Passes for Welds

Single-bevel groove
welds (back-up weld Single-V groove welds (back-up
not included) weld not included)

Weld size,* in Fillet welds 30° bevel 45° bevel 30° open 60° open 90° open

Y6 1

Yy 1 1 1 2 3 3
Yie 1

% 3 2 2 3 4 6
6 4

%3 4 2 2 4 5 7
% 6 3 3 4 6 8
¥y 8 4 5 4 7 9
78 5 8 5 10 10
1 5 11 5 13 22
1% 7 11 9 15 27
1Y 8 11 12 16 32
134 9 15 13 21 36
1% 9 18 13 25 40
1% 11 21

*Plate thickness for groove welds.



5.26

SECTION FIVE

Welding symbols should clearly convey the intent of the designer. For the purpose, sec-
tions or enlarged details may have to be drawn to show the symbols, or notes may be added.
Notes may be given as part of welding symbols or separately. When part of a symbol, the
note should be placed inside a tail at the opposite end of the line from the arrow:

NOTES>—/

Type and length of weld are indicated above or below the line. If noted below the line,
the symbol applies to a weld on the arrow side of the joint, the side to which the arrow
points. If noted above the line, the symbol indicates that the other side, the side opposite
the one to which the arrow points (not the far side of the assembly), is to be welded.

A fillet weld is represented by a right triangle extending above or below the line to
indicate the side on which the weld is to be made. The vertical leg of the triangle is always
on the left.

al/ 6 3

The preceding symbol indicates that a Y4-in fillet weld 6 in long is to be made on the arrow
side of the assembly. The following symbol requires a Y-in fillet weld 6 in long on both
sides.

N 1/4E 6
14V 6

If a weld is required on the far side of an assembly, it may be assumed necessary from
symmetry, shown in sections or details, or explained by a note in the tail of the welding
symbol. For connection angles at the end of a beam, far-side welds generally are assumed:

7

\/a

L
2 174

Length of weld is not shown on the symbol in this case because the connection requires
a continuous weld the full length of each angle on both sides of the angle. Care must be
taken not to omit length unless a continuous full-length weld is wanted. ‘“Continuous’” should
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be written on the weld symbol to indicate length when such a weld is required. In general,
a tail note is advisable to specify welds on the far side, even when the welds are the same
size.

6 /NEAR SIDE 8
6 \FAR SIDE

a

—gd b=

SECTION X=X

For many members, a stitch or intermittent weld is sufficient. It may be shown as

1/4V72-10

This symbol calls for Y4-in fillet welds on the arrow side. Each weld is to be 2 in long.
Spacing of welds is to be 10 in center to center. If the welds are to be staggered on the
arrow and other sides, they can be shown as

1/4 2-10
1/41V°2-10

Usually, intermittent welds are started and finished with a weld at least twice as long as
the length of the stitch welds. This information is given in a tail note:

1/4 N\ 2-10

4" at ends
1/4 2-10

When the welding is to be done in the field rather than in the shop, a triangular flag
should be placed at the intersection of arrow and line:

3/186 8
1/4 3

This is important in ensuring that the weld will be made as required. Often, a tail note is
advisable for specifying field welds.

A continuous weld all around a joint is indicated by a small circle around the intersection
of line and arrow:
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1/4 1/4

Such a symbol would be used, for example, to specify a weld joining a pipe column to a
base plate. The all-around symbol, however, should not be used as a substitute for compu-
tation of actual weld length required. Note that the type of weld is indicated below the line
in the all-around symbol, regardless of shape or extent of joint.

The preceding devices for providing information with fillet welds also apply to groove
welds. In addition, groove-weld symbols also must designate material preparation required.
This often is best shown on a cross section of the joint.

A square-groove weld (made in thin material) without root opening is indicated by

Length is not shown on the welding symbol for groove welds because these welds almost
always extend the full length of the joint.

A short curved line below a square-groove symbol indicates weld contour. A short straight
line in that position represents a flush weld surface. If the weld is not to be ground, however,
that part of the symbol is usually omitted. When grinding is required, it must be indicated
in the symbol.

G
~ N
T
G
The root-opening size for a groove weld is written in within the symbol indicating the
type of weld. For example, a “-in root opening for a square-groove weld is specified by

ROOT e
1/8 S‘:&

And a %-in root opening for a bevel weld, not to be ground, is indicated by

1/8 1/ 3
[ : ROOT‘:fl(— 1/8"

In this and other types of unsymmetrical welds, the arrow not only designates the arrow side
of the joint but also points to the side to be shaped for the groove weld. When the arrow
has this significance, the intention often is emphasized by an extra break in the arrow.

The angle at which the material is to be beveled should be indicated with the root opening:

1/8 'Y

45°

A double-bevel weld is specified by
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45°

45°

A single-V weld is represented by

BACK GOUG> Q
1/8

o

>

A double-V weld is indicated by

60° 1/8_)|L_
6

o <

60
BACK GOUGE %
1/8

6

|

Summary. Standard symbols for various types of welds are summarized in Fig. 5.16. The
symbols do not indicate whether backing, spacer, or extension bars are required. These should
be specified in general notes or shown in detail drawings. Preparation for J and U welds is
best shown by an enlarged cross section. Radius and depth of preparation must be given.

In preparing a weld symbol, insert size, weld-type symbol, length of weld, and spacing,
in that order from left to right. The perpendicular leg of the symbol for fillet, bevel, J, and
flare-bevel welds should be on the left of the symbol. Bear in mind also that arrow-side and
other-side welds are the same size, unless otherwise noted. When billing of detail material
discloses the identity of the far side with the near side, the welding shown for the near side
also will be duplicated on the far side. Symbols apply between abrupt changes in direction
of welding unless governed by the all-around symbol or dimensioning shown.

Where groove preparation is not symmetrical and complete, additional information should
be given on the symbol. Also, it may be necessary to give weld-penetration information, as

PLUG

OR | GROOVE WELDS | weLp Q Q
BACK FILLET SLOT FLARE FLARE ALL W w
Sbe F SV I | /T N (RS OTR I8 X | e
OTHER N AN E=Z s Sl w s W NS N 4 4
SIDE
BOTH _97 —i K~ 'k—/ %/ _K7 96/ +€—/
SIDES

FIGURE 5.16 Summary of welding symbols.
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in Fig. 5.17. For the weld shown, penetration from either side must be a minimum of ¥i6
in. The second side should be back-gouged before the weld there is made.

Welds also may be a combination of different groove and fillet welds. While symbols
can be developed for these, designers will save time by supplying a sketch or enlarged cross
section. It is important to convey the required information accurately and completely to the
workers who will do the job. Actually, it is common practice for designers to indicate what
is required of the weld and for fabricators and erectors to submit proposed procedures.

5.18 WELDING POSITIONS

The position of the stick electrode relative to the joint when a weld is being made affects
welding economy and quality. In addition, AWS specifications D1.0 and D1.5 prohibit use
of some welding positions for some types of welds. Careful designing should eliminate the
need for welds requiring prohibited welding positions and employ welds that can be effi-
ciently made.

The basic welding positions are as follows:

Flat, with face of weld nearly horizontal. Electrode is nearly vertical, and welding is
performed from above the joint.

Horizontal, with axis of weld horizontal. For groove welds, the face of weld is nearly
vertical. For fillet welds, the face of weld usually is about 45° relative to horizontal and
vertical surfaces.

Vertical, with axis of weld nearly vertical. (Welds are made upward.)

Overhead, with face of weld nearly horizontal. Electrode is nearly vertical, and welding
is performed from below the joint.

Where possible, welds should be made in the flat position. Weld metal can be deposited
faster and more easily. Generally, the best and most economical welds are obtained. In a
shop, the work usually is positioned to allow flat or horizontal welding. With care in design,
the expense of this positioning can be kept to a minimum. In the field, vertical and overhead
welding sometimes may be necessary. The best assurance of good welds in these positions
is use of proper electrodes by experienced welders.

The AWS specifications require that only the flat position be used for submerged-arc
welding, except for certain sizes of fillet welds. Single-pass fillet welds may be made in the
flat or the horizontal position in sizes up to ¥is in with a single electrode and up to 2 in
with multiple electrodes. Other positions are prohibited.

When groove-welded joints can be welded in the flat position, submerged-arc and gas
metal-arc processes usually are more economical than the manual shielded metal-arc process.

1/4 (1/4)
3/8 (3/8)

(a)

FIGURE 5.17 Penetration information is given on the welding symbol in
(a) for the weld shown in (b). Penetration must be at least %6 in. Second side
must be back-gouged before the weld on that side is made.
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GENERAL CRITERIA FOR WELDED CONNECTIONS

5.19 LIMITATIONS ON FILLET-WELD DIMENSIONS

For a given size of fillet weld, cooling rate is faster and restraint is greater with thick plates
than with thin plates. To prevent cracking due to resulting internal stresses, specifications set
minimum sizes for fillet welds, depending on plate thickness (Table 5.13).

In bridges, seal welds should be continuous. Size should be changed only when required
for strength or by changes in plate thickness.

To prevent overstressing of base material at a fillet weld, standard specifications also limit
the maximum weld size. They require that allowable stresses in adjacent base material not
be exceeded when a fillet weld is stressed to its allowed capacity.

Example. Two angles transfer a load of 120 kips to a ¥-in-thick plate through four welds
(Fig. 5.18). Assume that the welding process is shielded metal-arc using E70XX electrodes
and steel is ASTM A36. Use AISC ASD method.

Allowable shear stress in fillet weld F, = 0.3 X nominal tensile strength of weld
metal = 0.3 X 70 ksi = 21.0 ksi. The capacity of 1 in of ¥ie-in fillet weld = 0.707(*16)21.0
= 4.64 kips. Since there are welds on both sides of plate, the effective thickness required
for a Yie-in fillet weld is 0.64 in (Table 5.13). Therefore, the effective capacity of a ¥ie-in
fillet weld is 4.64 X 0.375/0.64 = 2.7 kips. For four welds,

Length of weld required =

The minimum size of fillet weld (Table 5.13) should be used, a ¥i6-in fillet weld with a
capacity of 0.707(%16)21.0 = 2.78 kips per in. Required minimum plate thickness is 0.38 in
(Table 5.13). This weld satisfies the AISC requirement that the length of welds should be at
least twice the distance between welds to be fully effective.

TABLE 5.13 Minimum Fillet-Weld Sizes and Plate-Thickness Limits

Minimum plate thickness for
fillet welds on each side of

Sizes of fillet welds,* in the plate, in
Buildings Bridges: Maximum plate
AWS D1.1 AWS D1.5 thickness, in§ 36-ksi steel 50-ksi steel
A _ A _ _
6 — %3 0.38 0.28
Ya Ya Ya 0.51 0.37
Y6 Y6 Over ¥ 0.64 0.46

*Weld size need not exceed the thickness of the thinner part joined, but AISC and AWS D1.5
require that care be taken to provide sufficient preheat to ensure weld soundness.

+ When low-hydrogen welding is employed, AWS D1.1 permits the thinner part joined to be used
to determine the minimum size of fillet weld.

+Smaller fillet welds may be approved by the engineer based on applied stress and use of appro-
priate preheat.

§ Plate thickness is the thickness of the thicker part joined.

I Minimum weld size for structures subjected to dynamic loads is ¥i6 in.
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3/16 "~ 12 — = a8
[2 L-3"x3" x1/2"

} 120k
S
\ 3/8" PLATE _J

FIGURE 5.18 Welds on two sides of a plate induce
stresses in it.

120k

The capacity of a fillet weld per inch of length, with 21.0-ksi allowable stress, can be
computed conveniently by multiplying the weld size in sixteenths of an inch by 0.928, since
0.707 X 2%e6 = 0.928. For example, the capacity of 1 in of Yie-in fillet weld is 0.928 X
5 = 4.64, as in the preceding example.

A limitation also is placed on the maximum size of fillet welds along edges. One reason
is that edges of rolled shapes are rounded, and weld thickness consequently is less than the
nominal thickness of the part. Another reason is that if weld size and plate thickness are
nearly equal, the plate corner may melt into the weld, reducing the length of weld leg and
the throat. Hence standard specifications require the following: Along edges of material less
than % in thick, maximum size of fillet weld may equal material thickness. But along
edges of material ¥4 in or more thick, the maximum size should be V16 in less than the
material thickness.

Weld size may exceed this, however, if drawings definitely show that the weld is to be
built out to obtain full throat thickness. AWS D1.1 requires that the minimum effective length
of a fillet weld be at least four times the nominal size, or else the weld must be considered
not to exceed 25% of the effective length. AWS D1.5 requires that the minimum effective
length of a fillet weld be at least four times the nominal size or 1% in, whichever is greater.

Suppose, for example, a “4-in weld is only 1% in long. Its effective size is 1%2/4 =
¥ in.

Subject to the preceding requirements, intermittent fillet welds may be used in buildings
to transfer calculated stress across a joint or faying surfaces when the strength required is
less than that developed by a continuous fillet weld of the smallest permitted size. Intermittent
fillet welds also may be used to join components of built-up members in buildings. But such
welds are prohibited in bridges, in general, because of the requirements for sealing edges to
prevent penetration of moisture and to avoid fatigue failures.

Intermittent welds are advantageous with light members, where excessive welding can
result in straightening costs greater than the cost of welding. Intermittent welds often are
sufficient and less costly than continuous welds (except girder fillet welds made with auto-
matic welding equipment).

Weld lengths specified on drawings are effective weld lengths. They do not include dis-
tances needed for start and stop of welding.

To avoid the adverse effects of starting or stopping a fillet weld at a corner, welds ex-
tending to corners should be returned continuously around the corners in the same plane for
a distance of at least twice the weld size. This applies to side and top fillet welds connecting
brackets, beam seats, and similar connections, on the plane about which bending moments
are computed. End returns should be indicated on design and detail drawings.

Fillet welds deposited on opposite sides of a common plane of contact between two parts
must be interrupted at a corner common to both welds.

If longitudinal fillet welds are used alone in end connections of flat-bar tension members,
the length of each fillet weld should at least equal the perpendicular distance between the
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welds. The transverse spacing of longitudinal fillet welds in end connections should not
exceed 8 in unless the design otherwise prevents excessive transverse bending in the con-
nections.

5.20 LIMITATIONS ON PLUG AND SLOT WELD DIMENSIONS

In material 7 in or less thick, the thickness of plug or slot welds should be the same as the
material thickness. In material more than 7 in thick, the weld thickness should be at least
half the material thickness but not less than % in.

Diameter of hole for a plug weld should be at least the depth of hole plus %16 in, but the
diameter should not exceed minimum diameter + '8 in, or 2% times the thickness of the
weld metal, whichever is greater.

Thus the hole diameter in ¥-in plate could be a minimum of % + %16 = 1%i6 in. Depth
of metal would be at least ¥ in > (1.0625/2.25 = 0.5 in) > (2 X 3% = 34 in).

Plug welds may not be spaced closer center to center than four times the hole diameter.

Length of slot for a slot weld should not exceed 10 times the part thickness. Width of
slot should be at least depth of hole plus %16 in, but the width should not exceed the minimum
diameter +% in or 2% times the weld thickness.

Thus, width of slot in ¥%-in plate could be a minimum of % + %6 = 1%i6 in. Weld metal
depth would be at least 75 in > (1.0625/2.25 = 0.5 in) > (2 X ¥ = % in). If the minimum
depth is used, the slot could be up to 10 X % = 7% in long.

Slot welds may be spaced no closer than four times their width in a direction transverse
to the slot length. In the longitudinal direction, center-to-center spacing should be at least
twice the slot length.

5.21 WELDING PROCEDURES

Welds should be qualified and should be made only by welders, welding operators, and
tackers qualified as required in AWS D1.1 for buildings and AWS D1.5 for bridges.

Welding should not be permitted under any of the following conditions:
When the ambient temperature is below 0°F

When surfaces are wet or exposed to rain, snow, or high wind.

When welders are exposed to inclement conditions.

Surfaces and edges to be welded should be free from fins, tears, cracks, and other defects.
Also, surfaces at and near welds should be free from loose scale, slag, rust, grease, moisture,
and other material that may prevent proper welding. AWS specifications, however, permit
mill scale that withstands vigorous wire brushing, a light film of drying oil, or antispatter
compound to remain. But the specifications require all mill scale to be removed from surfaces
on which flange-to-web welds are to be made by submerged-arc welding or shielded metal-
arc welding with low-hydrogen electrodes.

Parts to be fillet-welded should be in close contact. The gap between parts should not
exceed Y6 in. If it is Yie in or more, fillet-weld size should be increased by the amount of
separation. The separation between faying surfaces for plug and slot welds, and for butt
joints landing on a backing, should not exceed Y16 in. Parts to be joined at butt joints should
be carefully aligned. Where the parts are effectively restrained against bending due to ec-
centricity in alignment, an offset not exceeding 10% of the thickness of the thinner part
joined, but in no case more than Y% in, is permitted as a departure from theoretical alignment.



5.34

SECTION FIVE

When correcting misalignment in such cases, the parts should not be drawn in to a greater
slope than %2 in in 12 in.

For permissible welding positions, see Art. 5.18. Work should be positioned for flat weld-
ing, whenever practicable.

In general, welding procedures and sequences should avoid needless distortion and should
minimize shrinkage stresses. As welding progresses, welds should be deposited so as to
balance the applied heat. Welding of a member should progress from points where parts are
relatively fixed in position toward points where parts have greater relative freedom of move-
ment. Where it is impossible to avoid high residual stresses in the closing welds of a rigid
assembly, these welds should be made in compression elements. Joints expected to have
significant shrinkage should be welded before joints expected to have lesser shrinkage, and
restraint should be kept to a minimum. If severe external restraint against shrinkage is pres-
ent, welding should be carried continuously to completion or to a point that will ensure
freedom from cracking before the joint is allowed to cool below the minimum specified
preheat and interpass temperature.

In shop fabrication of cover-plated beams and built-up members, each component re-
quiring splices should be spliced before it is welded to other parts of the member. Up to
three subsections may be spliced to form a long girder or girder section.

With too rapid cooling, cracks might form in a weld. Possible causes are shrinkage of
weld and heat-affected zone, austenite-martensite transformation, and entrapped hydrogen.
Preheating the base metal can eliminate the first two causes. Preheating reduces the temper-
ature gradient between weld and adjacent base metal, thus decreasing the cooling rate and
resulting stresses. Also, if hydrogen is present, preheating allows more time for this gas to
escape. Use of low-hydrogen electrodes, with suitable moisture control, also is advantageous
in controlling hydrogen content.

High cooling rates occur at arc strikes that do not deposit weld metal. Hence arc strikes
outside the area of permanent welds should be avoided. Cracks or blemishes resulting from
arc strikes should be ground to a smooth contour and checked for soundness.

To avoid cracks and for other reasons, standard specifications require that under certain
conditions, before a weld is made the base metal must be preheated. Tables 5.14 and 5.15
list typical preheat and interpass temperatures. The tables recognize that as plate thickness,
carbon content, or alloy content increases, higher preheats are necessary to lower cooling
rates and to avoid microcracks or brittle heat-affected zones.

Preheating should bring to the specified preheat temperature the surface of the base metal
within a distance equal to the thickness of the part being welded, but not less than 3 in, of
the point of welding. This temperature should be maintained as a minimum interpass tem-
perature while welding progresses.

Preheat and interpass temperatures should be sufficient to prevent crack formation. Tem-
peratures above the minimums in Tables 5.14 and 5.15 may be required for highly restrained
welds.

For A514, A517, and A852 steels, the maximum preheat and interpass temperature should
not exceed 400°F for thicknesses up to 1% in, inclusive, and 450°F for greater thicknesses.
Heat input during the welding of these quenched and tempered steels should not exceed the
steel producer’s recommendation. Use of stringer beads to avoid overheating is advisable.

Peening sometimes is used on intermediate weld layers for control of shrinkage stresses
in thick welds to prevent cracking. It should be done with a round-nose tool and light blows
from a power hammer after the weld has cooled to a temperature warm to the hand. The
root or surface layer of the weld or the base metal at the edges of the weld should not be
peened. Care should be taken to prevent scaling or flaking of weld and base metal from
overpeening.

When required by plans and specifications, welded assemblies should be stress-relieved
by heat treating. (See AWS DI1.1 and D1.5 for temperatures and holding times required.)
Finish machining should be done after stress relieving.

Tack and other temporary welds are subject to the same quality requirements as final
welds. For tack welds, however, preheat is not mandatory for single-pass welds that are
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TABLE 5.14 Requirements of AWS DI1.1 for Minimum Preheat and Interpass Temperature (°F) for welds in
Buildings*

Shielded metal-arc

with low-
hydrogen
electrodes;
submerged-arc,
Shielded metal-arc gas, metal-arc or
with other than flux-cored arc Shielded metal-arc
low-hydrogen - with low-hydrogen
electrodes ASTM A367, electrodes; submerged-
_ A53 grade B, arc, gas metal-arc or
ASTM A367, A501, A529 flux-cored arc
Thickness of thickest AS53 grade B, A570 all grades,
part at point of A501, A529 A572 grades 42, ASTM A572 grades
welding, in A570 all grades 50, A588 60 and 65
To % 0% 0% 50
Over ¥ to 14 150 50 150
Over 1% to 2% 225 150 225
Over 2 200 225 300

*In joints involving combinations of base metals, preheat as specified for the higher-strength steel being welded.

FUse only low-hydrogen electrodes when welding A36 steel more than 1 in thick for dynamically loaded structures.

#When the base-metal temperature is below 32°F, the base metal should be preheated to at least 70°F and the minimum temperature
maintained during welding.

TABLE 5.15 Requirements of AWS D1.5 for Minimum Preheat and Interpass Temperatures (°F) for Welds in Bridges*
(Shielded metal-arc, submerged-arc, gas metal-arc or flux-cored arc.)

ASTM A36/M270M grade 250, A514/M270M grades 690 and 690W
AS572 grade 50/M270M grade
M345 ASTM A852/M270M grade 485W

A588/M270M grade 345

Fracture critical
Fracture critical

Thickness of thickest - ASTM A852/ ASTM A514/
part at point of A36, M270M grade M270M grades
welding, in General A572 A588 General 485W 690 and 690W
To % 50 100 100 50 100 ok
Over % to 12 70 150 200 125 200 o
Over 12 to 2% 150 200 300 175 300 oK
Over 22 225 300 350 225 350 *E

*In joints involving combinations of base metals, preheat as specified for the higher-strength steel being welded. When the base-metal
temperature is below 32°F, preheat the base metal to at least 70°F, and maintain this minimum temperature during welidng.
**For fracture critical members in this steel, the temperatures (min./max., °F) are as follows for the indicated thickness range: "4 to
3% in, '"%s0; + 3% to Y% in, '%%as; +% to Y4 in, 2%%o0; +¥% to 1 in, ""%o0; +1 to 2 in, 2°%o0; +2 in, 3*%so.
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remelted and incorporated into continuous submerged-arc welds. Also, defects such as un-
dercut, unfilled craters, and porosity need not be removed before final submerged-arc weld-
ing. Welds not incorporated into final welds should be removed after they have served their
purpose, and the surface should be made flush with the original surface.

Before a weld is made over previously deposited weld metal, all slag should be removed,
and the weld and adjacent material should be brushed clean.

Groove welds should be terminated at the ends of a joint in a manner that will ensure
sound welds. Where possible, this should be done with the aid of weld tabs or runoff plates.
AWS D1.5 requires removal of weld tabs after completion of the weld in bridge construction.
AWS D1.1 does not require removal of weld tabs for statically loaded structures but does
require it for dynamically loaded structures. The ends of the welds then should be made
smooth and flush with the edges of the abutting parts.

After welds have been completed, slag should be removed from them. The metal should
not be painted until all welded joints have been completed, inspected, and accepted. Before
paint is applied, spatter, rust, loose scale, oil, and dirt should be removed.

AWS D1.1 and D1.5 present details of techniques acceptable for welding buildings and
bridges, respectively. These techniques include handling of electrodes and fluxes and max-
imum welding currents

5.22 WELD QUALITY

A basic requirement of all welds is thorough fusion of weld and base metal and of successive
layers of weld metal. In addition, welds should not be handicapped by craters, undercutting,
overlap, porosity, or cracks. (AWS DI1.1 and D1.5 give acceptable tolerances for these de-
fects.) If craters, excessive concavity, or undersized welds occur in the effective length of a
weld, they should be cleaned and filled to the full cross section of the weld. Generally, all
undercutting (removal of base metal at the toe of a weld) should be repaired by depositing
weld metal to restore the original surface. Overlap (a rolling over of the weld surface with
lack of fusion at an edge), which may cause stress concentrations, and excessive convexity
should be reduced by grinding away of excess material (see Figs. 5.19 and 5.20). If excessive
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FIGURE 5.19 Profiles of fillet welds.
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FIGURE 5.20 Profiles of groove welds.

porosity, excessive slag inclusions, or incomplete fusion occur, the defective portions should
be removed and rewelded. If cracks are present, their extent should be determined by acid
etching, magnetic-particle inspection, or other equally positive means. Not only the cracks
but also sound metal 2 in beyond their ends should be removed and replaced with the weld
metal. Use of a small electrode for this purpose reduces the chances of further defects due
to shrinkage. An electrode not more than %52 in in diameter is desirable for depositing weld
metal to compensate for size deficiencies.

AWS D1.1 limits convexity C to the values in Table 5.16. AWS D1.5 limits C to 0.06 in
plus 7% of the measured face of the weld.

Weld-quality requirements should depend on the job the welds are to do. Excessive re-
quirements are uneconomical. Size, length, and penetration are always important for a stress-
carrying weld and should completely meet design requirements. Undercutting, on the other
hand, should not be permitted in main connections, such as those in trusses and bracing, but
small amounts might be permitted in less important connections, such as those in platform
framing for an industrial building. Type of electrode, similarly, is important for stress-
carrying welds but not so critical for many miscellaneous welds. Again, poor appearance of
a weld is objectionable if it indicates a bad weld or if the weld will be exposed where
aesthetics is a design consideration, but for many types of structures, such as factories,
warehouses, and incinerators, the appearance of a good weld is not critical. A sound weld
is important. But a weld entirely free of porosity or small slag inclusions should be required
only when the type of loading actually requires this perfection.

Welds may be inspected by one or more methods: visual inspection; nondestructive tests,
such as ultrasonic, x-ray, dye penetration, and magnetic particle; and cutting of samples from

TABLE 5.16 AWS D1.1 Limits on
Convexity of Fillet Welds

Measured leg size or Maximum
width of surface bead, in convexity, in
Y16 or less Yie
Over Y16 but less than 1 7

1 or more e
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finished welds. Designers should specify which welds are to be examined, extent of the
examination, and methods to be used.

5.23 WELDING CLEARANCE AND SPACE

Designers and detailers should detail connections to ensure that welders have ample space
for positioning and manipulating electrodes and for observing the operation
with a protective hood in place. Electrodes
¢ may be up to 18 in long and %% in in diam-

eter.
In addition, adequate space must be pro-

g { L] vided for deposition of the required size of

. . fillet weld. For example, to provide an ade-
FIGURE 5.21 Minimum landing for a fillet weld. quate landing ¢ (in) for the fillet weld of size

D (in) in Fig. 5.21, ¢ should be at least D +
Y16. In building-column splices, however, ¢ = D + %6 often is used for welding splice plates
to fillers.

DESIGN OF CONNECTIONS

Overview. Connection design is both an art and a science. The science involves equilibrium,
limit states, load paths, and the lower bound theorem of limit analysis. The art involves
determination of the most efficient load paths which is necessary because most connections
are statically indeterminate. The lower bound theorem of limit analysis can be stated as
follows. If a distribution of forces within a structure (or connection, which is localized
structure) can be found which is in equilibrium with the external load and which satisfies
the limit states, then the externally applied load is less than or at most equal to the load
which would cause connection failure. In other words, any solution for a connection which
satisfies equilibrium and the limit states yields a safe connection, and this represents the
science of connection design. Finding the internal force distribution (or load path) that max-
imizes the external load at which a connection fails represents the art of connection design.
This maximized external load is also the true failure load when the internal force distribution
results in satisfaction of compatibility (no gaps and tears) within the connection in addition
to satisfying equilibrium and the limit states. Strictly speaking, the lower bound theorem
applies only to yield limit states in ductile structures. Therefore, limit states involving sta-
bility and fracture must be considered to preclude these modes of failure.

General Procedure. Determine the external (applied) loads, also called required strengths,
and their lines of action. Make a preliminary layout, preferably to scale. The connection
should be as compact as possible to conserve material and to minimize interferences with
utilities, equipment, and access. Decide on where bolts and welds will be used and select
bolt type and size. Decide on a load path through the connection. For a statically determinate
connection, there is only one, but for indeterminate connections there are many possibilities.
Use judgment, experience, and published information to arrive at the best load path. Provide
sufficient strength, stiffness, and ductility, using the limit states identified for each part of
the load path, to give the connection sufficient design strength, so that it is adequate to carry
the given loads. Complete the preliminary layout, check specification required spacings, and
finally, check to ensure that the connection can be fabricated and erected economically. The
examples of this chapter will demonstrate this procedure.
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Economic Considerations. For any given connection situation, it is usually possible to
arrive at several satisfactory solutions. Where there is a possibility of using bolts or welds,
let the economics of fabrication and erection play a role in the choice. Different fabricators
and erectors in different parts of the country have their preferred ways of working, and as
long as the principles of connection design are followed to achieve a safe connection, local
preferences should be accepted. Some additional considerations which will result in more
economical connections are as follows:

1. For shear connections, provide the actual loads and allow the use of single plate and
single angle shear connections. Do not specify full depth connections or rely on the AISC
uniform load tables.

2. For moment connections, provide the actual moments and the actual shears. Also, provide
a “breakdown” of the total moment, with the gravity moment and lateral moment due to
wind or seismic loads listed separately. This is needed to do a proper check for column
web doubler plates. If stiffeners are required, allow the use of fillet welds in place of
complete joint penetration welds. To avoid the use of stiffeners, consider redesigning with
a heavier column to eliminate them.

3. For bracing connections, in addition to providing the brace force, also provide the beam
shear and axial transfer force. The transfer force, sometimes called “‘drag” or ‘“‘drag
through™ force, is the axial force that must be transferred to the opposite side of the
column. The transfer force is not necessarily the beam axial force obtained from a com-
puter analysis of the structure. A misunderstanding of transfer forces can lead to both
uneconomic and unsafe connections.

5.24 MINIMUM CONNECTIONS

In buildings, connections carrying calculated stresses, except for lacing, sag bars, and girts,
should be designed to support at least 6 kips.

In highway bridges, connections, except for lacing bars and handrails, should contain at
least two fasteners or equivalent weld. The smallest angle that may be used in bracing is
3 X 2% in. In railroad bridges, the minimum number of fasteners per plane of connection
is three.

5.25 HANGER CONNECTIONS

In buildings, end connections for hangers should be designed for the full loads on the hang-
ers. In trusses, however, the AISC specification requires that end connections should develop
not only the design load but also at least 50% of the effective strength of the members. This
does not apply if a smaller amount is justified by an engineering analysis that considers
other factors, including loads from handling, shipping, and erection. This requirement is
intended only for shop-assembled trusses where such loads may be significantly different
from the loads for which the trusses were designed.

In highway bridges, connections should be designed for the average of the calculated
stress and the strength of the members. But the connections should be capable of developing
at least 75% of the strength of the members.

In railroad bridges, end connections of main tension members should have a strength at
least equal to that of the members. Connections for secondary and bracing members should
develop at least the average of the calculated stress and the strength of the members. But
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bracing members used as ties or struts to reduce the unsupported length of a member need
not be connected for more than the flexural strength of that member.

When a connection is made with fasteners, the end fasteners carry a greater load than
those at the center of the connection. Because of this, AISC and AASHTO reduce fastener
strength when the length of a connection exceeds 50 in.

Bolted Lap Joints

Tension members serving as hangers may be connected to supports in any of several ways.
One of the most common is use of a lap joint, with fasteners or welds.

Example—AISC ASD. A pair of A36 steel angles in a building carry a 60-kip vertically
suspended load (Fig. 5.22). Size the angles and gusset plate, and determine the number of
"s-in-diameter A325N (threads included) bolts required.

Bolts. Capacity of one bolt in double shear (i.e., two shear planes) is r, = 2 X 21 X
0.4418 = 18.6 kips. Thus 60/18.6 = 3.23 or 4 bolts are required.

Angles. Gross area required = 60/21.6 = 2.78 in® Try two angles 3 X 3 X Y4 with
area = 2.88 in% Then net area A, = 2.88 — 1 X 0.25 X 2 = 2.38 in?, and effective net area
A, = UA, = 0.85 X 2.38 = 2.02 in% (The U factor accounts for shear lag, because only
one leg of an angle is bolted.) The allowable load based on fracture of the net area is
2.02 X 0.5 X 58 = 58.6 kips < 60 kips. The angles are not adequate. Try two angles 3 X
3 X Y6 with area = 3.55 in% The net area is A, = 3.55 — 1 X 0.3125 X 2 = 2.92 in?, A,
= 0.85 X 2.92 = 2.48 in?, and the allowable load based on net area fracture is 2.48 X 0.5
X 58 = 71.9 kips > 60 kips—OK.

Gusset. Assume that the gusset is 10 in wide at the top bolt. Thus the net width is
10 — 1 = 9 in, and since, for U = 0.85, this is greater than 0.85 X 10 = 8.5, use 8.5 in
for the effective net width. For the gross area used to determine the yield limit state, the
effective width of the plate at the top bolt can be determined using the Whitmore section
described in the AISC ASD and LRFD manuals. For this example, the Whitmore section
width is 2(9 X tan 30°) = 10.4 in. Because this is greater than the actual width of 10 in,
use 10 in. Therefore, thickness required = 60/(10 X 21.6) = 0.28 in. For the effective net
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FIGURE 5.22 Hanger supported by gusset-
plate connection with bolts.
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area (fracture limit state), thickness required = 60/(8.5 X 29) = 0.24 in. Yield controls at
0.28 in. Use a ¥16-in gusset.

Additional checks required are for bearing and angle-leg tearout (block shear fracture).

Bearing. For a bolt spacing of 3 in and an edge distance of 1% in, the allowable bearing
stress is 1.2F, = 1.2 X 58 = 69.6 ksi, and the allowable bearing load is 69.6 X 0.3125 X
0.875 X 4 = 76.1 kips > 60 kips—OK.

Tearout. The cross-hatched region of the angle leg in Fig. 5.22 can tear out as a block.
To investigate this, determine the tearout capacity of the angles: The shear area is

A, = (10.5 — 3.5 X 0.9375) X 0.3125 X 2 = 4.51 in?
The tension area is

A, = (1.25 = 0.5 X 0.9375) X 0.3125 X 2 = 0.49 in®
The tearout resistance is

P, =451 X 03 X 58 + 0.49 X 0.5 X 58 = 92.7 kips > 60 kips—OK

5.25.2 Welded Lap Joints

For welded lap joints, standard specifications require that the amount of lap be five times
the thickness of the thinner part joined, but not less than 1 in. Lap joints with plates or bars
subjected to axial stress should be fillet-welded along the end of both lapped parts, unless
the deflection of the lapped parts is sufficiently restrained to prevent the joint from opening
under maximum loading.

Welded end connections have the advantage of avoiding deductions of hole areas in
determining net section of tension members.

If the tension member consists of a pair of angles required to be stitched together, ring
fills and fully tensioned bolts can be used (Fig. 5.23a). With welded connections, welded
stitch bars (Fig. 5.23b) should be used. Care should be taken to avoid undercutting at the
toes of the angles at end-connection welds and stitch welds. In building design end-
connection welds may be placed equally on the toe and heel of the angles, ignoring the
small eccentricity. The welds should be returned around the end of each angle.

RING FILL AND
A325 OR A490 BOLT
(FULLY TENSIONED)
STITCH BAR

{a) (b)

FIGURE 5.23 Pair of steel angles stitched together (a) with ring fill and high-
strength bolts, (b) with stitch bar and welds.
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Welded connections have the disadvantage of requiring fitting. Where there are several
identical pieces, however, jigs can be used to reduce fit-up time.

Example—AISC ASD. Suppose the hanger in the preceding example is to be connected
to the gusset plate by a welded lap joint with fillet welds (Fig. 5.24). Since the two angles
will now have no holes, no net-area fracture-limit-state checks need be made. As before, the
gross area required is 60/21.6 = 2.78 in% Try two angles 3 X 3 X Y4, with gross area =
2.88 in%. Because only one leg of the angle is connected, shear lag is a consideration here,
just as it was in the bolted case. Thus the effective area is 0.85 X 2.88 = 2.45 in?, and the
capacity is 2.45 X 29.0 = 71.0 kips > 60 kips—OK. Note that the fracture allowable stress
of 0.5F, is used here. The limit state within the confines of the connection is fracture, not
yield. Yield is the limit state in the angles outside the connection where the stress distribution
in the angles becomes uniform.

The maximum-size fillet weld that can be used along the edge of the Y4-in material is
Y16 in. To provide space for landing the fillet welds along the back and edge of each angle,
the minimum width of gusset plate should be 3 + 2(%16 + Yi6) = 4 in, if ¥16-in welds are
used. A preliminary sketch of the joint (Fig. 5.24) indicates that with a minimum width of
4 in, the gusset plate will be about 6 in wide at the ends of the angles, where the load will
reach 60 kips on transfer from the welds. For a 6-in width, the required thickness of plate
is 60/(22 X 6) = 0.46 in. Use a %-in plate.

For a Y2-in plate, the minimum-size fillet weld is %16 in. Since the maximum size permitted
also is %16 in, use a ¥16-in fillet weld. If an E70XX electrode is used to make the welds, the
allowable shear is 21 ksi. The capacity of the welds then is 0.707 X %6 X 21 = 2.78 kips
per in. Length of weld required equals 60(2 X 2.78) = 10.8 in. Hence supply a total length
of fillet welds of at least 11 in, with at least 5% in along the toe and 5% in along the heel
of each angle.

To check the “2-in-thick gusset plate, divide the capacity of the two opposite welds by
the allowable shear stress: Gusset thickness required is 2 X 2.78/14.5 = 0.38 in < 0.50
in—OK. One rule of thumb for fillet welds on both faces opposite each other is to make
the gusset thickness twice the weld size. However, this rule is too conservative in the present
case because the gusset cannot fail through one section under each weld. A better way is to
check for gusset tearout. The shear tearout area is A, = 6 X 0.5 X 2 = 6.0 in? and the
tension tearout area is A, = 3 X 0.5 X 1 = 1.5 in?. Thus the tearout capacity is P,, = 6 X
0.3 X 58 + 1.5 X 0.5 X 58 = 148 kips > 60 kips—OK. This method recognizes a true
limit state, whereas matching fillet-weld size to gusset-plate thickness does not.

5.25.3 Fasteners in Tension

As an alternative to lap joints, with fasteners or welds in shear, hangers also may be sup-
ported by fasteners in tension. Permissible tension in such fasteners equals the product of
the reduced cross-sectional area at threads and allowable tensile stress. The stress is based

GUSSET
PLATE

l 60k l 60k

FIGURE 5.24 Hanger supported by
gusset-plate connection with welds.
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on bolts with hexagonal or square heads and nuts. Flattened-or countersunk-head fasteners,
therefore, should not be used in joints where they will be stressed in tension.

Bolts designed for tension loads usually have a deliberately applied pretension. The ten-
sion is maintained by compression in the connected parts. A tensile force applied to a fastener
relieves the compression in the connected parts without increasing the tension in the fastener.
Unless the tensile force is large enough to permit the connected parts to separate, the tension
in the fastener will not exceed the pretension.

Generally, the total force on a fastener in tension equals the average force on all the
fasteners in the joint plus force due to eccentricity, if present. Sometimes, however, the
configuration of the joint produces a prying effect on the fasteners that may be serious and
should be investigated.

Figure 5.25a shows a connection between the flange of a supporting member and the
flange of a T shape (tee, half wide-flange beam, or pair of angles with plate between), with
bolts in tension. The load P is concentrically applied. If the prying force is ignored, the
average force on any fastener is P/n, where n is the total number of fasteners in the joint.
But, as indicated in Fig. 5.25b, distortion of the T flange induces an additional prying force
0 in the fastener. This force is negligible when the connected flanges are thick relative to
the fastener gages or when the flanges are thin enough to be flexible.

Note that in Fig. 5.25b though only the T is shown distorted either flange may distort
enough to induce prying forces in the fasteners. Hence theoretical determination of Q is
extremely complex. Research has shown, however, that the following approach from the
AISC “Manual of Steel Construction—ASD”’ gives reliable results: Let o = ratio of moment
M, at bolt line to moment M, at stem line where 6 = ratio of net area (along the line of
bolts) to gross area (at face of stem or angle leg), and &’ = value of « for which the required
thickness is a minimum or allowable tension per bolt is a maximum.

L1 t\’ -
“ TS0+ p) [(,) 1} 62

The allowable tensile load (kips) per fastener, including the effect of prying action, is given
by

T, = B(f) (1 + sa) (5.3)

c

—P+Q —P+Q
n n

FIGURE 5.25 Two connections with bolts (a) develop prying action (b), imposing forces Q on
the bolts.
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where 7, = SBb'

pF,

allowilble bolt tension, including the effect of shear, if any, kips

thickness of thinnest connected flange or angle leg, in

length of flange or angle leg tributary to a bolt, in

flange or angle yield stress, ksi

a+d/2

= distance from center of fastener to edge of flange or angle leg, in (not to exceed
1.25b)

b'=b—dR2

distance from center of fastener to face of tee stem or angle leg, in

b'la’

1 —dlp

= bolt diameter, in

d’' = bolt-hole diameter, in

Q Q\:””c -~ ™

_Lywyod ™

If ' > 1, @' = 1 should be used to calculate T,. If o’ < 0, T, = B. This approach is also
used in the AISC LRFD Manual as will be seen in later examples.

Example—AISC ASD A tee stub hanger is to transfer a 60-kip load to the flange of a
wide-flange beam through four 1-in-diameter A325 bolts in tension (Fig. 5.26). The tee stub
is half of a W18 X 60 made of A572 grade 50 steel, with F,, = 50 ksi, b = 1.792 in, a =
1.777 in < (1.25 X 1.792 = 2.24 in). Other needed dimensions are given in Fig. 5.26. Check
the adequacy of this connection.

B = 44 x 0.7854 = 34.6 kips
t = 0.695 in

4.5 in

a =1775+05=2277in
b'=1.792 — 0.5 = 1292 in
1.0625 in

1.292/2.277 = 0.567

hS]
I

=
[

p
Substitution in Eq. (5.2) yields

g L

et W36 x 160
< _—1+0.8125"4 L f |
: N A
21l g
i - W
- a = = 2— 2 | 2— 24—
B 175 & : 4 e
b=1.775"— [~ @ p=45"| p=4.5"
HALF W18 x 60~ =377
0.415"+u}« /l/
60k ‘

FIGURE 5.26 Example of hanger with bolts in tension.
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I8 X 34.6 X 1.292 .
t. = W = 1.261 in

With 6 = 1 — 1.0625/4.5 = 0.7639 and ., = 1.261,

, 1 1261’
“ 707639 x 1568 [<0.695> - 1] = 1.915

Since o’ > 1, use a’ = 1 to compute the allowable tensile load per fastener, including prying
action:

0.695\° .
T, = 34.6 <m> 1.7639 = 18.5 kips

Since the load per bolt T = 60/4 = 15 kips is less than the allowable load per bolt of 18.5
kips, the connection is satisfactory

This method checks both the bolts and the tee flange or angle leg. No further checks are
required. The prying force Q is not explicitly calculated but instead is built into the formulas.
The prying force can be calculated as follows:

o= '15 [g <%> - 1] (5.4)

where T is the load per bolt (kips). And
¢ 2
Q = Bapb <I_> 5.5)

Substitution of the connection dimensions and 7 = % = 15 kips gives

1 15 (1.261)
* 7 0.7639 [% <0.695> N 1} = 0559

0.695\° .
Q = 34.6 X 0.559 X 0.567 X 0.7639 { {57 | = 2.55 kips

and the total load per bolt is 15 + 2.55 = 17.55 kips. Note that the previous conclusion that
the connection is satisfactory is confirmed by this calculation; that is,

T, = 18.5 kips > T + Q = 17.55 kips

Example—AASHTO ASD. AASHTO requires that Q be estimated by the empirical for-

mula
3b P
Q= [@ — %] T (5.6)

where all quantities are as defined above, except that b is measured from the center of the
bolt to the toe of the fillet of the flange or angle leg; there is no restriction on a, and,
considering the data in the preceding example, B = 39.5 X0.7854 = 31.0 kips. Hence
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3% 11875 0.695° .
Q= [8 x 1.777 20 ] 15 = 3.51 kips

Since T + Q = 15 + 3.51 = 18.5 kips < 31.0 kips, the bolts are OK. The tee flange,
however, should be checked independently. This can be done as follows.

Assume that the prying force Q = 3.51 acts at a distance a from the bolt line. The
moment at the bolt line then is

M, = 3.51 X 1.777 = 6.24 kip-in
and that at the toe of the fillet, with 7 + Q = 18.5 kips, is
M, = 3.51 X (1.777 + 1.1875) — 18.5 X 1.1875 = —11.6 kip-in

The maximum moment in the flange is thus 11.6 kip-in, and the bending stress in the flange
is

11.6 X 6

= m = 32.0 < 0.75 X 50 = 37.5 ksi—OK

£

5.25.4 Welded Butt Joints

A hanger also may be connected with a simple welded butt joint (Fig. 5.27). The allowable
stress for the complete-penetration groove weld is the same as for the base metal used.

Examples—AISC ASD. A bar hanger carries a 60-kip load and is supported through a
complete-penetration groove weld at the edge of a tee stub.

For A36 steel with allowable tensile stress of 22 ksi, the bar should have an area of
605 = 2.73 in>. A bar 5%2 X Y with an area of 2.75 in? could be used. The weld strength
is equal to that of the base metal. Hence no allowance need be made for its presence.

Example—AASHTO ASD. Suppose, however, that the hanger is to be used in a highway
bridge and the load will range from 30 kips in compression (minus) to 60 kips in tension
(plus). The design then will be governed by the allowable stresses in fatigue. These depend
on the stress range and the number of cycles of load the structure will be subjected to.
Design is to be based on 100,000 cycles. Assuming a redundant load path and the detail of
Fig. 5.27, load category C applies with an allowable stress range SR = 35.5 ksi, according

WELD —
V/ GROOVE WELD |
X =
2.
2
Z
Al

N\
60"
FIGURE 5.28 Recommended taper for unequal-
FIGURE 5.27 Groove weld for hanger connection. ~ width plates at groove-welded splice.
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to AASHTO. For A36 steel, the maximum tensile stress is 20 ksi. At 60-kip tension, the
area required is %0 = 3 in% A bar 5 X % could be tried. It has an area of 3.125 in® Then
the maximum tensile stress is 60/3.125 = 19.2 ksi, and the maximum compressive stress is
30/3.125 = 9.6 ksi. Thus the stress range is 19.2 — (—9.6) = 28.8 ksi < 35.5 ksi—OK.
The 5 X ¥ bar is satisfactory.

As another example, consider the preceding case subjected to 2 million cycles. The al-
lowable stress range is now 13 ksi. The required area is [60 — (—30)]/13 = 6.92 in?. Try
a bar 5 X 1% with area 7.5 in?. The maximum tensile stress is 60/7.5 = 8.0 ksi (<20 ksi),
and the maximum compressive stress is 30/7.5 = 4.0 ksi. Thus the actual stress range is
8.0 — (—4.0) = 12.0 ksi < 13.0 ksi—OK. The 5 X 1% bar is satisfactory.

5.26 TENSION SPLICES

Design rules for tension splices are substantially the same as those for hanger connections.
In buildings, splices should develop the strength required by the stresses at point of splice.
For groove welds, however, the full strength of the smaller spliced member should be de-
veloped.

In highway bridges, splices should be designed for the larger of the following: 75% of
the strength of the member or the average of the calculated stress at point of splice and the
strength of the member there. Where a section changes size at a splice, the strength of the
smaller section may be used in sizing the splice. In tension splices, the strength of the
member should be calculated for the net section.

In railroad bridges, tension splices in main members should have the same strength as
the members. Splices in secondary and bracing members should develop the average of the
strength of the members and the calculated stresses at the splices.

When fillers are used, the requirements discussed in Art. 5.13 should be satisfied.

In groove-welded tension splices between parts of different widths or thicknesses, a
smooth transition should be provided between offset surfaces or edges. The slope with respect
to the surface or edge of either part should not exceed 1:2.5 (equivalent to about 5:12 or
22°). Thickness transition may be accomplished with sloping weld faces, or by chamfering
the thicker part, or by a combination of the two methods.

Splices may be made with complete-penetration groove welds, preferably without splice
plates. The basic allowable unit stress for such welds is the same as for the base metal
joined. For fatigue, however, the allowable stress range F,, for base metal adjacent to con-
tinuous flange-web fillet welds may be used for groove-welded splices only if

1. The parts joined are of equal thickness.

2. The parts joined are of equal widths or, if of unequal widths, the parts are tapered as
indicated in Fig. 5.28, or, except for A514 and A517 steels, tapered with a uniform slope
not exceeding 1:2.5.

3. Weld soundness is established by radiographic or ultrasonic testing.

4. The weld is finished smooth and flush with the base metal on all surfaces by grinding in
the direction of applied stress, leaving surfaces free from depressions. Chipping may be
used if it is followed by such grinding. The grinding should not reduce the thickness of
the base metal by more than 52 in or 5% of the thickness, whichever is smaller.

Groove-welded splices that do not conform to all these conditions must be designed for
reduced stress range assigned to base metal adjacent to groove welds.

For bolted flexural members, splices in flange parts between field splices should be
avoided. In any one flange, not more than one part should be spliced at the same cross
section.
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Fatigue need not be considered when calculating bolt stresses but must be taken into
account in design of splice plates.

Example—AASHTO ASD. A plate girder in a highway bridge is to be spliced at a location
where a 12-in-wide flange is changed to a 16-in-wide flange (Fig. 5.29). Maximum bending
moments at the splice are +700 kip-ft (tension) and —200 kip-ft (compression). Steel is
A36. The girder is redundant and is subjected to not more than 2 million cycles of stress.
The connection is slip-critical; bolts are A325SC, 7 in in diameter, in standard holes. The
web has nine holes for 74-in bolts. The tension-flange splice in Fig. 5.29 is to be checked.

According to AASHTO specifications for highway bridges, members loaded primarily in
bending should be designed for stresses computed for the gross section. If, however, the
areas of flange holes exceed 15% of the flange area, the excess should be deducted from the
gross area. With two bolt holes, net width of the flange is 12 — 2 = 10 in. With four holes,
the net width along a zigzag section through the holes is 12 — 4 + 2 X 32/(4 X 3) = 9.5
in, with the addition of s*/4g for two chains, where s = bolt pitch = 3 in and g =
gage = 3 in. The four-hole section, with less width, governs. In this case, the ratio of hole
area to flange area is (12 — 9.5)/12 = 0.21 > 0.15. The area reduction for the flange is
12(0.21 — 0.15)0.875 = 0.63 in?, and reduced flange area is 12 X 0.875 — 0.63 = 9.87 in®.
With moment of inertia /,,, of the web equal to 0.3125(48)*/12 = 2880 in*, the effective
gross moment inertia of the girder is

2
I, =9.87 <@> =2 + 2880 = 14,670 in*

AASHTO requires that the design tensile stress on the net section not exceed 0.5F, =
29 ksi. The net moment of inertia with flange area = 9.5 X 0.875 = 8.3125 in? and nine
web holes is
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FIGURE 5.29 Tension-flange splice for highway-bridge plate girder.
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48.875
2

= 2880 + 9928 — 469 = 12,339 in*

2
I = 2880 + 2 X 8.3125 < ) — 2 X 1x 0312552 + 10? + 15% + 20%)

The net moment of inertia of the web is
I,, = 2880 — 469 = 2411 in*
Bending stresses in the girder are computed as follows:

700 X 12 X 24.87
Gross section:  f, = 00 14.670 875 _ 14.2 ksi < 20 ksi—OK

Net section: f, = 142 X 9.87/8.3125 = 16.9 ksi < 29 ksi—OK

Stress range: £, = [700 — —200)]12 X 24.875
5 v 14,670

= 18.3 ksi = 18 ksi—OK

1. The average of the calculated design stress at the point of splice and the allowable stress
of the member at the same point

2. 75% of the allowable stress in the member

From criterion 1, the design stress F,, = (14.2 + 20)/2 = 17.1 ksi, and from criterion 2,
the design stress F,, = 0.75 X 20 = 15 ksi. Therefore, design for F;, = 17.1 ksi on the
gross section.

The required splice-plate sizes are determined as follows:

X .
Design moment = 700 X 17.1-_ 843 kip-ft
14.2
. 14,670 — 2880\ .
Moment in flange = 843 ( 12,670 ) = 678 kip-ft
678 X 12 .
Flange force = T 166 kips

166
Area required = 0 8.3 in

This area should be split approximately equally to inside and outside plates. Try an outside
plate 2 X 12 with area of 6 in? and two inside plates 2> X 5% each with area of 5.5 in?.
Total plate area is 11.5 in* > 8.3 in>—OK. Net width of the outside plate with two holes
deducted is 12 — 2 = 10 in and of the inside plates with two holes deducted is 11 — 2 =
9 in. The net width of the outside plate along a zigzag section through four holes is 12 —
4 + 2 X 32/(4 X 3) = 9.5 in. The net width of the inside plate with four holes is 11 —
4 + 2 X 3%2/(4 X 3) = 8.5 in. The zigzag section with four holes controls. The net area is
0.5(9.5 + 8.5) = 9.0 in% Hence the stress in the plates is 166/9.0 = 18.4 ksi < 29 ksi—
OK.

Since the gross area of the splice plates exceeds that of the flange, there is no need to
check fatigue of the plates.

Capacity of the bolts in this slip-critical connection, with class A surfaces and 12 A325
"s-in-diameter bolts in standard holes, is computed as follows: Allowable shear stress is
F, = 15.5 ksi. The capacity of one bolt thus is r, = 15.5 X 3.14(0.875)*/4 = 9.32 kips.
Shear capacity of 12 bolts in double shear is 2 X 12 X 9.32 = 224 kips > 166 kips—OK.
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The bearing capacity of the bolts, with an allowable stress of 1.1F, = 1.1 X 65 = 71.5 ksi,
is 71.5 X 0.875 X 0.875 X 12 = 657 kips > 166 kips—OK.

5.27 COMPRESSION SPLICES

The requirements for strength of splice given in Art. 5.26 for tension splices apply also to
compression splices.

Compression members may be spliced with complete-penetration groove welds. As for
tension splices, with such welds, it is desirable that splice plates not be used.

Groove-welded compression splices may be designed for the basic allowable stresses for
base metal. Fatigue does not control if the splice will always be in compression.

Groove-welded compression splices should be made with a smooth transition when the
offset between surfaces at either side of the joint is greater than the thickness of the thinner
part connected. The slope relative to the surface or edge of either part should not exceed
1 2 (5:12, or 22°). For smaller offsets, the face of the weld should be sloped 1:2% from
the surface of the thinner part or sloped to the surface of the thicker part if this requires a
lesser slope.

At bolted splices, compression members may transmit the load through the splice plates
or through bearing.

Example—AASHTO ASD. Investigate the bolted flange splice in the highway-bridge
girder of the example in Art. 5.26 for use with the compression flange.

The computations for the bolts are the same for the compression splice as for the tension
splice. Use 12 bolts, for sealing, in a staggered pattern (Fig. 5.29).

The splice-plate net area for the tension flange is OK for the compression flange because
it is subject to the smaller moment 200 kip-ft rather than 700 kip-ft. The gross area, however,
must carry the force due to the 700-kip-ft moment that causes compression in the compres-
sion splice. By calculations in Art. 5.26, the splice plates are OK for the maximum com-
pressive stress of 20 ksi and for stress range. Therefore, the splice plates for the compression
splice can be the same as those required for tension.

To avoid buckling of the splice plates, the ends of compression members in bolted splices
should be in close contact, whether or not the load is transmitted in bearing, unless the splice
plates are checked for buckling. For the compression splice, the unsupported length of plate
L is 3.75 in, and the effective length is 0.65L = 2.44 in. The slenderness ratio of the plate
then is 2.44\V12/0.5 = 16.90. Hence the allowable compression stress is

F, = 16,980 — 0.53(16.90)> = 16,829 psi = 16.8 ksi

The compressive stress in the inside splice plates due to the loads is 166/11.5 = 14.4
ksi < 16.8 ksi—OK.

Columns in Buildings. Ends of compression members may be milled to ensure full bearing
at a splice. When such splices are fabricated and erected under close inspection, the designer
may assume that stress transfer is achieved entirely through bearing. In this case, splice
material and fasteners serve principally to hold the connected parts in place. But they also
must withstand substantial stresses during erection and before floor framing is placed. Con-
sequently, standard specifications generally require that splice material and fasteners not only
be arranged to hold all parts in place but also be proportioned for 50% of the computed
stress. The AISC specification, however, exempts building columns from this requirement.
But it also requires that all joints with stress transfer through bearing be proportioned to
resist any tension that would be developed by specified lateral forces acting in conjunction
with 75% of the calculated dead-load stress and no live load.
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When fillers are used, the requirements discussed in Art. 5.13 should be satisfied.

In multistory buildings, changes in column sizes divide the framing vertically into tiers.
Joints usually are field bolted or welded as successive lengths are erected. For convenience
in connecting beam and girder framing, column splices generally are located 2 to 3 ft above
floor level. Also, for convenience in handling and erection, columns usually are erected in
two- or three-story lengths.

To simplify splicing details while securing full bearing at a change in column size, wide-
flange shapes of adjoining tiers should be selected with the distance between the inner faces
of the flanges constant, for example, note that the 7 distances given in the AISC “Steel
Construction Manuals” for W14 X 43 and heavier W14 sections are all 11 or 11% in. If
such sections are not used, or if upper and lower members are not centered, full bearing will
not be obtained. In such cases, stress transfer may be obtained with filler plates attached to
the flanges of the smaller member and finished to bear on the larger member. Enough fas-
teners must be used to develop in single shear the load transmitted in bearing. Instead of
fillers, however, a butt plate may be interposed in the joint to provide bearing for the upper
and lower sections (Fig. 5.30). The plate may be attached to either shaft with tack welds or
clip angles. Usually, it is connected to the upper member, because a plate atop the lower
one may interfere with beam and girder erection. The butt plate should be thick enough to
resist the bending and shear stresses imposed by the eccentric loading. Generally, a 1%-in-
thick plate can be used when a W8 section is centrally seated over a W10 and a 2-in-thick
plate between other sections. Plates of these thicknesses need not be planed as long as they
provide satisfactory bearing. Types and sizes of welds are determined by the loads.

For direct load only, on column sections that can be spliced without plates, partial-
penetration bevel or J welds may be used. Figure 5.31 illustrates a typical splice with a
partial-penetration single-bevel groove weld (AWS prequalified, manual, shielded metal-arc
welded joint BTC-P4). Weld sizes used depend on thickness of the column flange. AISC
recommends the partial-penetration groove welds in Table 5.17.

A similar detail may be used for splices subjected to bending moments. A full moment
splice can be made with complete-penetration groove welds (Fig. 5.32). When the bevel is
formed, a shoulder of at least % in should remain for landing and plumbing the column.

When flange plates are not used, column alignment and stability may be achieved with
temporary field-bolted lugs. These usually are removed after the splice is welded, to meet
architectural requirements.

To facilitate column erection, holes often are needed to receive the pin of a lifting hitch.
When splice plates are used, the holes can be provided in those plates (Fig. 5.34). When
columns are spliced by groove welding, without splice plates, however, a hole must be
provided in the column web, or auxiliary plates, usually temporary, must be attached for
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FIGURE 5.30 Column splice with butt plate.
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FIGURE 5.31 Column splice with partial-penetration groove
welds.

lifting. The lifting-lug detail in Fig. 5.33 takes advantage of the constant distance between
inside faces of flanges of W14 sections, and allows for welding the flanges and web of the
splice, as shown in Fig. 5.32.

Bolted column splices generally are made with flange plates. Fillers are inserted (Fig.
5.34) when the differences in column sizes are greater than can be absorbed by erection
clearance.

To provide erection clearance when columns of the same nominal depth are spliced, a
Yie-in filler often is inserted under each splice plate on the lower column. Or with the splice
plates shop fastened to the lower column, the fastener holes may be left open on the top
line below the milled joint until the upper member is connected. This detail permits the
erector to spring the splice plates apart enough for placement of the upper shaft.

For the detail in Fig. 5.34, the usual maximum gage for the flanges should be used for
G, and G, (4, 5%, or 11% in). The widths of fillers and splice plates are then determined
by minimum edge distances (14 in for %-in fasteners, 1'% in for 74-in fasteners, and
1%4-in for 1-in fasteners).

Fill plates not in bearing, as shown in Fig. 5.34, may be connected for shipping, with
two fasteners or with welds, to the upper column. Fillers milled to carry load in bearing or
thick fills that will carry load should be attached with sufficient fasteners or welds to transmit
that load (Art. 5.13).

TABLE 5.17 Recommended Sizes of Partial-
Penetration Groove Welds for Column Splices

Thickness of thinner Effective weld
flange, in size, in
Over Y to % inclusive* Va
Over % to 1'% inclusive Y6
Over 1% to 2% inclusive B2
Over 2% to 6 inclusive 3
Over 6 B4

*Up to Y2 in, use splice plates.
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FIGURE 5.32 Column splice with complete-penetration groove
welds to resist bending moments.
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When fasteners are used for a column splice, it is good practice to space the holes so
that the shafts are pulled into bearing during erection. If this is not done, it is possible for
fasteners in the upper shaft to carry the entire load until the fasteners deform and the joint
slips into bearing.

Usually, for direct load only, thicknesses used for splice plates are as follows:

Column weight Splice-plate
Ib/ft thickness, in

Up to 132 s

Up to 233 Ya

Over 233 Ya

Four fasteners are used in each half of a ¥%-in splice plate and six fasteners in each half of
a Y-in or heavier splice plate.

If, however, the joint carries tension or bending moments, the plate size and number of
fasteners must be designed to carry the load. An equivalent amount of weld may be used
instead of fasteners.
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FIGURE 5.34 Column splice with flange plates. A hole in each plate is
used for erection of the lower column.

A combination of shop-welded and field-welded connection material is usually required
for moment connections. Splice plates are shop welded to the top of the lower shaft and
field welded to the bottom of the upper shaft. For field alignment, a web splice plate can be
shop bolted or welded to one shaft and field bolted to the other. A single plate nearly full
width of the web with two to four fasteners, depending on column size, allows the erector
to align the shafts before the flange plates are welded.

5.28 COLUMN BASE PLATES

AISC ASD Approach. The lowest columns of a structure usually are supported on a con-
crete foundation. To prevent crushing of the concrete, base plates are inserted between the
steel and concrete to distribute the load. For very heavy loads, a grillage, often encased in
concrete, may be required. It consists of one or more layers of steel beams with pipe sep-
arators between them and tie rods through the pipe to prevent separation.

The area (in®) of base plate required may be computed from

P
A=— .
F, (5.7
where P = load, kips
F, = allowable bearing pressure on support, ksi

The allowable pressure depends on strength of concrete in the foundation and relative sizes
of base plate and concrete support area. If the base plate occupies the full area of the support,
F,= 0.35f, where f/ is the 28-day compressive strength of the concrete. If the base plate
covers less than the full area, F, = 0.35f. VA,/A, = 0.70f,, where A, is the base-plate area
(B X N), and A, is the full area of the concrete support.
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Eccentricity of loading or presence of bending moment at the column base increases the
pressure on some parts of the base plate and decreases it on other parts. To compute these
effects, the base plate may be assumed completely rigid so that the pressure variation on the
concrete is linear.

Plate thickness may be determined by treating projections m and n of the base plate
beyond the column as cantilevers. The cantilever dimensions m and n are usually defined as
shown in Fig. 5.35. (If the base plate is small, the area of the base plate inside the column
profile should be treated as a beam.) Yield-line analysis shows that an equivalent cantilever
dimension n’ can be defined as n’ = %\/dTJf, and the required base plate thickness #, can
where [ = max (m, n, n’), in

be calculated from
_ o [T
t, =2l \/;
f» = PI(BN) = F,, ksi

F, = yeild strength of base plate, ksi
P = column axial load, kips

For columns subjected only to direct load, the welds of column to base plate, as shown
in Fig. 5.35, are required principally for withstanding erection stresses. For columns sub-
jected to uplift, the welds must be proportioned to resist the forces.

Base plates are tied to the concrete foundation with hooked anchor bolts embedded in
the concrete. When there is no uplift, anchor bolts commonly used are ¥ in in diameter,
about 1 ft 6 in long plus a 3-in hook.

Instead of welds, anchor bolts may be used to tie the column and base plate to the concrete
foundation. With anchor bolts up to about 1% in in diameter, heavy clip angles may be
fastened to the columns to transfer overturning or uplift forces from the column to the anchor
bolts. For large uplift forces, stiffeners may be required with the anchor bolts (Fig. 5.36).
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FIGURE 5.35 Column welded to a base plate.
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FIGURE 5.36 Column base with stiffeners for anchor bolts.

The load is transferred from column to bolts through the stiffener-plate welds. The cap plate
should be designed for bending.

Example—Base Plate with Concentric Column Load, AISC ASD. A W10 X 54 column
of A36 steel carries a concentric load of 120 kips. The foundation concrete has a 28-day
specified strength f = 3000 psi. Design a base plate of A36 steel to occupy the full concrete
area.

Since A,/A, = 1, the allowable bearing stress on the concrete is F, = 0.35 X 3000 =
1050 psi = 1.05 ksi. The required base-plate area is 120/1.05 = 114 in% Since the column
size is d X b, = 10.125 X 10, try a base plate 12 X 12; areca = 144 in?. Then, from Fig.
535, m = (12 — 0.95 X 10.125)/2 = 1.19 in, n = (12 — 0.80 X 10)/2 = 2.00 in, and
n' = V10.125 X 10/4 = 2.52 in. Hence, f, = 120/144 = 0.83 ksi < 1.05 ksi—OK. The
plate thickness required, from Eq. (5.8), with F, = 36 ksi, is

t, =2 X 2.52Vv0.83/36 = 0.77 in
Use a 74-in-thick plate.

Example—Base Plate for Column with Bending Moment, AISC ASD. A W10 X 54
column of A36 steel carries a concentric load of 120 kips and a bending moment of 29 ft-
kips (Fig. 5.37). For the foundation concrete, f, = 3000 psi. Design a base plate of A36
steel to occupy the full concrete support area.

As a first trial, select a plate 18 in square. Area provided is 324 in?. The allowable bearing
pressure is 0.35f. = 1050 psi.

The bearing pressure due to the concentric load is 120/324 = 0.370 ksi. The maximum
pressures due to the moment are

M 29 x 12 .
“BNI6 T TI8 x 186 | o8k

Hence the maximum total pressure is 0.370 + 0.358 = 0.728 ksi < 1.050. The minimum
pressure is 0.370 — 0.358 = 0.012 ksi. Thus the plate area is satisfactory.
The projection of the plate beyond the ends of the flanges is

n = (18 —0.80 X 10)/2 = 5in
By Eq. (5.8), the thickness required for this cantilever is
t, =2 % 5V0.370/36 = 1.01 in
The projection of the plate in the perpendicular direction (Fig. 5.37) is
m = (18 — 0.95 X 10.125)/2 = 4.19 in
Over the distance m, the decrease in bearing pressure is 4.19 (0.728 — 0.012)/18 = 0.142
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FIGURE 5.37 Example of column base-plate design.
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ksi. Therefore, the pressure under the flange is 0.728 — 0.142 = 0.561 ksi. The projection
acts as a cantilever with a trapezoidal load varying from 0.728 to 0.561 ksi. The bending
moment in this cantilever at the flange is

(4.19)%0.561 N (4.19)%0.728

M =18
6 3

= 106 in-kips

The thickness required to resist this moment is

6 X 106 .
=g x o7~ L4in
Use a 1V4-in-thick plate.

The overturning moment of 29 ft-kips induces forces 7 and C in the anchor bolts equal
to 29/1.167 = 24.9 kips. If two bolts are used, the force per bolt is 24.9/2 = 12.5 kips.
Then, with an allowable stress of 20 ksi, each bolt should have a nominal area of

12.5/20 = 0.625 in®

Use two 1-in-diameter bolts, each with a nominal area of 0.785 in.
The circumference of a 1-in bolt is 3.14 in. With an allowable bond stress of 160 psi,
length of the bolts should be

12,500

= =95

160 x 3.4 20
Also, because of the overturning moment, the weld of the base plate to each flange should
be capable of resisting a force of 29 X %10 = 34.8 kips. Assume a minimum E70XX weld
of ¥16-in capacity equal to 0.707 X 21 X %16 = 4.63 kips per in. The length of weld required
then is
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34.8 .
L= m =751n

A weld along the flange width would be more than adequate.

Pressure under Part of Base Plate. The equivalent eccentricity of the moment acting at
the base of a column equals the moment divided by the concentric load: e = M/P. When
the eccentricity exceeds one-sixth the length of base plate (P lies outside the middle third
of the plate), part of the plate no longer exerts pressure against the concrete. The pressure
diagram thus extends only part of the length of the base plate. If the pressure variation is
assumed linear, the pressure diagram is triangular. For moderate eccentricities (one anchor
bolt required on each side of the column), the design procedure is similar to that for full
pressure over the base plate. For large eccentricities (several anchor bolts required on each
side of the column), design may be treated like that of a reinforced-concrete member sub-
jected to bending and axial load.

Example—AISC ASD. A W10 X 54 column of A36 steel carries a concentric load of 120
kips and a bending moment of 45 ft-kips (Fig. 5.38). For the foundation concrete, f.= 3000
psi. Design a base plate of A36 steel to occupy the full concrete support area.

As a first trial, select a plate 20 in square. The eccentricity of the load then is 45 X
2420 = 4.50 in > (*%= 3.33 in). Therefore, there will be pressure over only part of the
plate. Assume this length to be d.

For equilibrium, the area of the triangular pressure diagram must equal the 120-kip ver-
tical load:

120 = 'aBdf, = 10df, (5.9

where B = width of plate = 20 in and f, = maximum bearing pressure (ksi). The allowable
bearing pressure is 0.35f. = 0.35 X 3000 = 1050 psi = 1.050 ksi.

For equilibrium also, the sum of the moments about the edge of the base plate at the
point of maximum pressure must be zero:

120 X 10 — 45 X 12 — Y%Bd*f, = 0

Substitution of B = 20 and rearrangement of terms yields
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FIGURE 5.38 Loading produces pressure over
part of a column base.
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660 = 3.33d%f, (5.10)

Dividing Eq. (5.9) by (5.10) eliminates f, and solution of the result gives d = 16.5 in. For
this value of d, Eq. (5.9) gives f, = 0.727 ksi < 1.050. The size of the base plate is
satisfactory.

The projection of the plate beyond the flange is (20 — 0.95 X 10.125)12 = 5.19 in. The
pressure under the flange is 0.727(16.5 — 5.19)/16.5 = 0.498 ksi. The projection acts as a
cantilever with a trapezoidal load varying from 0.727 to 0.498 ksi. The bending moment in
this cantilever at the flange is

(5.19)%0.498 + (5.19°0.727
6 3

M =20 [ } = 175.3 in-kips

The thickness required to resist this moment is

/6 X 175.3 .
t= X2 1.40 in
Use a 1'2-in-thick plate.

The overturning moment induces forces T and C in the anchor bolts equal to 45/1.33 =
33.7 kips. If two bolts are used, the force per bolt is 33.7/2 = 16.85 kips. Then, with an
allowable stress of 20 ksi, each bolt should have a nominal area of 16.85/20 = 0.843 in?.
Use two 1%-in-diameter bolts, each with a nominal area of 0.994 in2.

The circumference of a 1%-in bolt is 3.53 in. With an allowable bond stress of 160 psi,
length of the bolts should be

16,850

160 x 353 0 in
Assume a minimum weld of Y16 in for connecting the base plate to each flange. The weld
has a capacity of 4.63 kips per in. Welds 10 in long on each flange provide a resisting
moment of 4.63 X 10 X 10 = 463 in-kips. Since the moment to be resisted is 45 X 12 =
540 in-kips, welds along the inside faces of the flanges must resist the 77-in-kip difference.
With a smaller moment arm than the outer welds because of the ¥-in flange thickness, the
length of weld per flange required is

77

L= 16300 =-2x 00625 _ 10

The outer-face welds should be returned at least 1 in along the inside faces of the flanges
on opposite sides of the web.

Setting of Base Plates. The welds of flanges to base plate in the preceding examples
usually are made in the shop for small plates. Large base plates often are shipped separately,
to be set before the columns are erected. When a column is set in place, the base must be
leveled and then grouted. For this purpose, the footing must be finished to the proper ele-
vation. The required smooth bearing area may be obtained with a steel leveling plate about
Y4 in thick. It is easy to handle, set to the proper elevation, and level. Oversized holes
punched in this plate serve as templates for setting anchor bolts. Alternatively, columns may
be set with wedges or shims instead of a leveling plate.

Large base plates may be set to elevation and leveled with shims or with leveling screws
(Fig. 5.39). In those cases, the top of concrete should be set about 2 in below the base plate
to permit adjustments to be made and grout to be placed under the plate, to ensure full
bearing. One or more large holes may be provided in the plate for grouting.
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FIGURE 5.39 Large base plate installed with leveling screws.

Planing of Base Plates. Base plates, except thin rolled-steel bearing plates and surfaces
embedded in grout, should be planed on all bearing surfaces. Also, all bearing surfaces of
rolled-steel bearing plates over 4 in thick should be planed. Rolled-steel bearing plates over
2 in but not more than 4 in thick may be planed or straightened by pressing. Rolled-steel
bearing plates 2 in or less in thickness, when used for column bases, and the bottom surfaces
of grouted plates need not be planed. Design thickness of a plate is that after milling. So
finishing must be taken into account in ordering the plate.

5.29 BEAM BEARING PLATES

AISC ASD Approach. Beams may be supported directly on concrete or masonry if the
bearing pressure is within the allowable. The flanges, however, will act as cantilevers, loaded
by the bearing pressure f, (ksi). The maximum bending stress (ksi) may be computed from

_ 3f,(B/2 — k)

> (5.11)

b

where B = flange width, in
k = distance from bottom of beam to web toe of fillet, in
t = flange thickness, in

The allowable bending stress in this case is 0.75F,, where F), is the steel yield stress (ksi).

In the absence of building code regulations, the allowable bearing stress F), (psi) may be
taken as 400 for sandstone and limestone, 250 for brick, 0.35f. for concrete when the full
area of the support is covered by the bearing steel, and 0.35f. VA,/A, = 0.70f! if the base
plate covers less than the full area, where f. is the 28-day compressive strength of the
concrete.

When the bearing pressure under a beam flange exceeds the allowable, a bearing plate
should be inserted under the flange to distribute the beam load over the concrete or masonry.
The beam load may be assumed to be uniformly distributed to the bearing plate over an area
of 2kN, where k is the distance (in) from bottom of beam to web toe of fillet and N is the
length of plate (Fig. 5.40).
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FIGURE 5.40 Beam seated on bearing plate on
concrete or masonry support.

Example—AISC ASD. A W12 X 26 beam of A36 steel with an end reaction of 19 kips
rests on a brick wall (Fig. 5.40). Length of bearing is limited to 6 in. Design a bearing plate
of A36 steel.

With allowable bearing pressure of 0.250 ksi, plate area required is 19/0.250 = 76 in?.
Since the plate length is limited to 6 in, the plate width should be at least 7% = 12.7 in.
Use a 6 X 13 in plate, area 78 in>. The actual bearing pressure then will be f, = %75 =
0.243 ksi.

For a W12 X 26 the distance k = 0.875 in (see beam dimensions in AISC manual). The
plate projection acting as a cantilever then is [ = B/2 — k = 34 — 0.875 = 5.62 in. As for
a column base (Art. 5.28), the required thickness can be computed for a bearing pressure of
0.243 ksi from Eq. (5.8):

t, =2 X 5.62V0243/36 = 0.923 in

Use a l-in-thick bearing plate.

The beam web must be checked for web yielding over the bearing plate, over a length
of N + 2.5k = 8.188 in. The allowable bearing stress is 0.66F, = 23.6 ksi for A36 steel.
For a web thickness of 0.230 in, the web stress due to the 19-kip reaction of the beam is

19

= 5188 x 0.230

= 10.1 ksi < 23.6—0K

In addition to web yielding, web crippling must be checked. The allowable web crippling

load is given by
1.5 Ft
R, - 34rw2[1 +3 <5> <tﬂ> } Y (5.12)
d) \1 L

Substitution of plate and beam dimensions, including beam depth d = 12.22 in and flange
thickness ¢, of 0.380 in yields

6 0.230\"*] /36 x 0.380
= X 0. 2 —+ — | | — ——— =235k
R., = 34 X 0.230 [1 3 (12.22) (0'380) ] | 5330 23.5 kips

Since 23.5 kips > 19 kips, the beam is OK for avoiding web crippling.
Beams usually are not attached to bearing plates. The plates are shipped separately and
grouted in place before the beams are erected. Wall-bearing beams usually are anchored to
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the masonry or concrete. Government anchors (Fig. 5.41) generally are preferred for this
purpose.

5.30 SHEAR SPLICES

In buildings, splices of members subjected principally to shear should develop the strength
required by the stresses at point of splice. For groove welds, however, the full strength of
the smaller spliced member should be developed.

In highway bridges, shear splices should be designed for the larger of the following: 75%
of the strength of the member or the average of the calculated stress at point of splice and
the strength of the member there. Splices of rolled flexural members, however, may be
designed for the calculated maximum shear multiplied by the ratio of splice design moment
to actual moment at the splice.

In railroad bridges, shear splices in main members should have the same strength as the
members. Splices in secondary members should develop the average of the strength of the
members and the calculated stresses at the splices.

When fillers are used, the requirements discussed in Art. 5.13 should be satisfied.

Shear splices may be made with complete-penetration groove welds, preferably without
splice plates. Design rules for groove welds are practically the same as for compression
splices (Art. 5.27), though values of allowable stresses are different.

Shear splices are most often used for splicing girder webs. In such applications, splice
plates should be symmetrically arranged on opposite sides of the web. For bridges, they
should extend the full depth of the girder between flanges. Bolted splices should have at
least two rows of fasteners on each side of the joint.

Generally, it is desirable to locate flange and web splices at different sections of a girder.
But this is not always practical. Long continuous girders, for example, often require a field
splice, which preferably is placed at a section with low bending stresses, such as the dead-
load inflection points. In such cases it could be troublesome and costly to separate flange
and web splices.

Sometimes, a web splice can be placed where it is required to transmit only shear. Usually,
however, a web splice must be designed for both shear and moment. Even in a web splice
subjected to pure shear, moment is present if splice plates are used, because of the eccen-
tricity of the shear. For example, as indicated in Fig. 5.42, a group of fasteners on one side
of the joint transmits the shear V (kips) from the web to the splice plates. This shear acts
through the center of gravity O of the fastener group. On the other side of the joint, a similar
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FIGURE 5.41 Wall-bearing beam anchored with government
anchor.
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|
SYM. ABOUT ¢ SPLICE

FIGURE 5.42 Bolted splice for a
girder web.

group of fasteners transmits the shear from the splice plates to the web on that side. This
shear acts through the center of gravity of that fastener group. The two transmitted shears,
then, form a couple 2Ve, where e is half the distance between the shears. This moment must
be taken by the fasteners in both groups. In the design of a splice, however, it generally is
simpler to work with only one side of the joint. Hence, when the forces on one fastener
group are computed, the fasteners should be required to carry the shear V plus a moment
Ve. (In a symmetrical splice, e is the distance from O to the splice.)

The classical elastic method assumes that in resisting the moment, each fastener in the
group tends to rotate about O. As a consequence:

The reaction P, of each fastener acts normal to the radius vector from O to the fastener
(Fig. 5.42).

The magnitude of P, is proportional to the distance r from O.
The resisting moment provided by each fastener is proportional to its distance from O.

The applied moment equals the total resisting moment, the sum of the resisting moments
of the fasteners in the group,

These consequences result in the relationship

P,J Mc
= p== 1
=P = (5.13)

M

where M = applied moment, in-kips
P, = load due to M on outermost fastener in group, kips
J = sum of squares of distances of fasteners in group from center of gravity of group,
in? (analogous to polar moment of inertia)
¢ = distance of outermost fastener from center of gravity, in

Hence, when the moment applied to a fastener group is known, the maximum stress in the
fasteners can be computed from Eq. (5.13).

This stress has to be added vectorially to the shear on the fastener (Fig. 5.42). The shear
(kips) is given by
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P =

v

v (5.14)
n

where n is the number of fasteners in group. The resultant stress must be less than the
allowable capacity of the fastener.

Depending on the fastener pattern, the largest resultant stress does not necessarily occur
in the outermost fastener. Vectorial addition of shear and bending stresses may have to be
performed for the most critical fasteners in a group to determine the maximum.

In computing the fastener stresses, designers generally find that the computations are
simpler if the forces and distances are resolved into their horizontal and vertical components.
Advantage can be taken of the fact that

J=1I,+1, (5.15)

where I, = sum of squares of distances measured horizontally from centrr of gravity to
fasteners, in?
I, = sum of squares of distances measured vertically from center of gravity to fas-
teners, in®

I, and I, are analogous to moment of inertia.
Fatigue need not be considered when calculating bolt stresses but should be taken into
account in designing splice plates subjected to bending moments.

Example—AASHTO ASD. The 48 X %6 in A36 steel web of a plate girder in a highway

bridge is to be field spliced with 7s-in-diameter A325 bolts (Fig. 5.43). Maximum shear is

95 kips, and maximum bending moments are 700 and — 200 ft-kips. The moment of inertia

I, of the gross section of the girder is 14,670 in*. Design the web splice for A36 steel.
With an allowable stress of 12 ksi, the shear capacity of the web is

V.= 12 X 48 X %6 = 180 kips

One design criterion, then, is 0.75V, = 0.75 X 180 = 135 kips. A second design criterion
is the average shear:
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FIGURE 5.43 Example of design of a girder-web splice.
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V., = Y2(95 + 180) = 137.5 kips > 135 kips

This governs for the bolts in the web splice.

The gross moment of inertia of the web is 2,880 in*. From this should be subtracted the
moment of inertia of the holes. With the bolts arranged as shown in Fig. 5.43 and area per
hole = 1 X %6 = 0.313 in?,

I, = 2[(5)* + (10)* + (15)* + (20)*]0.313 = 1500 x 0.313 = 470 in*

Hence the net moment of inertia of the web is 2880 — 470 = 2410 in*. Allowable bending
stress for the girder is 20 ksi.

The maximum bending stress for a moment of 700 ft-kips and /, = 14,670 in* is, for the
gross section,

_ 700 X 12 X 24,875

14,670 = 14.2 ksi < 20 ksi—OK

£

and the average stress for design of the splice is F, = (14.2 + 20)12 = 17.1 ksi > 0.75 X
20. Hence the girder design moment is 700 X 17.1/14.2 = 843 ft-kips. The net moment
carried by the web then is 843 X 2880/14,670 = 166 ft-kips, to which must be added the
moment due to the 3.25-in eccentricity of the shear. The total web moment thus is 166 X
12 + 137.5 X 3.25 = 2439 in-kips.

For determination of the maximum stress in the bolts due to this moment, J is needed
for use in Eq. (5.13). It is obtained from Eq. (5.15) and bolt-hole calculations:

I = 4(5* + 10* + 15% + 20%) = 3000
I, = 18(1.5) = 41
J = 3041 in?

By Eq. (5.13) then, the load on the outermost bolt due to moment is

2,439 X 20.06 .
P, = 3041 1609 kips
The vertical component of this load is
1609 X 1.5 .
v = W = 1.20 klpS
And the horizontal component is
1609 x 20 .
n = W = 16.04 klpS

By Eq. (5.14), the load per bolt due to shear is P, = 137.5/18 = 7.63 kips. Consequently,
the total load on the outermost bolt is the resultant

R = V(120 + 7.63)> + (16.04)> = 18.31 kips
The allowable capacity of a 7s-in A325 bolt in double shear is
2 X 0.601 X 15.5 = 18.6 kips > 18.31 kips

The bolts and bolt arrangement are satisfactory.
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For determination of the maximum stress in the splice plates, note that they are 43 in
deep and must carry the moment M, = 2439 in-kips. Try two plates, each Y16 in thick. For
the gross section, the moment of inertia is

1
I, = T X 0.3125 X 433 X 2 = 4141 in*

and for the net section,
I, = 4141 — 03125 X 1(5* + 10> + 15> + 20%)4 = 3203 in*

The stress on the gross section is

2439 . .
=" % = . —
f» 1141 215 = 12.7 ksi < 20 ksi—OK
and that on the net is
2439 . .
=" x = 16. < _
f» 3203 215 = 16.4 ksi < 29 ksi—OK

For the stress range, the moment in the web is [700 — (—200)]2880/14,670 = 177 ft-
kips. The eccentric moment is [95 — (=2/7 X 95)]1.75 = 214 in-kips. Hence the stress
range is

(177 X 12 + 214)21.5
o 4141

= 12.1 ksi < 18 ksi—OK

The assumed web plates are satisfactory.

Alternative Splices. Bolted splices may be made in several different ways when moment
is not to be transmitted across the joint. Figure 5.44 shows two examples.

Field-bolted splices generally are more economical than field-welded splices. Groove
welds may be more economical, however, if they are made in the shop. Field welding is
complicated by the need to control the welding sequence to minimize residual stresses. This
often requires that flange-to-web welds on each side of the joint be omitted during fabrication
and made after the splice welds. Also, the web interferes with the groove welding of the
flange. To avoid the risk of a poor weld, the web must be coped (Fig. 5.45). This provides
space for welding, backup bars, cleaning, and other necessary operations.
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FIGURE 5.44 Girder splice. (a) With web plates, shop welds, and field bolts. (b) Designed to transmit only
shear. Nevertheless, section A—A should be designed to resist bending moment Ve due to shear.
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FIGURE 545 Welded girder splice. Web plate serves both as an
erection connection and as backup for the web groove weld.

5.31 BRACKET CONNECTIONS

Brackets are projections that carry loads. The connection of a bracket to a support has to
transmit both shear and moment. Fasteners or welds may be used for the purpose. Connec-
tions may be made with fasteners or welds subjected only to shear or to combined shear
and tension.

Figure 5.46 shows a plate bracket connected with bolts in single shear. Design of this
type of connection is similar to that of the web splice in Fig. 5.42. Each fastener is subjected
to a shear load and a load due to moment. The load due to moment on any fastener acts
normal to the radius vector from the center of gravity O of the fastener group to the fastener.
The maximum load due to moment is given by Eq. (5.13). The resultant of this load and
the shear load must be less than the allowable capacity of the fastener. Vectorial addition of
the loads due to bending and shear must be performed for the critical fasteners to determine
the maximum resultant.

As for a web splice, computations usually are simpler if distances and forces are resolved
into horizontal and vertical components, and if J for Eq. (5.13) is obtained from Eq. (5.15).

Example—Bolted Bracket—AISC LRFD. Investigate the bracket connection in Fig. 5.46.

The A36 steel bracket is to be connected with 7&-in-diameter A325N bolts to a building

column. The bracket carries a 48-kip factored load 15 in from the center of the column web.
The moment arm is 15 in. The moment on the connection is 48 X 15 = 720 in-kips.
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FIGURE 5.46 Bracket with bolts in single shear.

Elastic Method. J is obtained from Eq. (5.15):

I, = 4[(L57 + (4.5) + (1.5)] = 315
I, =2 x 6(2.75) = 91
J = 406 in?

By Eq. (5.13), the load on the outermost bolts due to moment is
720 X 7.98

P = 14.2 ki
" 406 b
The vertical component of this load is
14.2 X 2.75 .
v — W = 4.89 klpS
And the horizontal component is
14.2 X 7.50 .
n = 7—98 =133 klpS

By Eq. (5.14), the load per bolt due to shear is 48/12 = 4.00 kips. Consequently, the

total load on the outermost bolt is the resultant:

R = V(4.89 + 4.00)> + (13.3)> = 16.0 kips

The design strength of a 7 in bolt is 0.75 X 0.6013 X 48 = 21.6 kips > 16.0 kips. The

connection is satisfactory.

An ultimate-strength method that gives an accurate estimate of the strength of eccentri-
cally loaded bolt groups may be used instead of the preceding procedure. The method as-
sumes that fastener groups rotate about an instantaneous center. (This point coincides with
the centroid of a group only when the moment arm / becomes very large.) Tables in the

AISC ASD and LRFD manuals are based on this method.
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Inelastic Method. Refer to Table 8-20 of the AISC LRFD Manual, Vol. II, Connections.
With the moment arm e, = 15 in, bolt spacing s = 3 in, and number of bolts per row n =
6, interpolate between e, = 14 in and e, = 16 in to find the coefficient C = (3.99 + 3.55)/
2 = 3.77. The connection strength then is ¢R = 3.77 X 21.6 = 81.4 kips > 48 kips, and
is OK. The coefficient C indicates that, because of the eccentric loading, the 12 bolts of the
connection are only as effective as 3.77 bolts in direct (concentric) shear. To compare meth-
ods, an equivalent C for the elastic method could be calculated as the ratio of the applied
load to the resultant force on the outermost bolt, 48/16 = 3.00. Thus, for this example, the
inelastic method gives a capacity 3.77/3.00 = 1.26 times that of the elastic method.

The plate should be checked for bending and shear. For the gross section, required bend-
ing strength is

_ 4815 — 275 - 0.5)

osaspia o0k

£

The strength of the gross section is
F, =09 X 36 = 32.4 ksi >13.9 ksi

The plate is satisfactory for bending (yielding) of the gross section. For bending of the net
section, from the AISC LRFD manual, the section modulus is S,,, = 18 in® and the required
strength is

_ 48(15 — 2.75)

3 = 32.7 ksi

fo

Fracture, rather than yielding, however, is the limit state for the net section. The fracture

strength of a net section in tension is 0.75F A,, where F, is the specified tensile strength

and A, is the effective net area. Since bending induces a tensile stress over the top half of

the bracket, and because the yield limit on the gross section has already been checked, it is

reasonable to assume that the fracture (rupture) design strength of the bracket net section is

0.75 X 58 = 43.5 ksi > 32.7 ksi. The bracket is satisfactory for fracture of the net section.
The shear on the gross section is

48 ,
fo = m =5.33 < (0.9 X 0.6 X 36 = 194 ksi)—OK

The shear on the net section is

_ 48
0.5(18 — 6 X 0.9375)

£, = 8.0 < (0.75 X 0.6 X 58 = 26.1 ksi)—OK

The plate is satisfactory for shear.

A plate bracket such as the one in Fig. 5.46 also can be connected to a support with fillet
welds in shear. Design of the welds for such a connection can be performed by the classical
elastic method, which is analogous to that for fasteners. For example, for the bracket in Fig.
5.47, the shear due to the 48-kip factored load induces a shear (kips per in) equal to the
load divided by the total length of weld (weld A + weld B + weld C). The moment due to
the load tends to rotate the welds about their center of gravity O. As a consequence:

The force at any point of a weld acts normal to the radius vector from O to the point. In
Fig. 5.47, P, the force due to the moment of the 48-kip load about O, is normal to the
radius vector OB.

The magnitude of P, (kips per in) is proportional to the distance r from O.
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FIGURE 5.47 Bracket with fillet welds in
shear.

The resisting moment per inch of weld is proportional to the square of the distance from
0.

The applied moment equals the total resisting moment, the sum of the resisting moments
of all the welds in the group.

These consequences result in the relationship

P, = Me or M= Pt (5.16)
J c

where M = applied moment, in-kips
P, = load due to M on the point of a weld most distant from the center of gravity of
the weld group, kips per in

J = sum of squares of distances of unit weld lengths from center of gravity of group,
in® (analogous to polar moment of inertia)
¢ = distance of outermost point from center of gravity, in

Hence, when the moment applied to a weld group is known, the maximum stress in the
welds can be computed from Eq. (5.16). This stress has to be added vectorially to the shear
on the weld. The resultant stress must be less than the allowable capacity of the weld.
Depending on the weld pattern, the largest resultant stress does not necessarily occur at
the outermost point of the weld group. Vectorial addition of shear and bending stresses may
have to be performed for the most critical points in a group to determine the maximum.
Computation of weld stresses generally is simplified if the forces and distances are re-
solved into their horizontal and vertical components. Advantage can be taken of the fact that

J=1+1, (5.17)

where I, = sum of squares of distances measured horizontally from center of gravity of weld
"~ group to unit lengths of welds, in?

I, = sum of squares of distances measured vertically from center of gravity of weld
group to unit lengths of welds, in?

I, and I, are analogous to moment of inertia.
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Example—Welded Bracket Connection—AISC LRFD. Investigate the bracket connection
in Fig. 5.47. The A36 steel bracket is to be connected with fillet welds made with E70XX
electrodes to a building column. The bracket carries a 48-kip factored load 15 in from the
center of the column web.

Elastic Method. Because of symmetry, the center of gravityO of the weld group is located
vertically halfway between top and bottom of the 16-in-deep plate. The horizontal location
of O relative to the vertical weld is obtained by dividing the moments of the weld lengths
about the vertical weld by the total length of welds:

S _2XTSXT5/2 562 _ o
YT Ty xT75+16 31

J is obtained from Eq. (5.17):

2(7.5)
Welds A and B: 2 X 7.5(8)> = 961 Welds A and B: B = 70
3 2
Weld C: (1162) = 341 2 X175 <% - 181 = 56
I. = 1302 in? Weld C: 16(1.81)* = 53
I, =179 in?

g
J = 1301 + 179 = 1480 in®

By Eq. (5.16), the stress on the most distant point A in the weld group due to moment is

_48(15 + 1.69)9.82

P 1480

= 5.32 kips per in

The vertical component of this load is

_ 5.32 X'5.69

P
v 9.82

= 3.08 kips per in

And the horizontal component is

532x38

S Tom 4.33 kips per in

The shear load on the welds is 48/(2 X 7.5 + 16) = 1.55 kips per in. Consequently, the
total load on the outermost point is the resultant is

R = V/(1.55 + 3.08)> + (4.33)> = 6.34 kips per in
For a design stress of 0.75 X 0.60 X 70 = 31.5 ksi, the weld size required is

6.34

D =5707 %315

= 0.2851in

Use a Yi6-in weld.

Instead of the elastic method, the following inelastic method based on the instantaneous
center of rotation can be used. The tables for eccentrically loaded weld groups in the AISC
manuals—ASD and LRFD—are based on this method.
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Inelastic Method. From Fig. 5.47 and the AISC LRFD Manual, Vol. II, [ = 16 in, kIl =
7.5in, and al = 11 + 7.5 — 1.81 = 16.69 in, from which a = 16.69/16 = 1.04 and k =
7.5/16 = 0.469. By interpolation in Table 8-42, coefficient C = 1.177. Hence the required
weld size in number of sixteenths of an inch is

48

D=1 <16~

2.55

Use a Yi6-in fillet weld. (In comparison, the elastic analysis requires a ¥ie-in fillet weld.)
For a %ie-in fillet weld, the minimum plate thickness is 3 in, to permit inspection of the
weld size. Try a Yie-in-thick plate and check for shear and bending. For shear,

f, = 48/(0.375 X 16) = 8.00 ksi < 19.4 ksi—OK
For bending,

48 x 11
©0.375(16)2/4

In the above, ¢,F, = 0.90 X 0.60 X 36 = 19.4 ksi and ¢, F, = 0.90 X 36 = 32.4 ksi.

£ = 22.0 ksi < 32.4 ksi—OK

Fasteners in Shear and Tension. Bolted brackets also may be attached to supports with
the fasteners subjected to combined shear and tension. For the bracket in Fig. 5.48, for
example, each bolt is subjected to a shear (kips) of

P, =- (5.18)

where P
n

= load, kips, on the bracket

= total number of fasteners

In addition, the moment is resisted by the upper fasteners in tension and the pressure of the
lower part of the bracket against the support. The neutral axis is usually located above the
bottom of the connection by about ' of the connection length, but its exact location requires
a trial-and-error approach. However, an alternative is to use a conservative plastic distribu-
tion, which is valid for both ASD and LRFD design methods. For this distribution, each bolt
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FIGURE 5.48 Bracket with bolts in combined shear and tension.
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above the neutral axis is assumed to carry an axial tensile force, T, and each bolt below the
neutral axis an axial compressive force —7. Thus, the neutral axis falls at the centroid of
the bolt group. There is no axial force on the bolts located at the neutral axis.

In bearing-type connections, allowable stresses or design strengths are determined from
interaction equations for tension and shear. However, in slip-critical connections, since the
shear load is carried by friction at the faying surface, the reduction in friction resistance
above the neutral axis of the bolt group (due to the tensile force from bending) is compen-
sated for by an increase in friction resistance below the neutral axis (due to the compressive
force from bending). Thus an interaction equation is not required in this case, but both the
shear and tensile stresses must be less than those allowable. Also, since slip is a serviceability
limit state, the strength-limit state of bearing also must be checked. In addition, the tension
forces on the fasteners and the bending of the flanges must be checked for prying (Sec.
5.25.3).

Example—Bracket with Bolts in Tension and Shear—AISC LRFD. Investigate the slip-
critical connection in Fig. 5.48. The A36 steel bracket is to be connected with 74-in-diameter
A325 bolts to a flange of a building column. The bracket carries a 115-kip factored load 14
in from the flange.

First consider the connections as slip-critical with A325SC-A-N 74-in diameter bolts in
standard %16 in holes. The bolt notation indicates slip-critical (SC), surface class (A), with
threads not excluded from the shear planes (N). The design strength in shear in this case is

¢r, = $1.13uT, = 1.0 X 1.13 X 0.33 X 39 = 14.5 kips
The design strength for tension is
¢rt = ¢F,A, = 0.75 X 90 X 0.6013 = 40.6 kips

The required design strength per bolt in shear is simply V = 115/14 = 8.21 kips < 14.5
kips, OK. For the required design strength in tension, take moments about the neutral axis
with a force T in each bolt: 2T(3 + 6 + 9) = 115 X 14. Solve for T = 22.4 kips < 40.6
kips, OK. The bolts are satisfactory for a slip-critical connection.

Next consider as a bearing type connection with A325N 74-in diameter bolts in standard
%6 in holes. The design strength in shear in this case is

¢r, = ¢F,A, = 0.75 X 48 X 0.6013 = 21.6 kips

V = 8.21 kips < 21.6 kips, OK. The design strength in pure tension is the same as for the
slip-critical condition, 40.6 kips. The design tensile strength in the presence of shear is
calculated from the following interaction equation:

BB = ¢A,[117 — 2.5(VIA,)] = ¢A,(90) (5.19)

where ¢ = resistance factor, 0.75
A, = area of bolt, in®
V = shear force per bolt, kips

For this case, ¢B = 0.75 X 0.6013[117 — 2.5 (8.21/0.6013)] = 37.3 kips, and ¢A,(90) =
0.75 X 0.6013 X 90 = 40.6 kips. Therefore, ¢B = 37.3 kips > 22.4 kips required, OK.
The bolts are satisfactory for a bearing type connection. This type of connection would be
used unless there was a specific requirement for a slip-critical connection.

Next, check bolts and bracket flange for bending and prying action using the notation
from Art. 5.25.3:
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b=(4—-0.480)/2 =176 in

a = (11.090 — 4)/2 = 3.545 in, but a = 1.25b6 = 1.25 X 1.76 = 2.20 in; a = 2.20 in
b'=>b—-4dl2 =176 —0.875/2 =1321n

a =a+dl2=220+ 0.875/2 =2.641in

p=>b'la =132/2.64 = 0.500

6=1—-4d'/p=1-09375/3 = 0.69

A check shows that the W18 X 36 bracket would be unsatisfactory if of A36 steel. Try
A572-50 steel.

4444Bb'  [4.44 X 40.6 X 132 .
= = =12
g \/ pF \/ 3 X 50 60 in

) 1 .\ 1 1.260\°
C TS+ p) [(7) N 1] 7 0.69 X 1.500 [(owo) - 1] - 162

Because o’ > 1, use &’ = 1 to calculate the design strength, ¢T.

0.770
1.260

T = $B ( > (1 + 8a’) = 40.6 ( ) (1.69) = 25.6 kips > 22.4 Kips

(

Bolts and bracket flange are OK for bending and prying action.
Check web of W18 X 86 bracket for limit state of shear on gross section:

o R, = ¢$0.60F,A, = 0.90 X 0.60 X 50 X 0.480 X 21 = 272 kips > 115 kips, OK.
Check flange of W18 X 86 bracket for limit state of shear on net section:

SR, = $0.60F A, = 0.75 X 0.60 X 65 X 0.770 X (21
— 7 % 1.00) x 2 = 630 kips > 115 kips, OK.

Check web of W18 X 86 bracket for bending limit state:

dM, = $,M, = 0.90 X 0.480 X (21)*> X (V4) X 50
= 2381 in-kips > 115 X 14 = 1610 in-kips, OK.

Check flange of W18 X 86 bracket for bearing limit state:

SR, = ¢2.AdF, = 0.75 X 2.4 X 0.875 X 0.770
X 65 X 14 bolts = 1104 kips > 115 kips OK

For the column flange, a similar check shows that bearing is OK. Bending in the column
flange must also be considered. In this case, the A572-50 column flange is assumed to be
0.770 in. or thicker, and therefore, is considered OK without calculations. See Art. 5.36 for
applicable method for thinner flanges where calculations are required.

Finally, the stability of the column web should be considered. First, if the loading con-
ditions are such that the load can move out of the plane of the bracket web, a top stiffener
plate should be used to prevent such motion. Then use the procedure of Salmon and Johnson
to assess the web stability under the compressive stresses. In some cases, if the web is too
slender, a thicker web or an edge stiffener may be required. (C. G. Salmon and J. E. Johnson,
Steel Structure—Design and Behavior, Harper Collins, New York.)
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Welds in Tension and Shear. Brackets also can be connected to supports with fillet welds
in combined shear and tension. For the bracket in Fig. 5.49, for example, the welds carry a
shear (kips per in) of

(5.20)

where P = load on bracket, kips
L = total length of welds, in

In addition, the moment is resisted by the upper portion of the welds in tension and the
pressure of the lower part of the bracket against the support. Both the elastic and inelastic
methods assume that the weld carries all the load (bearing pressure between the bracket and
the lower part of the support is neglected). The neutral axis is taken at the center of gravity
of the weld group. The intensity of load at any point in the weld is proportional to the
distance from the neutral axis, and the resisting moment per inch is proportional to that
distance. For the elastic method, tension (kips per in) at the most heavily stressed point of
the welds may be computed from

P =

m

M
3 5.21)
where M = moment on weld groups, in-kips

S = section modulus of weld group about its neutral axis, in®

Example—Brackets with Welds in Tension and Shear—AISC LRFD. An A36 steel plate
bracket is to be connected with fillet welds on two sides of the plate to a building column
(Fig. 5.49). The bracket carries a 115-kip factored load 14 in from the column flange. The
welds are to be made with E70XX electrodes.

’7’ I/
4%‘ 7 115*

2" PLATE

FIGURE 5.49 Bracket with welds in
combined shear and tension.
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Elastic Method. Assume a plate 2 in thick. With design stress of 0.90 X 36 = 32.4 ksi,
the length of plate at the support should be at least

115 X 14 X 6 .
L="05x324 =24

To keep down the size of welds, use a plate 25 X Y2 in.
By Eq. (5.20), the shear on the two welds is

115
P”*2><25

= 2.30 kips per in

By Eq. (5.21), the maximum tensile stress in the welds is

115 % 14

b x4 o oa .
"= 225776 7.73 kips per in

The resultant of the shear and tensile stresses is
R = V/(2.30)* + (7.73)*> = 8.06 kips per in
With design stress of 0.75 X 0.60 X 70 = 31.5 ksi, the weld size required is

8.06

T 0707 x 315 0202In
Use %-in fillet welds.

The plate should be checked for shear and bending as well as stability. For shear, the
stress is

f, = 115/(0.5 X 25) = 9.2 ksi < 0.9 X 0.6 X 36 = 19.4 ksi—OK
For bending, the stress is

115 X 4

= ————— = 30.9 ksi 2.4 ksi—OK
b = 05025776 309 ksi < 3 si—O

For the stability check, see the preceding example discussion on that subject.

Inelastic Method. Determine the required weld size for the bracket in Fig. 5.49 by the
inelastic method.

From the AISC LRFD manual Vol. II Table 8-38 (special case), with k = 0, [ = 25, and
al = 14, from which a = 0.56, the coefficient C is determined by interpolation to be 1.59.
Thus the weld size required, in number of sixteenths of an inch, is D = 115/(1.59 X
25) = 2.89. Use ¥i¢-in fillet welds.

Comparing the results for the two calculation procedures, the elastic method was too
conservative and resulted in a weld size twice that for the inelastic method. Another option
is to use a simple plastic method, similar to that used for the bolts in Fig. 5.48. This method,
which does not rely on the AISC tables for eccentrically loaded welds, provides more rea-
sonable results than the elastic method.
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Plastic Method. 1In Eq. 5.21, replace the elastic section modulus S with the plastic section
modulus, Z. Then, proceeding as before, make the following calculations.

P 115 . .
P, =T=3x25" 2.30 kips per in
M 115X 4

P =7 = 205774

R =V/(2.30 + (5.15)7 = 5.64 kips per in

B 5.64
"~ 0.707 x 31.5

= 5.15 kips per in

D = 0.253 kips per in

This indicates the use of a Y4-in fillet weld, assuming an overstress of 1% is acceptable.
Thus, the plastic method is conservative compared to the inelastic method (¥16-in fillet weld)
but more reasonable than the elastic method (34-in fillet weld).

5.32 CONNECTIONS FOR SIMPLE BEAMS

End connections of beams to their supports are classified as simple-beam, fully restrained,
and partially restrained connections.

Simple, or conventional, connections are assumed free to rotate under loads. They are
designed to carry shear only. The AISC specifications for structural steel buildings require
that connections of this type have adequate inelastic rotation capacity to avoid overstressing
the fasteners or welds.

Fully restrained (rigid-frame) connections, transmitting bending moment as well as
shear, are used to provide complete continuity in a frame (Art. 5.33).

Partially restrained (semirigid) connections provide end restraint intermediate between
the rigid and flexible types (Art. 5.33).

For simple connections, design drawings should give the end reactions for each beam. If
no information is provided, the detailer may design the connections for one-half the maxi-
mum allowable total uniform load on each beam.

Simple connections are of two basic types: framed (Fig. 5.50a) and seated (Fig. 5.500).
A framed connection transfers the load from a beam to a support through one or two
connection angles, or a shear plate attached to the supporting member, or a tee attached to
either the supporting or supported member. A seated connection transfers the load through

(a)

FIGURE 5.50 Simple-beam connections. (a)
Framed. (b) Seated.
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a seat under the beam bottom flange. A top, or cap, angle should be used with seated
connections to provide lateral support. It may be attached to the beam top flange, as shown
in Fig. 5.50b, or to the top portion of the web. With both framed and seated connections,
the beam end is stopped Y4 in short of the face of the supporting member, to allow for
inaccuracies in beam length.

Framed Connections

These generally are more economical of material than seated connections. For example, in
a symmetrical, bolted, framed connection, the fasteners through the web are in double shear.
In a seated connection, the fasteners are in single shear. Hence framed connections are used
where erection clearances permit, e.g., for connections to column flanges or to girders with
flanges at the same level as the beam flanges. Seated connections, however, usually are more
advantageous for connections to column webs because placement of beams between column
flanges is easier. Seats also are useful in erection because they provide support for beams
while field holes are aligned and fasteners are installed. Furthermore, seated connections may
be more economical for deep beams. They require fewer field bolts, though the total number
of shop and field fasteners may be larger than those required for a framed connection of the
same capacity.

The AISC manual lists capacities and required design checks for beam connections for
buildings. Design is facilitated when this information can be used. For cases where such
connections are not suitable, beam connections can be designed by the principles and meth-
ods given for brackets in Art. 5.31.

Vertical fastener spacing in framed connections is standardized at 3 in. The top gage line
also is set 3 in below the beam top, when practicable Closer spacing may be used however,
as long as AISC specification restrictions on minimum spacing are met.

To ensure adequate stiffness and stability, the length of the connection material in a framed
connection should be at least half the distance T between flange-web fillets of the beam.

Distance between inner gage lines of outstanding legs or flange of connection material is
standardized at 5' in, but sometimes a shorter spacing is required to meet AISC specification
requirements for minimum edge distance.

Thickness of connection material may be determined by shear on a vertical section, avail-
ability of material of needed thicknesses, or the bearing value for the nominal fastener
diameter.

When a beam frames into a girder with tops of both at the same level, the top of the
beam generally is notched, or coped, to remove enough of the flange and web to clear the
girder flange. Depth of cut should be sufficient to clear the web fillet (k distance for a rolled
section). Length of cope should be sufficient to clear the girder flange by Y2 to % in. A fillet
with smooth transition should be provided at the intersection of the horizontal and vertical
cuts forming the cope.

For beams framing into column flanges, most fabricators prefer connections attached to
the columns in the shop. Then the beams require punching only. Thus less handling and
fewer operations are required in the shop. Furthermore, with connection material attached to
the columns, erectors have more flexibility in plumbing the steel before field bolts are tight-
ened or field welds made.

Some of the standardized framed connections in the AISC manual are arranged to permit
substitution of welds for bolts. For example, welds A in Fig. 5.51a replace bolts for the web
connections. Welds B replace bolts in the outstanding legs (Fig. 5.51b). Angle thickness must
be at least the weld size plus Y6 in and a minimum of ¥is. Holes may be provided for
erection bolts in legs that are to be field welded. When bolts are used in outstanding legs,
the bearing capacity of supporting material should be investigated.

Welds A are eccentrically loaded. They receive the load from the beam web and the
connection transmits the load to the support at the back of the outstanding legs. Hence there
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1" LENGTH OF RETURN
k (MIN.) F 2 X WELD SIZE
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(c)
FIGURE 5.51 Welded framed connections. (a) Welds replace bolts of the standardized con-

nection at the web. (b) Welds replace bolts of the standardized connection for outstanding legs
of framing angles. (c) All-welded standardized connection.

is an eccentricity of load equal to the distance from the back of the outstanding legs to the
center of gravity of welds A. Therefore, when the connections in Fig. 5.51 are used, the
combination of vertical shear and moment on welds A should be taken into account in design,
unless the tables in the AISC manual are used.

For the connection in Fig. 5.51b, the welds usually are made in the shop. Consequently,
the beam bottom must be coped to permit the beam to be inserted between the angles in the
field.

Welds B also are eccentrically loaded. The beam reaction is transmitted from the center
of web to the welds along the toes of the outstanding legs. This moment, too, should be
taken into account in design. To prevent cracking, the vertical welds at the top of the angles
should be returned horizontally for a distance of twice the weld size.

Standardized framed connections of the type shown in Fig. 5.51¢ were developed espe-
cially for welding of both the web legs and outstanding legs of the connection angles.

5.32.2 Seated Connections

These may be unstiffened, as shown in Fig. 5.50b and Fig. 5.53a, or stiffened, as shown in
Fig. 5.52 and Fig. 5.53b. A stiffened seat usually is used when loads to be carried exceed
the capacities of the outstanding leg of standardized unstiffened seats. Tables in the AISC
manuals facilitate the design of both types of connections.

The primary use for seated connections is for beams framing to column webs. In this
case, the seat is inside the column flange toes or nearly so, and is not an architectural
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FIGURE 5.52 Standardized stiffened-seat connections with bolts.
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FIGURE 5.53 Standardized welded-seat connections. (a) Unstiffened seat. (b) Stiffened seat.
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problem. Its use also avoids the erection safety problem associated with framed connections
where the same bolts support beams on both sides of the column web.

When a seat is attached to one side of the column web, the column web is subjected to
a local bending pattern because the load from the beam is applied to the seat at some distance
e, from the face of the web. The stiffened seat design table (Table 9.9) in the AISC LRFD
manual includes this effect. For unstiffened seats, column web bending also occurs, but its
effects are less critical because the loads and eccentricities for unstiffened seats are generally
much smaller than for stiffened seats. Fig. 5.54a presents a yield line pattern which can be
used to assess the strength of the column web. The nominal capacity of the column web is

omL (. T T L
=— e .
R, . (2 ST 2b> (5.22)

where the terms are defined in Fig. 5.54a and

1
m, = 1 1.°F, (5.23)
T—-c¢
b= 5 (5.24)

Since this is a yield limit state, ¢ = 0.90.

Design of a seated connection generally is based on the assumption that the seat carries
the full beam reaction. The top, or cap, angle only provides lateral support. Even for large
beams, this angle can be small and can be attached with only two bolts in each leg (Fig.
5.52) or a toe weld along each leg (Fig. 5.53).

ERECTION SETBACK a ,J] N
T fli .
¢ N/2
°
s R
v o y
el 3
YIELD
LINES 1
(TYP.) 4 14 Le e ECCENTRICITY FOR SEAT
., ef ECCENTRICITY FOR COLUMN
Y AND WELDS
) P L&— CRITICAL SECTION IN ANGLE
$
8 «— 3/8
5
—Y N 4—t
/h
be I
k T k
(a) (b)

FIGURE 5.54 Unstiffened seated connection. (a) Yield lines for analysis of column web. (b)
Design parameters. (From W. A. Thornton and T. Kane, “Connections,” Chapter 7, Steel Design
Handbook—LRFD Method, A. R. Tamboli, Ed., 1997, McGraw-Hill, 1997, with permission.)
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With the nominal tolerance of 2 in between beam end and face of support, the length
of support provided a beam end by a seat angle equals the width of the outstanding leg less
Y in. Thus a typical 4-in-wide angle leg provides 3% in of bearing. Because of the short
bearing, the capacity of a seated connection may be controlled by the thickness of the beam
web, for resisting web yielding and crippling.

Tables in the AISC manuals list beam reactions, R for ASD and ¢R for LRFD, for 4-in
wide outstanding angle legs that are based on a nominal setback a of %2 in and a beam
underrun of Y4 in. Thus, calculations are based on the beam end being % in from the face
of the column. The reaction is assumed centered on the bearing length N. Both manuals list
additional parameters, R, through R, for ASD and ¢R, through ¢R, for LRFD, that can be
used to determine the web crippling and local web yielding limitations for other bearing
lengths.

For unstiffened seats, the bearing length is assumed to extend from the beam end toward
midspan. For stiffened seats, the bearing length is assumed to extend from the end of the
seat toward the beam end. In design of the seat, however, an eccentricity from the face of
the support of 80% of the beam-seat width is used if it is larger than the eccentricity based
on the reaction position at the center of N.

Unstiffened Seats. The capacity of the outstanding leg of an unstiffened seat is determined
by its resistance to bending. The critical section for bending is assumed to be located at the
toe of the fillet of the outstanding leg. When reactions are so large that more than a nominal
3% in of bearing is required, stiffened seats usually are used.

In addition to the capacity of the outstanding leg, the capacity of an unstiffened seat
depends also on the bolts or welds used to connect to the column. The small eccentricity of
the beam reaction generally is neglected in determining bolt capacities, but is included when
calculating weld capacities.

Example—Unstiffened Seat—AISC LRFD. A W14 X 22 beam of Grade 50 steel is to
be supported on an unstiffened seat to a W14 X 90 Grade 50 column. The factored reaction
(required strength) is 33 kips. Design the unstiffened seat.

The nominal erection set back a = % in. For calculations, to account for underrun, use
a = %. Try a seat 6 in long (¢ = 6). From AISC LRFD Manual Table 9.7, with beam web
of approximately Y4 in, a % in angle gives a capacity 37.7 kips > 33 kips, OK Choosing
an A36 angle 6 X 4 X 3, Table 9.7 indicates that a ¥ic in fillet weld of the seat vertical
leg (the 6 in leg) to the column web is satisfactory (41.0 kips). Consider this to be a prelim-
inary design that must be checked.

The first step in checking is to determine the required bearing length N. Note that N is
not the horizontal angle leg length minus a, but rather cannot exceed this value. The bearing
length for an unstiffened seat starts at the end of the beam and spreads from this point,
because the toe of the angle leg tends to deflect away from the bottom flange of the beam.
The bearing length cannot be less that the beam k distance and can be written in a general
way as

(5.25)

N = max {R ¢R, R — $R, orRi d)RS,k}

#R, PR, PR
where R, through R, are defined in the AISC LRFD Manual and are tabulated in the Factored

Uniform Load Tables. For the W14 X 22, ¢R, = 25.2, ¢R, = 11.5, ¢R; = 23.0, ¢R, =
2.86, ¢Rs = 20.4, and $pR, = 3.81. Thus

33 — 252 33 -23.0 33 -204
015 ° 236 % 381 ° 0.875} = max {.67, 3.50 or 3.31, 0.875}

N:max{

Therefore N is either 3.50 or 3.31, depending on whether N/d = .2 or N/d > .2, respectively.
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With d = 13.74, N/d = 3.50/13.74 = 0.255 or N/d = 3.31/13.74 = 0.241. Since N/d >
2, N =331 in

It was stated earlier that (V + a) cannot exceed the horizontal angle leg. Using a = %
in, N + a = 3.31 + 0.75 = 4.06 which is close enough to 4 in to be OK.

The design strength of the seat angle critical section is

1 cr?

R, = 1 e oF, (5.26)
where the terms are defined in Fig. 5.54. From Fig. 5.54, e, = N/2 + a = 3.31/2 +
075 =241 and e = e, — t — 0.375 = 2.41 — 0.625 — 0375 = 1.41. Substituting values,

6 X 0.625% X 0.9 X 36
4 x 141

®R, = = 13.5 kips

Since 13.5 kips < 33 kips, the seat is unsatisfactory. The required thickness can be deter-
mined from

4Re [+ x33x 141
L= - ~ 098 i 2
freara \/ OF ¢ \/ 00 x36x6 _ 008 (5-27)

Therefore, an angle 1 in thick can be used, although a thinner angle between ¥ and 1 may
check since e depends on z. There is no L 6 X 4 X 1 available, so use L 6 X 6 X 1. The
extra length of the horizontal leg is irrelevant.

It can be seen from the above result that the AISC LRFD Manual Table 9-7 should not
be relied upon for final design. The seats and capacities given in Table 9-7 are correct for
the seats themselves, but the beam may not check. AISC Manual Tables 9-6 and 9-7 were
originally derived based on the bearing length required for web yielding (i.e., ¢R, and ¢R,).
The new requirements of web crippling (¢R; and ¢R,, or R and $R,) must be considered
in addition to the capacities given in the AISC tables. If web yielding is more critical than
web crippling, the tables will give satisfactory capacities. A future revision of the tables is
anticipated.

Next, the weld of the seat vertical leg to the column web is checked. AISC LRFD Manual
Table 9-7 indicated a %16-in fillet weld was required This can be checked using AISC LRFD
Manual Table 8-38 with the following: e, = e, = 2.41,1 = 6, a = 2.41/6 = 0.40, and thus

= 2.00. Consequently, ¢R .4 = 2.00 X 5 >< 6 = 60.0 kips > 33 kips OK. The weld sizes
given in AISC Tables 9-6 and 9-7 will always be found to be conservative because they are
based on using the full horizontal angle leg minus a as the bearing length N. Finally, check
the column web using the yield line pattern of Fig. 5.45a and Eq. (5.22).

m, = 0.25 X (0.440)> X 50 = 2.42 in-kips per in

T=1125in
¢ =61n
L =6in
p- 276 s
2
R 09 X2X242X%6 1125 11.25 6
PRuer = 2.41 2.625 6 2 X 2.625

= 77.6 kips > 33 kips OK.

This completes the calculations for this example. The final design is shown in Fig. 5.55.
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& COL. W14x90 (G50)

L4x4x1/4x0'-4" (A36)

W14x22 (G50)

L 6x6x1x0-6" (A36)

5/16
5/16

RETN AT TOP

[ &———BOLTA325N3/4¢,GAGE23/4

FIGURE 5.55 Example of unstiffened seated connec-
tion. (From W. A. Thornton and T. Kane, “Connections,”
Chapter 7, Steel Design Handbook—LRFD Method,
A. R. Tamboli, Ed., 1997, McGraw-Hill, 1997 with per-
mission.)

Stiffened Seats. These require that stiffeners be fitted to bear against the underside of the
seat. The stiffeners must be sized to provide adequate length of bearing for the beam, to
prevent web yielding and crippling. Area of stiffeners must be adequate to carry the beam
reaction at the allowable bearing stress.

When bolts are used, the seat and stiffeners usually are angles (Fig. 5.52). A filler with
the same thickness as the seat angle is inserted below the seat angle, between the stiffeners
and the face of support. For light loads, a single stiffener angle may be used (type B, Fig.
5.52). For heavier loads, two stiffener angles may be required (type A, Fig. 5.52). Outstand-
ing legs of these angles need not be stitched together. To accommodate the gage of fasteners
in the supporting member, paired stiffeners may be separated. But the separation must be at
least 1 in wide and not more than twice k — t,, where k is the distance from outer surface
of beam flange to web toe of fillet (in), and ¢, is the stiffener thickness (in).

For standardized stiffened-seat connections, ¥s-in-thick seat angles are specified. The out-
standing leg is made wide enough to extend beyond the outstanding leg of the stiffener
angle. The width of the vertical leg of the seat angle is determined by the type of connection.

In determination of the bearing capacity of a stiffener, the effective width of the outstand-
ing leg of the stiffener generally is taken as 'z in less than the actual width.
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When stiffened seats are to be welded, they can be fabricated by welding two plates to
form a tee (Fig. 5.53b) or by cutting a T shape from a wide-flange or I beam. When two
plates are used, the stiffener should be fitted to bear against the underside of the seat.
Thickness of the seat plate usually equals that of the stiffener but should not be less than
¥ in.

The stiffener usually is attached to the face of the support with two fillet welds over the
full length L of the stiffener. The welds should be returned a distance of at least 0.2L along
the underside of the seat on each side of the stiffener. The welds are subjected to both shear
and tension because of the eccentricity of the loading on the seat. Design is much the same
as for the bracket in Fig. 5.49 (Art. 5.31).

Size and length of welds between a seat plate and stiffener should be equal to or greater
than the corresponding dimensions of the horizontal returns.

Stiffener and seat should be made as narrow as possible while providing required bearing.
This will minimize the eccentricity of the load on the welds. For a channel, however, the
seat plate, but not the stiffener, usually is made 6 in wide, to provide space for two erection
bolts. In this case the seat projects beyond the stiffener, and length of welds between seat
and stiffener cannot exceed the stiffener width.

Determination of stiffener thickness may be influenced by the thickness of the web of
the beam to be supported and by the size of weld between seat and support. One recom-
mendation is that stiffener thickness be at least the product of beam- web thickness and the
ratio of yield strength of web to yield strength of seat material. A second rule is based on
Table 5.13. To prevent an A36 plate from being over- stressed in shear by the pair of vertical
fillet welds (E70XX electrodes), the plate thickness should be at least

_2X0J07D X 21

[ 2D (5.28)
where D is weld size (in). Although expressed in ASD format, the relationship also applies
for LRFD.

Similarly, overstressing in shear should be avoided in the web of a supporting member
of A36 steel where stiffened seats are placed on opposite sides of the web. If the vertical
welds are also on opposite sides of a part of the web, the maximum weld size is half the
web thickness.

Example—Welded Stiffened Seat—AISC ASD. For A36 steel, design a welded stiffened
seat of the type shown in Fig. 5.53b to carry the 85-kip reaction of a W27 X 94 beam on
a column web.

The tables for allowable uniform loads in the AISC ASD manual give for a W27 X 94,
R, = 418, R, = 11.6, R, = 60.4, and R, = 3.59. Also, k = 1% in. Thus the required
bearing length (in) is 6.85 in, the largest value of %,

N = (85 —41.8)/11.6 = 3.72 and N = (85 —60.4)/3.59 = 6.85

The required width of seat is 6.85 + 0.5 = 7.35 in. Use an 8-in-wide seat. From the AISC
ASD manual, Table VIII, the required length L of stiffener plate (Fig. 5.53b) is 16 in when
“16-in fillet welds (welds A) are used between the stiffener plate and the column web. Ac-
cording to Table VIII, this connection is good for 94.4 kips > 85 kips—OK.

The thickness of the stiffener plate is taken as twice the weld size when A36 plate and
E70 electrodes are used. Therefore, the stiffener plate should be ¥ in thick (dimension ¢ of
Fig. 5.53b). The seat-plate thickness is usually taken to be the same as the stiffener plate
but should not be less than ¥ in.

The weld between the stiffener and the seat plate (welds B of Fig. 5.53b) is usually taken
to be the same size as welds A, but an AISC minimum weld can be used as long as it
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develops the strength of the 0.2L returns of welds A to the seat plate. In the calculation of
the capacity of the fillet weld, it is convenient to use the capacity per inch per sixteenths of
an inch of weld size, which is equal to 21.0 X 0.707/16 = 0.928 kips for a 21.0-ksi allowable
stress. Thus the design load for welds B is 0.2 X 16 X 5 X 0.928 X 2 = 29.7 kips. The
length of welds B is 8 in. The required weld size in number of sixteenths of an inch is

D =29.7/(8 X 2 X 0.928) = 2.0

Thus a ¥i6-in fillet weld will check, but the AISC minimum weld for the 3-in stiffener plate
is ¥4 in. Use a Y4-in fillet weld for welds B.

5.33 MOMENT CONNECTIONS

The most commonly used moment connection is the field welded connection shown in Fig.
5.56. This connection has been in common use throughout the U.S. for many years. In current
seismic design covered by the AISC “Seismic Provisions for Structural Steel Buildings,” it
is permitted for use in ordinary moment-resisting frames (Art. 9.7) without requirements for
physical testing. It is also permitted for use in special moment-resisting frames, when the
member sizes used for the specific project have been tested to demonstrate that the required
ductility level can be achieved. Furthermore, it is widely used in areas of low seismicity
where the AISC seismic provisions do not apply, and in frames designed primarily for wind
and gravity forces, such as in the following example.

Example—Three Way Moment Connection—AISC LRFD. The moment connection of
Fig. 5.56a is a three-way moment connection. Additional views are shown in Figs. 5.56b
and 5.56c. If the strong axis connection requires stiffeners, there will be an interaction
between the flange forces of the strong and weak axis beams. If the primary function of
these moment connections is to resist lateral maximum load from wind or seismic sources,
the interaction can generally be ignored because the maximum lateral loads will act in only
one direction at any one time. If the moment connections are primarily used to carry gravity
loads, such as would be the case when stiff floors with small deflections and high natural
frequencies are desired, there will be interaction between the weak and strong beam flange
forces. The calculations here will be for a wind or a seismic condition in a region of low to
moderate seismicity, but interaction will be included to demonstrate the method.

Following common practice based on tests, the load path assumed here is that the moment
is carried entirely by the flanges, and the shear entirely by the web. Proceeding to the
connection design, the strong axis beam, beam No. 1, will be designed first.

Design of Beam No. 1. Beam No. 1 is a composite W21 X 62 section of A36 steel. The
flange connection is a full penetration weld so no connection design is required. The column
must be checked for stiffeners and doublers.

Design of Column Stiffeners. The connection is to be designed for the full moment ca-
pacity of the beam, ¢M,. Thus, the flange force F; is

oM, 389 x 12 .
F, = - =229k
PTd—1 (2099 — 0615 22 kb

where d is the beam depth and ¢, is the flange thickness. From the column load tables of
the AISC LRFD Manual, Vol. I, find the following parameters.

Web yielding: P, = P,, + t; P, = 174 + 0.615 X 24.3 = 189 kips < 229 kips, thus

wi

stiffeners are required at both flanges.
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¢ w14x99 (GR50)
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W21x62 (A36)
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3/4x8x1' -0 1/2" (B/S)”]
(GR 50)

My =@Mp, = 389 k-ft (FULL MOMENT CAPACITY)

FIGURE 5.56a Example of field-welded moment connection. For section A—-A,
see Fig. 5.56c¢. For section B-B, see fig. 5.56b. (From W. A. Thornton and T. Kane,
“Connections,” Chapter 7, Steel Design Handbook—LRFD Method, A. R. Tamboli,
Ed., 1997, McGraw-Hill, 1997 with permission.)

Web buckling: P,, = 261 kips > 229 kips—no stiffener required at compression flange.
Flange bending: P, = 171 kips < 229 kips—stiffener required at tension flange.

From the above three checks (limit states), a stiffener is required at both flanges. For the
tension flange, the total stiffener force is 229 — 171 = 58 kips and for the compression
flange, the stiffener force is 229 — 189 = 40 kips. Because the loads may reverse, use the
larger value of 58 kips as the stiffener force for both flanges. Then, the force in each stiffener
is 58/2 = 29 kips, both top and bottom.

The minimum stiffener width w, depends on the flange width of the beam, b,,, and the
web thickness of the column, 7, :

WS:?—E 3 T=2.51n

by t, _ 824 0485

Use a stiffener 6% in wide to match column.
The minimum stiffener thickness ¢, is

1ty 0615 .
t, = y T T 0.31 in

Use a stiffener at least 3 in thick.
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TYP.
€ W14x99 (GR 50)

PLATE A
34x8x1-01/2" (TYP)
(G50)

TYP.

3116V

W21 x 44 GR 50)
SPAN=24'-0"
(BM 3)
PLATE B
3/8x121/4x1'-71/4,

(A36)

Mg
W21 x 44
(GR 50)

SPAN= 24'-0"
(BM4)

PLATE B
38 x 12 1/4x1 -7 1/4"
(A36)

M3 =M}, = 358 k-ft (FULL MOMENT CAPACITY - TYP.) My =@My = 358 k-ft

FIGURE 5.56b Example of field-welded moment connection; section B-B of Fig. 5.56a.
(From W. A. Thornton and T. Kane, ““Connections,” Chapter 7, Steel Design Handbook—LRFD
Method, A. R. Tamboli, Ed., 1997, McGraw-Hill, 1997 with permission.)

The minimum stiffener length /, depends on the column depth, d_, and the flange thickness

of the column, z,:

~f, = —— — 078 = 6.3 in

d, 14.16
2 2

The minimum length is for a “half depth” stiffener, which is not possible in this example
because of the weak axis connections. Therefore, use a full depth stiffener, 122 in long.

A final stiffener size consideration is a plate buckling check which requires that

i 41
= = _—
t,=w, 95 = 6.5 95 = 0.41 in

Therefore, the minimum stiffener thickness is %2 in and the final stiffener size for the strong
axis beam is 2 X 6% X 12% in. The contact area of this stiffener against the inside of the
column flange is 6.5 — 0.75 = 5.75 in due to the snip to clear the column web-to-flange
fillet. The stiffener design strength is thus 0.9 X 36 X 5.75 X 0.5 = 93.2 kips > 29 Kkips,

OK.
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SNIP3/4 x 3/4
(TYP.)

PLATE A
3/4 (G 50)
(TYP.)

TYP.

FIGURE 5.56c Example of field-welded moment connec-
tion; section A—A of Fig. 5.56a. (From W. A. Thornton and
T. Kane, “Connections,” Chapter 7, Steel Design Handbook—
LRFD Method, A. R. Tamboli, Ed., 1997, McGraw-Hill, 1997
with permission.)

Welds of Stiffeners to Column Flange and Web. Putting aside for the moment that the
weak axis moment connections still need to be considered and will affect both the strong
axis connection stiffeners and welds, the welds for the 2 X 6% X 12V strong axis stiffener
are designed as follows. For the weld to the inside of the flange, the connected portion of
the stiffener must be developed. Thus, the 5% in contact, which is the connected portion, is
designed for 93.2 kips rather than 29 kips, which is the load the stiffener actually carries.
The size of the weld to the flange in number of sixteenths of an inch is thus

93.2

D= 575 x 1392 X 15

39

A Y in fillet weld is indicated, or use the AISC minimum if larger. The factor 1.5 in the
denominator above comes from the AISC LRFD Specification Appendix J, Section J2.4 for
transversely loaded fillets. The weld to the web has a length 12.5 — 0.75 — 0.75 = 11.0 in,
and is designed to transfer the unbalanced force in the stiffener to the web. The unbalanced
force in the stiffener is 29 kips in this case. Thus,

29

D= Ttox 1390 = %%

Because only a Y16 in weld is indicated, the AISC minimum fillet weld size governs.

Doubler Plate Design The beam flange force (required strength) delivered to the column
is F; = 229 kips. The design shear strength of the column ¢V, = 0.9 X 0.6 X 50 X 0.485
X 14.16 = 185 kips < 229 kips, so a doubler appears to be required. However, if the moment
that is causing doublers is ¢M, = 389 ft-kips, then from Fig. 5.57, the column story shear
is

oM
v =22
! H

where H is the story height. If H = 13 ft
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FIGURE 5.57 Relationship between column story shear and beam
end moments. (From W. A. Thornton and T. Kane, ‘““‘Connections,”
Chapter 7, Steel Design Handbook—LRFD Method, A. R. Tamboli,
Ed., 1997, McGraw-Hill, 1997 with permission.)

389 .
V.= EERE 30 kips

and the shear delivered to the column web is F; — V, = 229 — 30 = 199 kips. Since 199
kips > 185 kips, a doubler plate (or plates) is still indicated. However, if some panel zone
deformation is acceptable, and is considered in the analysis, the panel zone strength may be
increased. AISC LRFD Specification Eq. K1-11 or Eq. K1-12, contain the following extra
term which acts as a multiplier on the basic strength ¢V,

3brty _ 3 X 14565 X 0.780° _ o
dyd.t,. 20.66 X 14.16 X 0.485

If the column load is less than 0.75 P, = 0.75 X A F,. = 0.75 X 29.1 X 50 = 1091 kips,
which is the usual case, Eq. K1-11 applies and

¢V, = 185(1 + 0.181) = 220 kips

Since 220 kips > 199 kips, no doubler is required. In a high-rise building where the moment
connections are used for drift control, the extra term can still be used, but an analysis which
includes inelastic joint shear deformation should be considered.

Doubler Plate Placement. If a doubler plate or plates had been required in this example,
the most economical arrangement would be to place the doubler plate against the column
web between the stiffeners (the panel zone) and to attach to weak axis shear connection
plates, plates B, to the face of the doubler. This is permissible provided that the doubler is
capable of carrying the entire weak axis shear load R = 107 kips (specified shear load for
W21x44 G50 beam) on one vertical cross section of the doubler plate. To see this, consider
Fig. 5.58. The portion of the shear force induced in the doubler plate by the moment con-
nection flange force F; is H. For the doubler to be in equilibrium under the forces H, vertical
shear forces V = Hd/w exist. The welds of the doubler at its four edges develop the shear
strength of the doubler. Let the shear force R from the weak axis connection be applied to
the face of the doubler at or near its horizontal center as shown in Fig. 5.58. If it is required
that all of the shear R can be carried by one vertical section a-a of Fig. 5.58, (0.9 X 0.6 X
F,d = R, where t, is the doubler thickness and F, is the yield stress of the doubler and the
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FIGURE 5.58 Force equilibrium diagram for doubler plate with weak
axis shear load. (From W. A. Thornton and T. Kane, “Connections,” Chap-
ter 7, Steel Design Handbook—LRFD Method, A. R. Tamboli, Ed., 1997,
McGraw-Hill, 1997 with permission.)

column), then the free body diagram of Fig. 5.58 is possible. In this figure, all of the shear
force R is delivered to the side of the doubler where it is opposite in direction to the shear
delivered by the moment connection, thereby avoiding over-stressing the other side where
the two shears would add. Since the doubler and its welds are capable of carrying V or R
alone, they are capable of carrying their difference. The same argument applies to the top
and bottom edges of the doubler. Also, the same argument holds if the moment and/or weak
axis shear reverse(s).

Associated Shear Connections—Beam 1. The specified shear for the web connection is
R = 163 kips, which is the shear capacity of the W21 X 62 A36 beam. The connection is
a shear plate with two erection holes for erection bolts. The shear plate is shop welded to
the column flange and field welded to the beam web. The limit states are plate gross shear,
weld strength, and beam web strength.

For plate gross shear try a plate 2 X 18 in. the gross shear strength is

¢R,, = 0.5 X 18 X 0.9 X 0.6 X 36 = 175 kips > 163 kips OK.

Plate net shear need not be checked because it is not a valid limit state.
The weld to the column flange is subjected to shear only. Thus, the weld size in number
of sixteenths of an inch is

163

D= s <130 %

Use a Ys-in fillet weld.

The weld to the beam web is subjected to the shear plus a small couple. Using AISC
LRFD Manual Table 8-42, [ = 18 in, kIl = 4.25in, k = 0.24, x = 0.04, xl = 0.72 in al =
4.28 in, a = 0.24, ¢ = 2.04, and thus,

163

D=soax1s™

4.44

A Y16-in fillet weld is satisfactory.
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Next consider the beam web thickness. To support a ¥i6 fillet weld on both sides of a
plate, AISC LRFD Manual Table 9-3, shows that a 0.72-in thick web is required. For a ¥i6-
in fillet on one side, a 0.36 in thick web is required. Since the W21 X 62 web is 0.400 in
thick, it is OK.

Design of Beams Nos. 3 and 4. These beams are W21 X 44 sections of Grade 50 steel
and are composite. The flange connection is a full penetration weld so again, no design is
required for the connection. Section A-A of Fig. 5.56a shows the arrangement in plan. See
also Fig. 5.56¢. The connection plates A are made Y4 in thicker than the W21 X 44 beam
flange to accommodate under and over rolling and other minor misfits. Also, the plates are
extended beyond the toes of the column flanges by % to 1 in to improve ductility. Plates A
should also be welded to the column web, even if not required to carry load, to provide
improved ductility.

The flange force for the W21 X 44 is based on the full moment capacity as required in
this example, so ¢$M, = 358 ft-kip and

358 x 12

Fr = 2066 = 045)

= 213 kips

Figure 5.59 shows the distribution of forces on Plates A, including the forces from the strong
axis connection. The weak axis force of 213 kips is distributed Y4 to each flange and ' to
the web. This is done to cover the case when the beams may not be reacting against each
other. In this case, all of the 213 kips must be passed to the flanges. To see this, imagine
that beam 4 is removed and Plate A for beam 4 remains as a back-up stiffener. One-half of
the 213 kips from beam 3 passes into the beam 3 near side column flanges, while the other
half is passed through the column web to the back-up stiffener, and thence into the far side
flanges, so that all of the load is passed to the flanges. This is the load path usually assumed,
although others are possible.

— 58 k

WORST FLGE
213k CASE

FIGURE 5.59 Distribution of forces on Plates A of Fig.
5.56¢. (From W. A. Thornton and T. Kane, ‘“Connections,”
Chapter 7, Steel Design Handbook—LRFD Method, A. R.
Tamboli, Ed., 1997, McGraw-Hill, 1997 with permission.)
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Merging of Stiffeners from Strong and Weak Axis Beams. The strong axis beam, beam
1, required stiffeners Y2 X 62 X 12% in. Weak axis beams 3 and 4 require Plates A which
are ¥4 X 8 X 12% in. These plates occupy the same space because the beams are all of the
same depth. Therefore, the larger of the two plates is used, as shown in Fig. 5.56a.

Since the stiffeners are merged, the welds that were earlier determined for the strong axis
beam must be revisited. For the weld to the flanges, from Fig. 5.59, the worst case combined
flange loads are 53 kips shear and 29 kips axial. The length of weld is 6% in. Thus, the
weld size is

V292 + 532

D= e x 1302~ >

which indicates a Y-in fillet weld. This is also the AISC minimum size. However, remember
that for axial load, the contact strength of the stiffener must be developed. The contact
strength in this case is 0.9 X 36 X 6.25 X 0.75 = 152 kips, because the stiffener has
increased in size to accommodate the weak axis beams. But the delivered load to this stiffener
cannot be more than that which can be supplied by the beam, which is 229/2 = 114.5 kips.
Thus

114.5

%65 x 1302 x15

Dy

which indicates that a %16 in fillet weld is required. This is the fillet weld that should be
used as shown in Fig. 5.56c.
For the weld to the web, from Fig. 5.59, calculate the size as

V29?2 4+ 107?

D= Tox 1302~ 292

Use a Y4-in fillet weld.

Stresses in Stiffeners (Plate A). The weak axis beams are 50 ksi yield point steel and are
butt welded to Plates A. Therefore, Plates A should be the same strength steel. Previous
calculations involving this plate assumed it was A36, but changing to a higher strength will
not change the final results in this case because the stiffener contact force is limited by the
delivered force from beam 1 rather than the stiffener strength.

The stiffener stresses for the flange welds are, from Fig. 5.59

53 . .
fv—m—11.3kSl<O.9X.6X50—27kSIOK.
f*$*619k'<09X50*45k'0K
«T075x 625 = - PR

For the web welds,

29 . .
=" =3, < .
fo =5 % 11 3.5 ksi < 27 ksi OK

107 . .
= = . < .

f. =5 % 11 13.0 ksi < 45 ksi OK

Associated Shear Connections—Beams 3 and 4. The specified shear for these beams is
R = 107 kips. First consider the weld to the beam web. As with the strong axis beam web
connection, this is a field welded connection with bolts used for erection only. The design
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load (required strength) is R = 107 kips. The beam web shear R is essentially constant in
the area of the connection and is assumed to act at the edge of Plates A (Section A-A of
Fig. 5.56b). This being the case, there will be a small eccentricity on the C shaped field
weld. Following AISC LRFD Manual Table 8.42, [ = 17 in, kI = 4 in, k = 0.24, x = 0.04,
xl = 0.68 in, al = 4.25 — .68 = 3.57 in. From Table 8.42 by interpolation, ¢ = 2.10. The
weld size required is

107

D=stox17 =%

which indicates that a 16 fillet weld should be used.
Plate B is a shear plate and will be sized for gross shear. Try a ¥-in thick plate of A36
steel. Then

SR, = 0.9 X 0.6 X 36 X 0.375 X 17 = 124 kips > 107 kips OK.

Consider the weld of plate B to the column web. This weld caries all of the beam shear,
R = 107 kips. The length of this weld is 17.75 in. Thus, the required weld size is

107

D= 775 x 1302 = 2V

A ¥ie-in fillet weld is indicated. Because this weld occurs on both sides of the column web,
the column web thickness should satisfy the relationship 0.9 X 0.6 X ¢, = 1.392 X D X 2
or t, = 0.103 X 2.17 = 0.22 in. Since the column web thickness is 0.485 in, the web can
support the ¥i¢-in fillets. The same result can be achieved using AISC LRFD Manual Table
9.3.

Now consider the weld of plate B to plates A. There is a shear flow ¢ = VQ/I acting on
this interface, where V. = R = 107 kips, Q is the statical moment of each Plate A with
respect to the neutral axis of the I section formed by Plates A as flanges and Plate B as
web, and [ is the moment of inertia of Plates A and Plate B. Thus,

1 19.25 + .
1= T X 0.375 X (19.25)* + 0.75 X 12.5 X (#

0 =0.75 X 12.5 X 10 = 93.8 in®

2
) X 2 = 2100 in*

and

107 x 93.8

2100 4.78 kips per in

The required weld size is

4.78

2 X 1.392 172
Since plates A are % in thick, the AISC minimum fillet weld of Y4 in prevails.

A reconsideration of welds for Plates A is now required. In the course of this example,
these welds have already been considered twice. The first time was as stiffener welds for
the strong axis beam. The second time was for the combination of forces from the weak and
strong axis beam flange connections. Now, additional forces are added to plates A from the
weak axis beam web connections. The additional force is 4.78 X 6.25 = 30 kips. Figure
5.60 shows this force and its distribution to the plate edges. Rechecking welds for Plates A
for the flange weld,
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FIGURE 5.60 Additional forces acting on Plates A of Fig.
5.56¢c. (From W. A. Thornton and T. Kane, “Connections,”
Chapter 7, Steel Design Handbook—LRFD Method, A. R.
Tamboli, Ed., 1997, McGraw-Hill, 1997 with permission.)

D 7V292+(53+7'5)27386
T 2x%x625%x1392

which indicates that a Y4-in fillet is required. A Yie-in fillet has already been determined.
For the web weld,

V(107 + 15)% + 292
= = 4.08
" 2 % 11.0 X 1.392

This weld, which was previously determined to be a Y4-in fillet weld, must now be increased
to a Yie-in fillet weld.

This completes the calculations required to design the moment connections. Load paths
of sufficient strength to carry all loads from the beams into the column have been provided.
However, note that it sometimes happens in the design of this type of connection that the
beam is much stronger in bending than the column. In the example just completed, this is
not the case. For the strong axis W21 X 62 beam, ¢M, = 389 ft-kip while for the column,
oM, = 647 ft-kip. If the ¢M,, of the column were less than half the ¢M, of the beam, then
the connection should be designed for 2(¢M,) of the column because this is the maximum
moment that can be developed between the beam and column (maximum moment the system
can deliver). Similar conclusions can be arrived at for other arrangements.

5.34 BEAMS SEATED ATOP SUPPORTS

There are many cases where beams are supported only at the bottom flange. In one-story
buildings, for example, beams often are seated atop the columns. In bridges, beams generally
are supported on bearings under the bottom flange. In all these cases, precautions should be
taken to ensure lateral stability of the beams (see also Art. 5.29).



5.96

SECTION FIVE

Regardless of the location of support, the compression flange of the beams should be
given adequate lateral support. Such support may be provided by a deck or by bracing. In
addition, beams supported at the lower flange should be braced against forces normal to the
plane of the web and against eccentric vertical loading. The eccentricity may be caused by
a column not being perfectly straight or perfectly plumb. Or the eccentricity may be produced
by rolling imperfections in the beam; for example, the web may not be perfectly perpendic-
ular to the flanges.

To resist such loadings, AASHTO and AREMA require that deck spans be provided with
cross frames or diaphragms at each support. AREMA specifies that cross frames be used for
members deeper than 3 ft 6 in and spaced more than 4 ft on centers. Members not braced
with cross frames should have I-shaped diaphragms as deep as depth of beams permit.
AASHTO prefers diaphragms at least half the depth of the members. Cross frames or dia-
phragms should be placed in all bays. This bracing should be proportioned to transmit all
lateral forces, including centrifugal and seismic forces and cross winds on vehicles, to the
bearings.

In through bridge spans, girders should be stiffened against lateral deformation by gusset
plates or knee braces with solid webs. These stiffeners should be connected to girder stiff-
eners and to floorbeams.

In buildings, lateral support may be provided a girder seated atop a column by fastening
cross members to it and stiffening the web at the support (Fig. 5.61a). Or a knee brace may
be inserted at the support between the bottom flange of the girder and the bottom flange of
a cross member (Fig. 5.61b). Where an open-web joist frames into a girder seated atop a
column, lateral support can be provided by connecting the top chord of the joist to the top
flange of the girder and attaching the bottom chord as shown in Fig. 5.61c.

5.35 TRUSS CONNECTIONS

Truss members generally are designed to carry only axial forces. At panel points, where
members intersect, it is desirable that the forces be concurrent, to avoid bending moments.
Hence the gravity axes of the members should be made to intersect at a point if practicable.
When this cannot be done, the connections should be designed for eccentricity present. Also,
groups of fasteners or welds at the ends of each member should have their centers of gravity
on or near the gravity axis of the member. Otherwise, the member must be designed for
eccentric loading. In building trusses not subject to repeated variation in stress, however,

ROOF FIELD WELD
7

=

T

.-
-

TW/O OPEN-WEB JOIST
STIFFENERS

(a) (b) (c)

FIGURE 5.61 Bracing for girders. (a) Stiffeners brace a girder that is continuous over the top of
a column. (b) Knee brace restrains a girder seated atop a column. (c) Open-web joist provides lateral
support for a girder atop a column.
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eccentricity of welds and fasteners may be neglected at the ends of single-angle, double-
angle, and similar members.

At panel points, several types of connections may be used. Members may be pin-
connected to each other (Art. 5.6), or they may be connected through gusset plates, or they
may be welded directly to each other. In bridges, fasteners should be symmetrical with the
axis of each member as far as practicable. If possible, the design should fully develop the
elements of the member.

Design of connections at gusset plates is similar to that for gusset-plate connections
illustrated in Art. 5.25. In all cases, gusset plates should be trimmed to minimize material
required and for good appearance. When cuts are made, minimum edge distances for fas-
teners and seats for welds should be maintained. Reentrant cuts should be avoided.

At columns, if the reactions of trusses on opposite sides of a support differ by only a
small amount (up to 20%), the gravity axes of end diagonal and chord may be allowed to
intersect at or near the column face (Fig. 5.62). The connections need be designed only for
the truss reactions. If there is a large difference in reactions of trusses on opposite sides of
the support, or if only one truss frames into a column, the gravity axes of diagonal and
chord should be made to intersect on the column gravity axis. Shear and moment in the
column flange should be considered in design of the end connection.

If the connection of bottom chord to column is rigid, deflection of the truss will induce
bending in the column. Unless the bottom chord serves as part of a bracing system, the
connection to the column should be flexible. When the connection must be rigid, bending
in the column can be reduced by attaching the bottom chord after dead-load deflection has
occurred.

Splices in truss chords should be located as near panel points as practicable and preferably
on the side where the smaller stress occurs. Compression chords should have ends in close
contact at bolted splices. When such members are fabricated and erected with close inspec-
tion and detailed with milled ends in full-contact bearing, the splices may be held in place
with high-strength bolts proportioned for at least 50% of the lower allowable stress of the
sections spliced.

In other cases, compression and tension chords should be designed for not less than the
average of the calculated stress at the point of splice and the strength of the member at that
point but not less than 75% of the strength of the member (Arts. 5.26 and 5.27). Tension
and compression chords may be spliced with complete-penetration groove welds without

splice plates.
{ —

I !

(

FIGURE 5.62 Truss connection to a column. The gravity axes
of the top chords and the diagonals meet near the faces of the
support.
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Gusset Plates. These should be sized to resist all loads imposed. The design of gussets
and the connection of members to the gusset is based on statics and yield strength, which
are the basic ingredients of the lower-bound theorem of limit analysis. Basically, this theorem
states that if equilibrium is satisfied in the structure (or connection) and yield strength is
nowhere exceeded, the applied load will, at most, be equal to the load required to fail the
connection. In other words, the connection will be safe. In addition to yield strength, gussets
and their associated connections also must be checked to ensure that they do not fail by
fracture (lack of ductility) and by instability (buckling).

AASHTO has a stability criterion for the free edges of gusset plates that requires that an
edge be stiffened when its length exceeds plate thickness times 347/\/F,, where F, is the
specified yield stress (ksi). This criterion is intended to prevent a gusset from flexing when
the structure deforms and the angles between the members change. Because of repeated
loading, this flexing can cause fatigue cracks in gussets.

For statically loaded structures, which include structures subjected to wind and seismic
loads, this flexing is not detrimental to structural safety and may even be desirable in seismic
design because it allows more energy absorption in the members of the structure and it
reduces premature fracture in the connections. For buildings, the AISC seismic specification
has detailing requirements to allow gussets to flex in certain situations. AISC ASD and LRFD
manuals include requirements regarding gusset stability. It is important that gusset buckling
be controlled to prevent changes in structure geometry that could render the structure un-
serviceable or cause catastrophic collapse (see also Art. 5.36).

Fracture in gusset-plate connections also must be prevented not only when connections
are made with fillet welds, which have limited ductility in their transverse direction, but also
with bolts, because of the possibility of tearout fracture and nonuniform distribution of
tension and shear to the bolts.

5.36 CONNECTIONS FOR BRACING

The lateral force-resisting system of large buildings is sometimes provided by a vertical truss
with connections such as that in Fig. 5.63. The design of this connection is demonstrated in
the following example by a method adopted by the AISC, the uniform-force method, the
force distributions of which are indicated in Fig. 5.64. The method requires that only uniform
forces, no moments, exist along the edges of the gusset plate used for the connection.

Example—AISC LRFD. Design the bracing connection of Fig. 5.63 for the factored loads
shown. The column is to be made of grade 50 steel and other steel components of A36 steel.
This connection comprises four connection interfaces: diagonal brace to gusset plate, gusset
plate to column, gusset plate to beam, and beam to column. Use the AISC LRFD specifi-
cation.

Brace to Gusset. The diagonal brace is a tube, slotted to accept the gusset plate and is
field welded to the gusset with four Y-in fillet welds. For a design stress of 0.75 X 0.60 X
70 = 31.5 ksi, a Yie-in fillet weld has a capacity of 1.392 kips per in of length. Hence the
weld length required for the 300-kip load is 300/(1.397 X 4 X 4) = 13.9 in. Use 16 in of
Ys-in fillet weld. The '2-in tube wall is more than sufficient to support this weld.

Tearout. Next, the gusset is checked for tearout. The shear tearout area is = 2 X 16¢,
where ¢ is the gusset thickness. The nominal shear fracture strength is

0.6F,A, = 0.6 X 58 X 32¢ = 1114t

and the nominal tension fracture strength is
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FIGURE 5.63 Details of the connection of a tubular brace to a tubular beam at a column. (@) A gusset plate
is welded to the brace, to a plate welded to the top of the beam, and to end plates, which are field bolted to
the column. (b) Section A-A through the tubular beam.

F,A, = 58 X 8t = 464¢

Because 1114t > 464¢, the controlling limit state is shear fracture and tension yielding. The
design strength for tearout is thus

¢R,, = 0.75(1114¢ + 8t X 36) = 1052t = 300

Solution of this inequality gives ¢+ = 0.285 in. Try a gusset thickness of %16 in.

Buckling. For a check for gusset buckling, the critical or “Whitmore section” has a
width [, = 15 in, and the gusset column length / = 12 in (Fig. 5.63a). The slenderness ratio
of the gusset column is

kl/lr = 0.5 X 12V12/0.3125 = 66.4

For the yield stress F, = 36 ksi, the design compressive stress on the Whitmore section
(from the AISC LRFD manual, Table 3.36) is ¢F,, = 24.1. The actual stress is

f. = 300/(15 X 0.3125) = 64.0 ksi > 24.1 ksi—NG

Recalculation indicates that a %-in plate has sufficient strength. For %-in plate, the slender-
ness ratio and design compression strength are



5.100 SECTION FIVE

14"
8 1/2" 3
W"—H\Aﬁ//\ 3/4" PL
P 4
b’ = 1.0625" 7
a’ = 1.9375" / @ 4 \/a
® O

1¢

—> 1€—0.349"

AN

1" PL?;’

a=11/2"— <—

8"
b=11/2" - e— 1 1/2"
SECTION A-A

(b)
FIGURE 5.63 Continued.

kl/r = 0.5 X 12V12/0.75 = 27.7
¢F ., = 29.4 ksi and the actual stress is
f. = 300/(15 X 0.75) = 26.7 ksi < 29.4 ksi—OK

Stress Components. The forces at the gusset-to-column and gusset-to-beam interfaces
are determined from the geometry of the connection. As shown in Figs. 5.63a and 5.64, for
the beam, ¢, = 6 in; for the column, e, = 8 in, and tan 6 = 12/5.875 = 2.0426. The
parameters « and B determine the location of the centroids of the horizontal and vertical
edge connections of the gusset plate:

a — Btan 0 = ez tan 6 — e, (5.30)

This constraint must be satisfied for no moments to exist along the edges of the gusset, only
uniform forces. Try o = 16 in, estimated, based on the 32-in length of the horizontal con-
nection plate B (Fig. 5.65a), which is dictated by geometry. By Eq. (5.30),

16 — 6 X 2.0426 + 8
h 2.0426

=575=6

For B = 6, three rows of bolts can be used for the connection of the gusset to the column.
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FIGURE 5.64 Determination of forces in a connection of a brace to a beam at a column through
a gusset plate, by the uniform force method. (a) Lines of action of forces when no moments
exist along the edges of the gusset plate. (b) Horizontal and vertical forces act at the top of the
beam and along the face of the column. (¢) Location of connection interfaces are related as
indicated by Eq. (5.30). (d) For an axial force P acting on the brace, the force components in
(b) are given by: Hp aPlr, Vg ezPlr, Ho ecP/r, and V. = BP/r, where r
Via+ e’ + (B + ep)
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FIGURE 5.65 Gusset plate in Fig. 5.63a. (a) Force distribution on the gusset. (b) Bolt ar-
rangement in plate A. (c) Attachment of gusset plate B.

The distance from the working point WP, the intersection of the axes of the brace, beam,
and column, to X (Fig. 5.64a) is

r=V(6 + 8?2+ (5.75 + 62 = 26.72 in

The force components are
H; = 300 X 16/26.72 = 180 kips
Vs = 300 X 6/26.72 = 67.4 kips
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V. = 300 X 5.75/26.72 = 64.6 kips
H. = 300 x 8/26.72 = 89.8 kips

These forces are shown in Fig. 5.65.

Gusset to Column. Try six A325N 74-in-diameter bolts. For a nominal strength of 48 ksi,
the shear capacity per bolt is

¢r, = 0.75 X 48 X 0.6013 = 21.6 kips

These bolts are subjected to a shear V. = 64.6 kips and a tension (or compression if the
brace force reverses) H. = 89.8 kips. The required shear capacity per bolt is 64.6/6 = 10.8
kips < 21.6 kips—OK.

The allowable bolt tension when combined with shear is

#B = 0.75 X 0.6013(117 — 2.5 X 10.8/0.6013)
= 32.5 kips = 0.75 X 90 X 0.6013 = 40.6 kips

Therefore ¢B = 32.5 kips. The applied tension per bolt is 89.8/6 = 14.9 kips < 32.5 kips—
OK.

Prying Action on Plate A. Check the end plate (Plate A in Fig. 5.65) for an assumed
thickness of 1 in. Equations (5.2) and (5.3) are used to compute the allowable stress in the
plate. As shown in section A—A (Fig. 5.65b), the bolts are positioned on 5%-in cross centers.
Since the gusset is ¥ in thick the distance from the center of a bolt to the face of the gusset
isb=(5.5-0.75/2=2375inand b’ = b — d/2 = 2.375 — 0.875/2 = 1.9375 in. The
distance from the center of a bolt to the edge of the plate is @ = 1.50 in < (1.25b
2.9969). For a = 150, a' = a + d/2 = 1.50 + 0.875/2 = 19375 in; p = b'/d’
1.9375/19375 = 1.0;p =3 in;and 6 = 1 — d'/p = 1 — 0.9375/3 = 0.6875.

For use in Egs. (5.2) and (5.3), and converting to LRFD format,

= 1.609 in

L _ [4449Bb 444 X 325 X 1.9375
¢ DF, 3 X 36

Substitution in Eq. (5.2) yields

, 1 .\ 1 1.609\’
“ T+ [(7) N 1} ~ 0.6875 x 2.00 [( 1 ) - 1] = 1156

Since o’ > 1, use @’ = 1. Then, from Eq. (5.3), the design strength is

2 2
oT, = &B (f) (1 + sa) = 325 (ﬁ) (1 + 0.6875)

= 21.2 kips > 14.9 kips—OK

The column flange can be checked for bending (prying) in the same way, but since the flange
thickness 7, = 1.720 in > 1, the flange is satisfactory.
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Weld A. This weld (Fig. 5.65a) has a length of about 10 in and the load it must carry
is

P, =VHZ? + V2 =V89.9% + 64.6> = 111 kips
The weld size required in sixteenths of an inch is

111

S x10x1302 >

A Ya-in fillet weld is sufficient, but the minimum fillet weld permitted by the AISC speci-
fications for structural steel buildings for 1-in-thick steel is Y16 in (unless low-hydrogen
electrodes are used). Use a Y16-in weld.

Gusset to Beam. Weld B (Fig. 5.65a) is 32 in long and carries a load
P, = VH? + V.2 = V180* + 67.4%> = 192 kips

This weld is a flare bevel-groove weld that attaches plate B to the top corners of the beam
(Fig. 5.66). Satisfying ASTM tube specification A500, this shape has a radius R = 3¢, where
t = tube thickness = ¥ in nominal (Fig. 5.65¢). The AISC specifications assume that R =
2t. Use of this radius to compute weld throat 7, (Fig. 5.66) is conservative for the following
reason: The design strength of the flare groove weld, when it is made with E70 electrodes,
is given by the product of 7, and the weld length and the design stress, 31.5 ksi. The AWS
defines #, as ¥16R when the groove is filled flush (Fig. 5.66).
With R = 21, ¢t, = 2 X 0.375 X %6 = 0.234 in. The throat required is

T 192

=———"—— =0.095 in < 0.234 in—
“1 = 3 %32 X 315 0.095 in < 0.234 in—OK

Thus use a flush flare bevel-groove weld.

Experience shows that tube corner radii vary significantly from producer to producer, so
verify in the shop with a radius gage that the tube radius is 2 X 0.375 = 0.75 in. If R <
0.75, verify that %16R = (0.095 in = Y% in). If ¥16R < Y% in, supplement the flare groove
weld with a fillet weld (Fig. 5.67) to obtain an effective throat of Y% in.

Plate B. 'This plate is used to transfer the vertical load V, = 67.4 kips from the “‘soft”
center of the tube top wall to the stiff side walls of the tube. For determination of thickness
1z, plate B can be treated as a simply supported beam subjected to a midspan concentrated
load from the gusset plate (Fig. 5.68). The bending moment in the beam is 67.4 X % =

\/ 7
FILLET
WELD
R GROOVE
WELD

FIGURE 5.66 Effective throat of a flare bevel- FIGURE 5.67 Fillet weld reinforces a flare bevel-
groove weld. groove weld.
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FIGURE 5.68 Plate B of Fig. 5.65a acts
as a simple beam under load from the
gusset plate.

135 in-kips. The plastic section modulus is 32¢4*/4. The design strength in bending for the
plate is 0.9F, = 0.9 X 36 = 32.4 ksi. Substitution in the flexure equation (f = M/Z) yields

135 X 4

24 =
3 3212

from which ¢, = 0.72 in. This indicates that a ¥4-in-thick plate will suffice. As a check of
this 32-in-long plate for shear, the stress is computed:

180

=————— =3, i < 18.4 ksi—
27X 32 %X 075 3.75 ksi < 18.4 ksi—OK

£

Weld C. The required weld size in number of sixteenths of an inch is

V1802 + 67.42

D= <130 216

But use a Y-in fillet weld, the AISC minimum.

Beam to Column. Plate A, 1 in thick, extends on the column flange outward from the
gusset-to-column connection but is widened to 14 in to accommodate the bolts to the column
flange. Figures 5.63b0 and 5.69 show the arrangement.

Weld D. This weld (Fig. 5.69) has a length of 2(12 — 2 X 0.375) = 22.5 in, clear of
the corner radii, and carries a load

P, =VHZ? + V2 = V89.9% + 67.4* = 112 kips

The fillet-weld size required in number of sixteenths of an inch is

112

“msxi3n o8

Use the AISC minimum ¥ie-in fillet weld.
Bolts:  Shear per bolt is 67.4/6 = 11.2 kips < 21.6 kips—OK. The tensile load per bolt
is 89.8/6 = 14.9 kips. Design tension strength per bolt for combined shear and tension is

¢B = 0.75 X 0.6013(117 — 2.5 X 11.2/0.6013) = 31.8 kips > 14.9 kips—OK
Equations (5.2) and (5.3) are used to check prying (bending) of Plate A. From Fig. 5.63b,
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FIGURE 5.69 Plate A of Fig. 5.65a transmits loads from the beam
to the column.

the distance from the center of a bolt to a wall of the tube is b = 1.5 in and b’ = b —
d/2 = 1.5 — 0.875/2 = 1.0625 in. The distance from the center of a bolt to an edge of the
plate is

a={14-11)/2 = 1.5in < 1.25b
Also for use with Egs. (5.2) and (5.3),
a =a+d/2=15+0.875/2 = 1.9375 in
p=>b'la" = 1.0625/1.9375 = 0.5484
p=3in
8=1-4d'/p=1-09375/3 = 0.6875
For use in Egs. (5.2) and (5.3), and converting to LRFD forrmat,

= 1.179

. 4.44 x 31.8 x 1.0625
¢ 3 X 36

Substitution in Eq. (5.2) yields

, 1 .\ 1 1.179\’
“ T80+ p) [(7) - 1] " 0.6875 x 1.5484 [( 1 ) - l] = 0.3664

From Eq. (5.3), the allowable stress is

2 2
¢T, = ¢B (f) 1+ éa’) = 31.8 (ﬁ) (1 + 0.3664 X 0.6875)

c

= 28.6 kips > 14.9 kips—OK
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Column Flange. This must be checked for bending caused by the axial load of 89.8
kips. Figure 5.70 shows a yield surface that can be used for this purpose. Based on this
yield surface, the effective length of column flange tributary to each pair of bolts, for use in
Egs. (5.2) and (5.3) to determine the effect of prying, may be taken as

_pn—1)+ @b+ 2

Pest (5.31)
n
where n = number of rows of bolts
b=(@8+3-1.070)/2 = 4.965
c = (15.890 — 8 — 3)/2 = 2.445
33—-1) + 4965 7+ 2 X 2.445 .
Petr = 3 = 8.83 in

Also for use with Egs. (5.2) and (5.3).
b' = 4965 — 0.875/2 = 4.528 in
a= (14 -11)/2 =15 < 1.25b
a =15+ 0.875/ = 1.9375 in
p = 4.528/1.9375 = 2.337
=1 -0.9375/8.83 = 0.894 in
t. = V444 x 31.8 X 4.528/(8.83 X 50) = 1.203 in

t = column flange thickness = 1.720

Substitution in Eq. (5.2) gives

) 1 1.203)*
% 7 0.894 x 3.337 [(1.720) N 1} = ~0.1712

Since &' < 0, use &’ = 0, and the design strength is

¢T, = ¢B = 31.8 kips > 14.9 kips—OK
This completes the design (see Fig. 5.63).

5.37 CRANE-GIRDER CONNECTIONS

Supports of crane girders must be capable of resisting static and dynamic horizontal and
vertical forces and stress reversal. Consequently, heavily loaded crane girders (for cranes
with about 75-ton capacity or more) usually are supported on columns carrying no other
loads. Less heavily loaded crane girders may be supported on building columns, which
usually extend above the girders, to carry the roof.

It is not advisable to connect a crane girder directly to a column. End rotations and
contraction and expansion of the girder flanges as the crane moves along the girder induce
severe stresses and deformations at the connections that could cause failure. Hence, vertical
support should be provided by a seat, and horizontal support by flexible connections. These
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p(n-1)

FIGURE 5.70 Yield lines for the flange of the col-
umn in Fig. 5.63a.

connections should offer little restraint to end rotation of the girders in the plane of the web
but should prevent the girders from tipping over and should provide lateral support to the
compression flange.

When supported on building columns, the crane girders may be seated on brackets (very
light loads) or on a setback in those columns. (These arrangements are unsatisfactory for
heavy loads, because of the eccentricity of the loading.) When a setback is used, the splice
of the deep section and the shallow section extending upward must be made strong. Often,
it is desirable to reinforce the flange that supports the girder.

Whether seated on building columns or separate columns, crane girders usually are braced
laterally at the supports against the building columns. In addition, when separate columns
are used, they too should be braced at frequent intervals against the building columns to
prevent relative horizontal movement and buckling. The bracing should be flexible in the
vertical direction, to avoid transfer of axial stress between the columns.

Figure 5.71 shows the connection of a crane girder supported on a separate column. At
the top flange, horizontal thrust is transmitted from the channel through a clip angle and a
tee to the building column. Holes for the fasteners in the vertical leg of the clip angle are
horizontal slots, to permit sliding of the girders longitudinally on the seat. The seat under
the bottom flange extends to and is attached to the building column. This plate serves as a
flexible diaphragm. Stiffeners may be placed on the building column opposite the top and
bottom connections, if needed. Stiffeners also may be required for the crane-girder web. If
so, they should be located over the flanges of the crane-girder column.
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SECTION 6
BUILDING DESIGN CRITERIA

R. A. LaBoube, P.E.

Professor of Civil Engineering, University of Missouri-Rolla,
Rolla, Missouri

Building designs generally are controlled by local or state building codes. In addition, designs
must satisfy owner requirements and specifications. For buildings on sites not covered by
building codes, or for conditions not included in building codes or owner specifications,
designers must use their own judgment in selecting design criteria. This section has been
prepared to provide information that will be helpful for this purpose. It summarizes the
requirements of model building codes and standard specifications and calls attention to rec-
ommended practices.

The American Institute of Steel Construction (AISC) promulgates severa standard spec-
ifications, but two are of special importance in building design. One is the ** Specification
for Structural Steel Buildings—Allowable Stress Design (ASD) and Plastic Design.” The
second is the *‘Load and Resistance Factor Design (LRFD) Specification for Structura Steel
Buildings,” which takes into account the strength of steel in the plastic range and utilizes
the concepts of first-order theory of probability and reliability. The standards for both ASD
and LRFD are reviewed in this section.

Steels used in structural applications are specified in accordance with the applicable spec-
ification of ASTM. Where heavy sections are to be spliced by welding, special material
notch-toughness requirements may be applicable, as well as special fabrication details (see
Arts. 1.13, 1.14, and 1.21).

6.1 BUILDING CODES

A building code is alegal ordinance enacted by public bodies, such as city councils, regional
planning commissions, states, or federal agencies, establishing regulations governing building
design and construction. Building codes are enacted to protect public health, safety, and
welfare.

A building code presents minimum requirements to protect the public from harm. It does
not necessarily indicate the most efficient or most economical practice.

Building codes specify design techniques in accordance with generally accepted theory.
They present rules and procedures that represent the current generally accepted engineering
practices.

A building code is a consensus document that relies on information contained in other
recognized codes or standard specifications, e.g., the model building codes promulgated by

6.1
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building officials associations and standards of AISC, ASTM, and the American National
Standards Institute (ANSI). Information generally contained in a building code addresses all
aspects of building design and construction, e.g., fire protection, mechanical and electrical
installations, plumbing installations, design loads and member strengths, types of construc-
tion and materials, and safeguards during construction. For its purposes, a building code
adopts provisions of other codes or specifications either by direct reference or with modifi-
cations.

6.2 APPROVAL OF SPECIAL CONSTRUCTION

Increasing use of specialized types of construction not covered by building codes has stim-
ulated preparation of special-use permits or approvals. Model codes individually and collec-
tively have established formal review procedures that enable manufacturers to attain approval
of building products. These code-approval procedures entail a rigorous engineering review
of al aspects of product design.

6.3 STANDARD SPECIFICATIONS

Standard specifications are consensus documents sponsored by professional or trade asso-
ciations to protect the public and to avoid, as much as possible, misuse of a product or
method and thus promote the responsible use of the product. Examples of such specifications
are the American Ingtitute of Steel Construction (AISC) alowable stress design (ASD) and
load and resistance factor design (LRFD) specifications; the American Iron and Steel Insti-
tute's (AlSI's) ** Specification for the Design of Cold-Formed Steel Structural Members,” the
Steel Joist Ingtitute’s ** Standard Specifications Load Tables and Weight Tables for Steel Joists
and Joist Girders,” and the American Welding Society’s (AWS's) ““ Structural Welding
Code—Steel” (AWS D1.1).

Another important class of standard specifications defines acceptable standards of quality
of building materials, standard methods of testing, and required workmanship in fabrication
and erection. Many of these widely used specifications are developed by ASTM. As need
arises, ASTM specifications are revised to incorporate the latest technological advances. The
complete ASTM designation for a specification includes the year in which the latest revision
was approved. For example, A588/A588M-97 refers to specification A588, adopted in 1997.
The M indicates that it includes alternative metric units.

In addition to standards for product design and building materias, there are standard
specifications for minimum design loads, e.g., “Minimum Design Loads for Buildings and
Other Structures” (ASCE 7-95), American Society of Civil Engineers, and *‘ Low-Rise Build-
ing Systems Manual,” Metal Building Manufacturers Association.

It is advisable to use the latest editions of standards, recommended practices, and building
codes.

6.4 BUILDING OCCUPANCY LOADS

Safe yet economical building designs necessitate application of reasonable and prudent de-
sign loads. Computation of design loads can require a complex analysis involving such
considerations as building end use, location, and geometry.
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6.4.1 Building Code-Specified Loads

Before initiating a design, engineers must become familiar with the load requirements of the
local building code. All building codes specify minimum design loads. These include, when
applicable, dead, live, wind, earthquake, and impact loads, as well as earth pressures.

Dead, floor live, and roof live loads are considered vertical loads and generally are spec-
ified as force per unit area, e.g., Ib per ft2 or kPa. These loads are often referred to as gravity
loads. In some cases, concentrated dead or live loads also must be considered.

Wind loads are assumed to act normal to building surfaces and are expressed as pressures,
e.g., psf or kPa. Depending on the direction of the wind and the geometry of the structure,
wind loads may exert either a positive or negative pressure on a building surface.

All building codes and project specifications require that a building have sufficient
strength to resist imposed loads without exceeding the design strength in any element of the
structure. Of equal importance to design strength is the design requirement that a building
be functiona as stipulated by serviceability considerations. Serviceability requirements are
generadly given as alowable or permissible maximum deflections, either vertical or horizon-
tal, or both.

6.4.2 Dead Loads

The dead load of a building includes weights of walls, permanent partitions, floors, roofs,
framing, fixed service equipment, and all other permanent construction (Table 6.1). The
American Society of Civil Engineers (ASCE) standard, **Minimum Design Loads for Build-
ings and Other Structures” (ASCE 7-95), gives detailed information regarding computation
of dead loads for both normal and specia considerations.

6.4.3 Floor Live Loads

Typica requirements for live loads on floors for different occupancies are summarized in
Table 6.2. These minimum design loads may differ from requirements of local or state
building codes or project specifications. The engineer of record for the building to be con-
structed is responsible for determining the appropriate load requirements.

Temporary or movable partitions should be considered a floor live load. For structures
designed for live loads exceeding 80 Ib per ft2, however, the effect of partitions may be
ignored, if permitted by the local building code.

Live Load Reduction. Because of the small probability that a member supporting a large
floor area will be subjected to full live loading over the entire area, building codes permit a
reduced live load based on the areas contributing loads to the member (influence area).
Influence area is defined as the floor area over which the influence surface for structural
effects on a member is significantly different from zero. Thus the influence area for an
interior column comprises the four surrounding bays (four times the conventional tributary
area), and the influence area for a corner column is the adjoining corner bay (also four times
the tributary area, or area next to the column and enclosed by the bay center lines). Similarly,
the influence area for a girder is two times the tributary area and equals the panel area for
a two-way dlab.

The standard, **Minimum Design Loads for Buildings and Other Structures”’ (ASCE 7-
95), American Society of Civil Engineers, permits areduced live load L (Ib per ft2) computed
from Eq. (6.1) for design of members with an influence area of 400 ft? or more:

L =L,0.25+ 15/VA) (6.1)



TABLE 6.1 Minimum Design Dead Loads

Component Load, Ib/ft? Component  Load, Ib/ft? Component Load, Ib/ft?
Ceilings Wat(_arpro_ofi ng membranes: Frame partitions
Bituminous, gravel-covered 55
Acoustical fiber tile 1 Bituminous, smooth surface L5 Movable steel partitions 4
s Liquid applied 1.0 ]
Gypsum board (per “e-in thickness) 055 Single-ply, sheet 0.7  Wood or steel studs, ¥2-in gypsum board 8
Mechanlcal.duct alowance 4 Wood sheathing (per inch thickness) 3 each side '
Plaster on tile or concrete 5 Wood shingles 3 Wood studs, 2 X 4; unplastered . 4
Plaster on wood lath 8 Wood studs, 2 X 4, plastered one side 12
Suspended steel channel system 2 Floor fill Wood studs, 2 X 4, plastered two sides 20
Suspended metal lah and cement
plaster 15 Cinder concrete, per inch 9 Frame walls
Suspended metal lath and gypsum  Lightweight concrete, per inch 8 ]
plaster 10 Sand, per inch 8 Exterior stud walls: '
. . ’ 2 X 4 @ 16 in, Ys-in gypsum, insulated, 11
Wood furring suspension system 25 Stone concrete, per inch 12 %-in siding
] 2 X 6 @ 16 in, Ys-in gypsum, insulated, 12
Coverings, roof, and wall Floors and floor finishes ¥e-in siding
Exterior stud walls with brick veneer 48
Asbestos-cement shingles Asphalt block (2-in), ¥2-in mortar 30  Windows, glass, frame and sash 8
Asphalt shingles 2 Cement finish (1-in) on stone-concrete 32
Cement tile 16 fill Masonry walls*
Clay tile (for mortar add 10 Ib): Ceramic or quarry tile (32-in) on ¥2-in 16 .
Book tile, 2-in 12 mortar bed Clay brick wythes:
Book tile, 3-in 20 Ceramic or quarry tile (¥-in) on 1-in 23 4in 39
Ludowici 10 mortar bed 8in 79

v'9
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TABLE 6.1 Minimum Design Dead Loads Continued
Component Load, Ib/ft? Component  Load, Ib/ft? Component Load, Ib/ft?
Coverings, roof, and wall (cont. -

I ™ ) 9 ( ) Floors and floor finishes (cont.) Masonry walls (cont.)
Clay tile (cont.

Roman 12 ; .

: Clay brick wythes: (cont.

Spanish 19 Concrete fill finish (per inch thicknes) 12 & W (cont.

Composition: _ Hardwood flooring, Zs-in 4 12in 115
Three-ply ready roofing 1 Linoleum or asphalt tile, ¥a-in 16 in 155
Four-ply felt and gravel 55 . Hollow concrete
Five-ply felt and gravel 6 Marble anq morta'w on stone-concrete fill 33 masonry unit wythes:

Copper or tin 1 Slate (per inch thickness) 15 Wythe thickness (in) 4 6 8 10 12

Deck, metal, 20 ga 25 Solid flat tile on 1-in mortar base 23 Unit percent solid 70 55 52 50 48

Deck, metal, 18 ga 3 Subflooring, ¥a-in l(l'ggtp"(\:’g'_ght units

Decking, 2-in wood (Douglas fir) 5  Terrazzo (1%2-in) directly on siab 19 No grdut 2 271 35 42 49

Decking, 3-in wood (Douglas fir) g  Terrazzo (1-in) on stone-concrete fill 32 48 o.c. 31 40 49 58

' . T -in), 2-i 40 o.c. 3 43 53 63

Fiberboard, ¥2-in 0.75 errazzo (1-in), 2-in stone concrete 32 s Grout M a4 =5 66

Gypsum sheathing, %-in 5 Wood block (3-in) on mastic, no fill 10 e Sgg:mg 2 19 @4 7

Insulation, roof boards (per inch thickness): Wood block (3-in) on ¥z-in mortar base 16 16 o.C. 42 56 70 84
Cellular 0.7 Full grout 57 77 98 119
Fibrous glass 11 Floors, wood-joist (no plaster) double wood  Normal Weight Units
Fiberboard 15 floor (135 pcf):

Perlite 0.8 No grout 29 35 45 54 63
Polystyrene foam 02  Joig  12-in 16-in 24-in 48 o.c. 33 50 61 72
Urethane foam with skin 05  sizess  spacing, spacing,  spacing, 40 o.c. 36 53 65 77

Plywood (per ¥s-in thickness) 0.4 in Ib/ft> Ib/ft? Ib/ft> 32 o.c. p Grout 38 55 68 80

Rigid insulation, ¥>in 075 56 S c s 24.0¢. | spacing aoe s

Skylight, metal frame, ¥s-in wire glass 8 o5x3 6 6 5 ) 0c 64 87 110 133

Sate Yiei 7 Solid concrete masonry

& 7ierin 2 x 10 7 6 6 unit wythes (incl.
Slate, ¥s-in 10 5% 12 8 7 6 concrete brick):
Wythe thickness,
Lightweight units 4 6 8 10 12
(105 pcf): 32 49 67 84 102
Normal weight units
41 63 86 108 131

(235 pcf):

* Weights of masonry include mortar but not plaster. For plaster, add 5 Ib/ft? for each face plastered. Vaues given
represent averages. In some cases there is a considerable range of weight for the same construction.
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TABLE 6.2 Minimum Design Live Loads
a. Uniformly distributed design live loads

Live load, Live load,
Occupancy or use Ib/ft? Occupancy or use Ib/ft?
Armories and drill rooms 150 Manufacturing (see Table 6.2
Assembly areas and theaters aso)
Fixed sets (fastened to floor) 60 Light 125
Lobbies 100 Heavy 250
Movable seats 100 Marquees and canopies 75
Platforms (assembly) 100 Office buildings’ (see Table 6.25
Stage floors 150 a'so)
Balconies (exterior) 100 Lobbies 100
On one- and two-family Offices 50
residences only, and not Penal institutions
exceeding 100 ft2 60 cell blocks 40
Bowling aleys, poolrooms, and Corridors 100
similar recreational areas 75 Residential

Corridors Dwellings (one- and two-
First floor 100 family)
Other floors, same as Uninhabitable attics without

occupancy served except as storage 10

indicated Uninhabitable attics with
Dance halls and ballrooms 100 Hastﬁ;?)?g atics and Seenin 20

i i i
Decks (patio and roof) areas seping 30
Same as area served, or for the All other areas 40
type of occupancy Hotels and multifamily

accommodated buildings
Dining rooms and restaurants 100 Private rooms and corridors
Fire escapes 100 serving them _ 40

On single-family dwellings Public rooms, corridors, and

only 40 lobbies serving them 100
Garages (see Table 6.2b also) Schools (see Table 6.2b also)

Passenger cars only 50 Classrooms 40

For trucks and buses use Corridors above first floor 80

AASHTO" lane loads (see Sidewalks, vehicular driveways,

Table 6.2 also) and yards, subject to trucking®
Grandstands' (see Stadium) (sce Table 6.2 aso) 250
Gymnasiums, main floors and Stadium and arenas 100

balconies 100 E’I egj:h;:t (fastened to floor) 128
. ix S ened to floor
Hospitals (see Table 6.2b also) Stairs and exitways (see Table
Operating room, laboratories 60 6.2 aso) 100
Private rooms 40 )
Storage warehouses
Wards 40 ;
- ) Light 125
Corridors above first floor 80 Heavy 250
Libraries (see Table 6.2b also)
Reading rooms 60 St(l)?r;sa”
gack droorgks)d first fl 128 First floor 100
orridors above first floor Upper floors 75
Wholesale, all floors 125
Walkways and elevated platforms
(other than exitways) 60
Yards and terraces (pedestrians) 100
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TABLE 6.2 Minimum Design Live Loads (Continued)

6.7

b. Concentrated live loads®

Location Load, Ib
Elevator machine room grating (on 4-in® area) 300
Finish, light floor-plate construction (on 1-in? area) 200
Garages:
Passenger cars:
Manual parking (on 20-in? area) 2,000
Mechanica parking (no slab), per wheel 1,500
Trucks, buses (on 20-in? area) per wheel 16,000
Hospitals 1000
Libraries 1000
Manufacturing
Light 2000
Heavy 3000
Office floors (on area 2.5 ft square) 2,000
Roof-truss panel point over garage, manufacturing, or storage floors 2,000
Schools 1000
Scuttles, skylight ribs, and accessible ceilings (on area 2.5 ft square) 200
Sidewalks (on area 2.5 ft square) 8,000
Stair treads (on 4-in? area at center of tread) 300
c. Minimum design loads for materials
Load, Load,
Material Ib/ft3 Materia Ib/ft?
Aluminum, cast 165 Earth (not submerged) (Continued):
P . Sand and gravel, dry, loose 100
Bituminous products: Sand and gravel, dry, packed 120
Asphalt 81 Sand and gravel, wet 120
Petroleum, gasoline 42 and gravel, wi
Pitch 69 Gold, solid 1205
Tar 75 Gravel, dry 104
Brass, cast 534 Gypsum, loose 70
Bronze, 8 to 14% tin 509 lce 57.2
Cement, portland, loose 90 Iron, cast 450
Cement, portland, set 183 Lead 710
Cinders, dry, in bulk 45 Lime, hydrated, loose 32
Coal, bituminous or lignite, piled 47 Lime, hydrated, compacted 45
Coal, bituminous or lignite, piled 47 Magnesium alloys 112
Coal, peat, dry, piled 23 Mortar, hardened:
Charcoa 12 Cement 130
Copper 556 . Lime 110
Earth (not submerged): Riprap (not submerged):
Limestone 83
Clay, dry 63 Sandst 90
Clay, damp 110 one
Clay and gravel, dry 100 Sand, clean and dry 90
Silt, moist, loose 78
Silt, moist, packed 96
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TABLE 6.2 Minimum Design Live Loads (Continued)

¢. Minimum Design loads for materials (Continued)

Load, Load,
Material Ib/ft3 Materia Ib/ft?
Sand, river, dry 106 Stone, ashlar (Continued):
Silver 656 Sandstone 140
) 1
Stone, ashlar: '
Basdlt, granite, gneiss 165 Water, fresh 62.4
Limestone, marble, quartz 160 Water, sea 64

< American Association of State Highway and Transportation Officials lane loads should aso be considered where
appropriate.

File and computer rooms should be designed for heavier loads; depending on anticipated installations. See aso
corridors.

¢For detailed recommendations, see American National Standard for Assembly Seating, Tents, and Air-Supported
Structures. ANSI/NFPA 102.

4For the weight of books and shelves, assume a density of 65 pcf, convert it to a uniformly distributed area load,
and use the result if it exceeds 150 Ib/ft2

¢Useinstead of uniformly distributed live load, except for roof trusses, if concentrated loads produce greater stresses
or deflections. Add impact factor for machinery and moving loads: 100% for elevators, 20% for light machines, 50%
for reciprocating machines, 33% for floor or balcony hangers. For craneways, add a vertical force equal to 25% of the
maximum wheel load; a lateral force equal to 10% of the weight of trolley and lifted load, at the top of each rail; and
alongitudinal force equal to 10% of maximum wheel loads, acting at top of rail.

where L, = unreduced live load, 1b per ft2
A, = influence area, ft?

The reduced live load should not be less than 0.5L, for members supporting one floor nor
0.4L, for al other loading situations. If live loads exceed 100 Ib per ft2, and for garages for
passenger cars only, design live loads may be reduced 20% for members supporting more
than one floor. For members supporting garage floors, one-way slabs, roofs, or areas used
for public assembly, no reduction is permitted if the design live load is 100 Ib per ft? or less.

6.4.4 Concentrated Loads

Some building codes require that members be designed to support a specified concentrated
live load in addition to the uniform live load. The concentrated live load may be assumed
to be uniformly distributed over an area of 2.5 ft> and located to produce the maximum
stresses in the members. Table 6.2b lists some typical loads that may be specified in building
codes.

6.4.5 Pattern Loading

This is an arrangement of live loads that produces maximum possible stresses at a point in
a continuous beam. The member carries full dead and live loads, but full live load may
occur only in aternating spans or some combination of spans. In a high-rise building frame,
maximum positive moments are produced by a checkerboard pattern of live load, i.e., by
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full live load on alternate spans horizontally and alternate bays vertically. Maximum negative
moments at a joint occur, for most practical purposes, with full live loads only on the spans
adjoining the joint. Thus pattern loading may produce critical moments in certain members
and should be investigated.

6.5 ROOF LOADS

In northern areas, roof loads are determined by the expected maximum snow |oads. However,
in southern areas, where snow accumulation is not a problem, minimum roof live loads are
specified to accommodate the weight of workers, equipment, and materials during mainte-
nance and repair.

6.5.1 Roof Live Loads

Some building codes specify that design of flat, curved, or pitched roofs should take into
account the effects of occupancy and rain loads and be designed for minimum live loads,
such as those given in Table 6.3. Other codes require that structural membersin flat, pitched,
or curved roofs be designed for alive load L, (Ib per ft2 of horizontal projection) computed
from

L, = 20R,R, = 12 (6.2
where R, = reduction factor for size of tributary area
1for A, = 200
1.2 — 0.0014, for 200 < A, < 600
0.6 for A, = 600
tributary area, or area contributing load to the structural member, ft2 (Sec. 6.4.3)
reduction factor for slope of roof
1for F= 4

s
TN

TABLE 6.3 Roof Live Loads (Ib per ft?) of Horizontal Projection*

Tributary loaded area, ft?, for any
structural member

Roof slope 0 to 200 201 to 600 Over 600

Flat or rise less than 4:12

Arch or dome with rise less 20 16 12
than ¥s of span
Rise 4:12 to less than 12:12 16 14 12

Arch or dome with rise ¥5

span to less than ¥s span

Rise 12:12 or greater 12 12 12
Arch or dome with rise ¥s of

span or greater

* As specified in *“Low-Rise Building Systems Manual,” Metal Building Manu-
facturers Association, Cleveland, Ohio.
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12 - 0.05F for4 < F < 12

0.6 for F = 12

rate of rise for a pitched roof, in/ft

rise-to-span ratio multiplied by 32 for an arch or dome

6.5.2 Snow Loads

Determination of design snow loads for roofs is often based on the maximum ground snow
load in a 50-year mean recurrence period (2% probability of being exceeded in any year).
This load or data for computing it from an extreme-value statistical analysis of weather
records of snow on the ground may be obtained from the local building code or the National
Weather Service. Maps showing ground snow loads for various regions are presented in
model building codes and standards, such as *“*Minimum Design Loads for Buildings and
Other Structures” (ASCE 7-95), American Society of Civil Engineers. The map scales, how-
ever, may be too small for use for some regions, especialy where the amount of local
variation is extreme or high country is involved.

Some building codes and ASCE 7-95 specify an equation that takes into account the
consequences of a structural failure in view of the end use of the building to be constructed
and the wind exposure of the roof:

ps = 0.7C,C,Ip, (6.3)
where C, = wind exposure factor (Table 6.4)
C, = thermal effects factor (Table 6.6)
I = importance factor for end use (Table 6.7)
p; = roof snow load, Ib per ft*
P, = ground snow load for 50-year recurrence period, |b per ft?

The **Low-Rise Building systems Manual,” Metal Building Manufacturers Association,
Cleveland, Ohio, based on a modified form of ASCE 7, recommends that the design of roof
snow load be determined from

pf = I,vcpg (6'4)

where I is an importance factor and C reflects the roof type.

In their provisions for roof design, codes and standards also allow for the effect of roof
dlopes, snow drifts, and unbalanced snow loads. The structura members should be investi-
gated for the maximum possible stress that the loads might induce.

6.6 WIND LOADS

Wind loads are randomly applied dynamic loads. The intensity of the wind pressure on the
surface of a structure depends on wind velocity, air density, orientation of the structure, area
of contact surface, and shape of the structure. Because of the complexity involved in defining
both the dynamic wind load and the behavior of an indeterminate stedl structure when sub-
jected to wind loads, the design criteria adopted by building codes and standards have been
based on the application of an equivalent static wind pressure. This equivalent static design
wind pressure p (psf) is defined in a general sense by

p = qGC, (6.5)

where ¢
G

velocity pressure, psf
gust response factor to account for fluctuations in wind speed
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TABLE 6.4 Exposure Factor, C,, for Snow Loads, Eq. (6.3)

Exposure of Roof«?

Fully Partialy

Terrain Category” Sheltered  exposed exposed

A N/A 11 13

B 0.9 10 12

C 0.9 10 11

D 0.8 0.9 10
Above the treeline in windswept 0.7 0.8 N/A
mountainous areas.
Alaska, in areas where trees do not 0.7 0.8 N/A

exist within a 2-mile radius of site

“See Table 6.5 for definition of categories. The terrain category and roof exposure
condition chosen should be representative of the anticipated conditions during the life
of the structure.

*The following definitions apply: Fully Exposed, roofs exposed on all sides with
no sheltere afforded by terrain, higher structures or trees, excluding roofs that contain
several large pieces of mechanical equipment or other obstructions; Partially Exposed,
all roofs except for fully exposed and sheltered; Shelrered, roofs located tight in anong
conifers that qualify as obstructions.

¢ Obstructions within a distance of 10 h, provide shelter, where h, is the height of
the obstruction above the roof level. If the only obstructions are a few deciduous trees
that are leafless in winter, the fully exposed category should be used except for terrain
category “‘A.” Although heights above roof level are used here, heights above ground
are used n defining exposure categories.

Source: Adapted from Minimum Design Loads for Buildings and Other Struc-
tures, (ASCE 7-95), American Society of Civil Engineers, Reston, Va.

TABLE 6.5 Definition of Exposure Categories

Terrain category Definition
A Large city centers with at least 50% of buildings hav-
ing height in excess of 70 ft
B Urban and suburban areas, wooded areas or terrain

with numerous closely spaced obstructions having size
of single-family dwellings or larger

C Open terrain with scattered obstructions having heights
generaly <30 ft, including flat open country, grass-
lands and shorelines in hurricane prone regions

D Flat, unobstructed areas exposed to wind flowing over
open water for a distance of at least one mile, exclud-
ing shorelines in hurricane prone regions

Source: Adapted from Minimum Design Loads for Buildings and Other Structures,
(ASCE 7-95), American Society of Civil Engineers, Reston, Va.

6.11
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TABLE 6.6 Thermal Factor for Eq. (6.3)

Thermal

Thermal condition* factor C,
Heated structure 1.0
Structure kept just above freezing 11
Unhesated structure 12

* These conditions should be representative of those
which are likely to exist during the life of the structure.

C, = pressure coefficient or shape factor that reflects the influence of the wind on the
various parts of a structure

The ASCE 7-95 wind load provisions incorporated significant changes to the determi-
nation of design wind loads. Most significant changes were: (1) a new Wind Speed Map
based on 3-second gust speeds, (2) new provisions for wind speed-up due to topographical
effects, (3) substantial increases in internal pressure coefficients for low-rise buildings in
hurricane zones, (4) decreases in design wind pressures for low-rise buildings in suburban
terrain, and (5) two separate methods for assessing wind loads for buildings having heights
less than 60 ft. The ASCE 7-98 (draft) has proposed important additional refinements to the
ASCE 7-95 provisions, which should be referred to.

Velocity pressure is computed from

g, = 0.00256 K_K_ K, V3 (6.6)
where K, = velocity exposure coefficient evaluated at height z
K,, = topographic factor
K, = wind directionality factor
I = importance factor

V = basic wind speed corresponding to a 3-second gust speed at 33 ft above the
ground in exposure C

Velocity pressures due to wind to be used in building design vary with type of terrain,
distance above ground level, importance of building, likelihood of hurricanes, and basic wind
speed recorded near the building site. The wind pressures are assumed to act horizontally
on the building area projected on a vertical plane normal to the wind direction.

Unusua wind conditions often occur over rough terrain and around ocean promontories.
Basic wind speeds applicable to such regions should be selected with the aid of meteorol-

TABLE 6.7 Importance Factor for
Snowloads, Eq. (6.3)

Category* Importance factor 1
I 0.8
1] 10
" 11
v 12

* See Table 6.8 for description of categories.
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TABLE 6.8 Classifications for Wind, Snow, and Earthquake Loads

Nature of occupancy Category

Buildings and other structures that represent a low hazard to human life in the |
event of failure including, but not limited to:

Agricultural facilities
Certain temporary facilities
Minor storage facilities

All buildings and other structures except those listed in Categories I, 111, and Il
A\

Buildings and other structures that represent a substantial hazard to human I
life in the event of failure including, but not limited to:

Buildings and other structures where more than 300 people congregate in one area

Buildings and other structures with elementary school, secondary school, or day-care facilities with
capacity greater than 250

Buildings and other structures with a capacity greater than 500 for colleges or adult education facil-
ities

Hedlth-care facilities with a capacity of 50 or more resident patients but not having surgery or
emergency treatment facilities

Jails and detention facilities

Power generating stations and other public utility facilities not included in Category 1V

Buildings and other structures containing sufficient quantities of toxic or explosive substances to be
dangerous to the public if released

Buildings and other structures designated as essential facilities including, but v
not limited to:

Hospitals and other health-care facilities having surgery or emergency treatment facilities
Fire, rescue and police stations and emergency vehicle garages

Designated earthquake, hurricane, or other emergency shelters

Communications centers and other facilities required for emergency response

Power generating stations and other public utility facilities required in an emergency
Buildings and other structures having critical national defense functions

Source: From Minimum Design Loads for Buildings and Other Structures, (ASCE 7-95), American Society of
Civil Engineers, Reston, Va, with permission.

ogists and the application of extreme-value statistical analysis to anemometer readings taken
a or near the site of the proposed building. Generally, however, minimum basic wind ve-
locities are specified in local building codes and in national model building codes but should
be used with discretion, because actua velocities at a specific site and on a specific building
may be significantly larger. In the absence of code specifications and reliable data, basic
wind speed at a height of 10 m above grade may be estimated from Fig. 6.1.

For design purposes, wind pressures should be determined in accordance with the degree
to which terrain surrounding the proposed building exposes it to the wind. Exposures are
defined in Table 6.5.

ASCE 7 permits the use of either Method | or Method Il to define the design wind loads.
Method | is a simplified procedure and may be used for enclosed or partially enclosed
buildings meeting the following conditions:
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Alaska Note:
For coastal areas and islands,
use nearest contour
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2
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e 110(49)
120(54) )

v : o

5 /5,
‘3'_:*;%;;: 150(67)
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Special Wind Region

. Population Center

4
A

Location V mph (m/s)
“ 1N 140(63) Hawai 105 (47)
g Puerto Rico 125  (56)

G

@' Guam 170 (76)
é Virgin Islands 125  (56)

American Samoa 125  (56)

150(67) -~

Values are 3-second gust speeds in miles per hour (m/s) at 33 ft
(10m) above ground for Exposure C category and are associated
with an annual probability of 0.02.

. Linear interpolation between wind speed contours is permitted.
. Islands and coastal areas shall use wind speed contour of coastal

area.

. Mountainous terrain, gorges, ocean promontories, and special wind

regions shall be examined for unusual wind conditions.

FIGURE 6.1 Contours on map of the United States show basic wind speeds (fastest-mile speeds recorded
10 m above ground) for open terrain and grasslands with 50-year mean recurrence interval. (Source: “Minimum
Design Loads for Buildings and Other Structures,” ASCE 7-95, American Society of Civil Engineers, Reston,

Va., with permission.)
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. building in which the wind loads are transmitted through floor and roof diaphragms to

the vertical main wind force resisting system

. building has roof slopes less than 10°

mean roof height is less than or equal to 30 ft.

. building having no unusual geometrical irregularity in spatial form
. building whose fundamental frequency is greater than 1 hz

. building structure having no expansion joints or separations

. building is not subject to topographical effects.

The design procedure for Method | involves the following considerations:

. Determine the basic design speed, V, from Fig. 6.1

. Select the importance factor, 1, using Table 6.9

. Define the exposure category, i.e., A, B, C, or D, using Table 6.5

. Define the building enclosure classification, i.e., enclosed or partially enclosed

. Using Table 6.10, determine the design wind load for the main wind force resisting system
. Using Table 6.11 or 6.12 determine the design wind load for the component and cladding

elements.

ASCE 7 Method 1l is a rigorous computation procedure that accounts for the external,

and internal pressure variation as well as gust effects. The following is the general equation
for computing the design wind pressure, p:

p = qGCp - qi(GCpi) (67)
where ¢ and ¢, = velocity pressure as given by ASCE 7
G = gust effect factor as given by ASCE 7
C, = external pressure coefficient as given by ASCE 7
GC,, = internal pressure coefficient as given by ASCE 7

Codes and standards may present the gust factors and pressure coefficients in different

formats. Coefficients from different codes and standards should not be mixed.

Designers should exercise judgment in selecting wind loads for a building with unusual

shape, response-to-load characteristics, or site exposure where channeling of wind currents

TABLE 6.9 Importance Factor for Wind Loads, Eq. (6.6)

Importance factor, |
hurricane prone regions,

Category* V = 85-100 mph V > 100 mph
| 0.87 0.77
I 1.00 1.00
1" 1.15 115
\Y 1.15 1.15

* See Table 6.8 for description of categories.

Source: From Minimum Design Loads for Buildings and Other
Structures, (ASCE 7-95), American Society of Civil Engineers, Reston,
Va., with permission.
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TABLE 6.10 Design Wind Pressure-Method 1 Simplified Procedure Main Wind-Force Resisting System

DESIGN WIND PRESSURE (PSF)

Basic Wind Speed VV (MPH)

Building
Location classification 85 90 100 110 120 130 140 150 160 170
Enclosed -14 -16 -20 —24 -29 -33 -39 —45 -51 -57
Roof
Partially enclosed | -19 | -21 | -26 | -31 | —-37 | —44 | -51 | -58 | —-66 | —74
Wall Enclosed or 12 14 17 20 24 29 33 38 43 49
partially enclosed

*Design wind pressures above represent the following:

Roof—Net pressure (sum of external and internal pressures) applied normal to al roof surfaces.

Wall—combined net pressure (sum of windward and leeward, external and internal pressures) applied normal to al windward wall surfaces.
2Values shown are for exposure B. For other exposures, multiply values shown by the factor below:

Exposure Factor
C 1.40
D 1.66

3Values shown for roof are based on a tributary area less than or equal to 100 sf. For larger tributary areas, multiply
values shown by reduction factor below:

Area Reduction Factor (Linear inter-
(SF polation permitted)
=100 1.0
250 0.9
=1000 0.8

4Values shown are for importance factor 7 = 1.0. for other values of I, multiply values showed by 1.

5Plus and minus signs indicate pressures acting toward and away from exterior surface, respectively.

Source: From Minimum Design Loads for Buildings and Other Structures, (ASCE 7-95), American Society of
Civil Engineers, Reston, Va., with permission.

or buffeting in the wake of upwind obstructions should be considered in design. Wind-tunnel
tests on a model of the structure and its neighborhood may be helpful in supplying design
data. (See aso Sec. 9.)

(**‘Minimum Design Loads for Buildings and Other Structures,” ASCE 7-95; and K. C.
Mehta et a., Guide to the Use of the Wind Load Provisions, American Society of Civil
Engineers.)
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TABLE 6.11 Design Wind Pressure—Method 1 Components and Cladding—Enclosed Building

DESIGN WIND PRESSURE (PSF)

Effective Basic wind speed V (mph)
wind
area
Location Zone (SF) 85 90 100 110 120 130 140 150 160 170
10 +5 -13 +6 -15 +7 -18 +9 -22 +11 -26 +12 -30 +14 -35 +16 -40 +19 —-46 +21 52
1 20 +5 -13 +6 -14 +7 -18 +8 -21 +10 -25 +12 -30 +13 -34 +15 -39 +18 -45 +20 -51
100 +4 -12 +5 -13 +6 -16 +7 -20 +8 -24 +10 -28 +11 -32 +13 37 +15 -—42 +17 48




2
% TABLE 6.11 Design Wind Pressure—Method 1 Components and Cladding—Enclosed Building (Continued)

DESIGN WIND PRESSURE (PSF)

Effective Basic wind speed V (mph)
wind
area
Location Zone (SF) 85 20 100 110 120 130 140 150 160 170

10 +5 -22 +6 -24 +7 -30 +9 -36 +11 -43 +12 -51 +14 -59 +16 -68 +19 77 +21 87

Roof 2 20 +5 -19 +6 -22 +7 -27 +8 -33 +10 -39 +12 -46 +13 -53 +15 -61 +18 -69 +20 -—78

100 +4 -14 +5 -16 +6 -19 +7 -24 +8 -28 +10 -33 +11 -38 +13 —-44 +15 -50 +17 -56

10 +5 -33 +6 -37 +7 -45 +9 -55 +11 -65 +12 -77 +14 -89 +16 -102 +19 -116 +21 -131

3 20 +5 -27 +6 -30 +7 -37 +8 -45 +10 -54 +12 -63 +13 -73 +15 -84 +18 -96 +20 -108

100 +4 -14 +5 -16 +6 —-19 +7 -24 +8 -28 +10 —-33 +11 -38 +13 -44 +15 -50 +17 -56

10 +13 -14 +15 -16 +18 -19 +22 -24 +26 -28 +30 -33 +35 -38 +40 -44 +46 -50 +52 56

4 50 +12 -13 +13 -14 +16 -18 +19 -22 +23 -26 +27 -30 +31 -35 +36 —-40 +41 46 +46 51

500 +10 -11 +11 -12 +13 -15 +16 -18 +19 -21 +23 -25 +26 -29 +30 -34 +34 -38 +39 —-43

Walls 10 +13 -17 +15 -19 +18 -24 +22 -29 +26 -35 +30 -41 +35 —-47 +40 -54 +46 -62 +52 70

5 50 +12 -15 +13 -16 +16 -20 +19 -25 +23 -29 +27 -34 +31 -40 +36 —46 +41 -52 +46 59

500 +10 -11 +11 -12 +13 -15 +16 -18 +19 -21 +23 -25 +26 -29 +30 -34 +34 -38 +39 -43

1Design wind pressures above represent the net pressure (sum of external and internal pressures) applied normal to all surfaces.
2Values shown are for exposure B. For other exposures, multiply values shown by the following factor: exposure C: 1.40 and exposure D: 1.66.
SLinear interpolation between values of tributary areais permissible.
“Values shown are for an importance factor I = 1.0. for other values of 1, multiply values shown by 1.
SPlus and minus signs signify pressure acting toward and away from the exterior surface, respectively.
SAll component and cladding elements shall be designed for both positive and negative pressures shown in the table.
“Notation:
a 10% of least horizontal or 0.4 h, whichever is smaller, but not less than 4% of least horizontal dimension or 3 ft.
b: Roof height in feet (meters).
Source: From Minimum Design Loads for Buildings and Other Structures (ASCE 7-95), American Society of Civil Engineers, Reston, Va., with permission.
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TABLE 6.12 Design Wind Pressure—Method 1 Components and Cladding—Partially Enclosed Building

DESIGN WIND PRESSURE (PSF)

Basic wind speed V (mph)

Effective
wind
area
Location Zone  (SF) 85 90 100 110 120 130 140 150 160 170
10 +9 -17 +10 -19 +13 -24 +16 -29 +19 -34 +22 —-40 +25 -46 +29 -53 +33 -60 +37 -68
Roof 1 20 +9 -17 +10 -19 +12 -23 +15 -28 +18 —-33 +21 -39 +24 -45 +28 -52 +32 -59 +36 -67
-18 +11 -22 +14 -27 +16 —-32 +19 -37 +22 —-43 +26 -50 +29 -57 +33 -64

100 +8 -16 +9




o TABLE 6.12 Design Wind Pressure—Method 1 Components and Cladding—Partially Enclosed Building (Continued)

N
o

DESIGN WIND PRESSURE (PSF)

Effective Basic wind speed V (mph)
wind
area
Location Zone  (SF) 85 90 100 110 120 130 140 150 160 170
10 +9 -26 +10 -29 +13 -36 +16 —-43 +19 -52 +22 -60 +25 -70 +29 -81 +33 -92 +37 —-103
Roof 2 20 +9 -24 +10 -26 +12 -33 +15 -39 +18 -—-47 +21 -55 +24 -64 +28 —-73 +32 -83 +36 -9
100 +8 -18 +9 -20 +11 -25 +14 -30 +16 -36 +19 -42 +22 -49 +26 -57 +29 -64 +33 -73
10 +9 -37 +10 -41 +13 -51 +16 -62 +19 -73 +22 -86 +25 -100 +29 —-115 +33 —131 +37 —-147
3 20 +9 -31 +10 -35 +12 -43 +15 -52 +18 -62 +21 -73 +24 -84 +28 -—-97 +32 —-110 +36 —-125
100 +8 -18 +9 -20 +11 -25 +14 -30 +16 -36 +19 -42 +22 -49 +26 -57 +29 -64 +33 -73
10 +17 -18 +19 -20 +24 -25 +29 -30 +34 -36 +40 -42 +46 -49 +53 -57 +60 -64 +68 -—73
4 50 +16 -17 +18 -19 +22 -23 +26 —-28 +31 -34 +37 -40 +42 -46 +49 -53 +55 -60 +63 -—-68
500 +14 -15 +15 -17 +19 -21 +23 -25 +27 -30 +32 -35 +37 —-40 +43 -—-46 +49 -53 +55 -59
Walls
10 +17 -21 +19 -24 +24 -30 +29 -36 +34 -43 +40 -50 +46 -58 +53 —-67 +60 -76 +68 —86
5 50 +16 -19 +18 -21 +22 -26 +26 —-31 +31 -37 +37 -4 +42 -51 +49 -58 +55 -66 +63 -75
500 +14 -15 +15 -17 +19 -21 +23 -25 +27 -30 +32 -35 +37 -40 +43 -46 +49 -53 +55 -59
Notes:
1. Design wind pressures above represent the net pressure (sum of external and internal pressures) applied normal to al surfaces.
2. Values shown are for exposure B. For other exposures, multiply values shown by the following factor: exposure C: 1.40 and exposure D: 1.66.
3. Linear interpolation between values of tributary area is permissible.
4. Vaues shown are for an importance factor I = 1.0. For other values of 1, multiply values shown by 1.
5. Plus and minus signs signify pressure acting toward and away from the exterior surface, respectively.
6. All component and cladding elements shall be designed for both positive and negative pressures shown in the table.
7. Notation:

a 10% of least horizontal or 0.4 h, whichever is smaller, but not less than 4% of least horizontal dimension or 3 ft
h: Roof height in feet (meters).

Source: From Minimum Design Loads for Buildings and Other Structures (ASCE 7-95), American Society of Civil Engineers, Reston, Va., with permission.
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6.7 SEISMIC LOADS

Earthquakes have occurred in many states. Figures 6.2 and 6.3 show contour maps of the
United States that reflect the severity of seismic accelerations, as indicated in *“Minimum
Design Loads for Buildings and Other Structures’ (ASCE 7-95), American Society of Civil
Engineers.

The engineering approach to seismic design differs from that for other load types. For
live, wind, or snow loads, the intent of a structural design is to preclude structural damage.
However, to achieve an economical seismic design, codes and standards permit local yielding
of a structure during a major earthquake. Local yielding absorbs energy but results in per-
manent deformations of structures. Thus seismic design incorporates not only application of
anticipated seismic forces but also use of structural details that ensure adequate ductility to
absorb the seismic forces without compromising the stability of structures. Provisions for
this are included in the AISC specifications for structural steel for buildings.

The forces transmitted by an earthquake to a structure result from vibratory excitation of
the ground. The vibration has both vertical and horizontal components. However, it is cus-
tomary for building design to neglect the vertical component because most structures have
reserve strength in the vertical direction due to gravity-load design requirements.

Seismic requirements in building codes and standards attempt to translate the complicated
dynamic phenomenon of earthquake force into a simplified equivalent static force to be
applied to a structure for design purposes. For example, ASCE 7-95 stipulates that the total
lateral force, or base shear, V (kips) acting in the direction of each of the principal axes of
the main structural system should be computed from

V=CW (6.8)

where C, = seismic response coefficient
W = total dead load and applicable portions of other loads.

Applicable portions of other loads are considered to be as follows:

1. In areas for storage, a minimum of 25% of the floor live load is applicable. The 50 psf
floor live load for passenger cars in parking garages need not be considered.

2. Where an alowance for partition load is included in the floor load design, the actual
partition weight or a minimum weight of 10 psf of floor area, whichever is greater, is
applicable.

3. Total operating weight of permanent equipment.

4. Where the flat roof snow load exceeds 30 psf, the design snow load should be included
in W. Where the authority having jurisdiction approves, the amount of snow load included
in W may be reduced to no less than 20% of the design snow load.

The seismic coefficient, C,, is determined by the following eguation:

C, = 1.2C,/IRT?3 (6.9)
where C, = seismic coefficient for acceleration dependent (short period) structures
R = response modification factor

T = fundamental period, s
Alternatively, C, need not be greater than:
C, = 25C,/R (6.10)

where C, = seismic coefficient for velocity dependent (intermediate and long period) struc-
tures.
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FIGURE 6.2 Contour map of the United States showing effective peak acceleration, A,. (Source: From
Minimum Design Loads for Buildings and Other Structures, ASCE 7-95, American Society of Civil Engineers,
Reston, Va., with permission.)
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Coefficients C,, and C, are based on the soil profile and are determined as follows. From
the descriptions in Table 6.13, determine the soil profile type for the site under consideration.
From Fig. 6.2, determine the effective peak acceleration, A,. Enter Tables 6.14 and 6.15
with A, and the soil type to find coefficients C,, and C,. For the cases noted in Table 6.14,
C,, depends upon the effective peak velocity-related acceleration, A, Fig. 6.3.

The response modification factor, R, depends upon the structural bracing system used as
detailed in Table 6.15. The higher the factor, the more energy the system can absorb and
hence the lower the design force. For example, ordinary moment frames are assigned a factor
of 3 and special moment frames a factor of 8 (see Art. 9.7.1). Note that the forces resulting
from the application of these R factors are intended to be used in LRFD design, not at an
allowable stress level (see Art. 6.12).

A rigorous evaluation of the fundamental elastic period, 7, requires consideration of the
intensity of loading and the response of the structure to the loading. To expedite design
computations, T may be determined by the following:

T, = C;h3* (6.11)

TABLE 6.13 Soil Profile Descriptions for Seismic Analysis

Sail
Profile
Type* Description**
A Hard rock with v, > 5000 ft/sec
B Rock with 2500 ft/sec < v, = 5000 ft/sec
C Very dense soil and soft rock with 1200 ft/sec = v, = 5000 ft/sec or N or N, > 50 or
s, = 2000 psf
D Stiff soil with 600 ft/sec = v, = 1200 ft/sec or with 15 = N or N,, = 50 or 1000 psf
=5, = 2000 psf
E A soil profile with v, < 600 ft/sec or any profile with more than 10 ft of soft clay. Soft
clay is defined as soil with PI > 20, w = 40%, and 5, < 500 psf
F Soils requiring site-specific evaluations:

1. Soils vulnerable to potential failure or collapse under seismic loading such as
liquefiable soils, quick and highly sensitive clays, collapsible weakly cemented soils.

2. Peats and/or highly organic clays (soil thickness > 10 ft of peat, and/or highly
organic clay).

3. Very high plasticity clays (soil thickness > 25 ft with PI > 75).

4. Very thick soft/medium stiff clays (soil thickness > 120 ft).

* Exception: When the soil properties are not known in sufficient detail to determine the Soil Profile Type, Type D
should be used. Soil Profile Type E should be used when the authority having jurisdiction determines that soil Profile
Type E is present at the site or in the event that Type E is established by geotechnical data.

** The following definitions apply, where the bar denotes average value for the top 100 ft of soil. See ASCE 7-95
for specific details.

v, = measured shear wave velocity, ft/sec;

N = standard penetration resistance, blows/ft
N,, = corrected for cohesionless layers, blows/ft

s, = undrained shear strength, ft/sec
PI = plasticity index
w = liquid limit

Source: Adapted from Minimum Design Loads for Buildings and Other Structures, (ASCE 7-95), American So-
ciety of Civil Engineers, Reston, Va
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TABLE 6.14 Seismic Coefficient C,

Sail Shaking intensity
profile
type A, < 0.059 A, = 0.059 A, = 0.10g A, = 0.20g A, = 0.30g A, = 0.40g A, = 0.5¢°

A A, 0.04 0.08 0.16 0.24 0.32 0.40
B A, 0.05 0.10 0.20 0.30 0.40 0.50
C A, 0.09 0.17 0.32 0.45 0.56 0.65
D A, 0.12 0.24 0.40 0.54 0.64 0.75
E A, 0.18 0.35 0.64 0.84 0.96 “

NOTE: For intermediate values, the higher value or straight-line interpolation shall be used to determine the value of C,.

< Site specific geotechnical investigation and dynamic site response analyses shall be performed.

b Site specific studies required per Section 9.2.2.4.3 (ASCE 7-95) may result in higher values of A, than included on the hazard maps,
as may the provisions of Section 9.2.6 (ASCE 7-95).

Source:  From Minimum Design Loads for Buildings and Other Structures. (ASCE 7-95), American Society of Civil Engineers, Reston,
Va, with permission.

where C, = 0.035 for steel frames
C, = 0.030 for reinforced concrete frames
C, = 0.030 stedl eccentrically braced frames
C, = 0.020 all other buildings
h, = height above the base to the highest level of the building, ft

For vertical distribution of seismic forces, the lateral force, V, should be distributed over
the height of the structure as concentrated loads at each floor level or story. The latera
seismic force, F, at any floor level is determined by the following equation:

F.=¢C,V (6.124q)
where the vertical distribution factor is given by

W’(hxk
Con = S it (6120)
i=1Wilti

TABLE 6.15 Seismic Coefficient C,

Soil Shaking intensity
profile
type A, < 0.059 A, = 0.059 A, = 0.10g A, = 0.20g A, = 0.30g A, = 0409 A, = 0.5g"

A A, 0.04 0.08 0.16 0.24 032 0.40
B A, 0.05 0.10 0.20 0.30 0.40 0.50
C A, 0.06 0.12 0.24 0.33 0.40 0.50
D A, 0.08 0.16 0.28 0.36 0.44 0.50
E A, 0.13 0.25 0.34 0.36 0.36 a

NOTE: For intermediate values, the higher value or straight-line interpolation shall be used to determine the value of C, .

“Site specific geotechnical investigation and dynamic site response analyses shall be performed.

b Site specific studies required per Section 9.2.2.4.3 (ASCE 7-95) may result in higher values of A, than included on the hazard maps,
as may the provisions of Section 9.2.6 (ASCE 7-95).

Source: From Minimum Design Loads for Buildings and Other Structures. (ASCE 7-95), American Society of Civil Engineers, Reston,
Va., with permission.
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FIGURE 6.3 Contour map of the United States showing effective peak velocity-related acceleration, A, .
(Source: From Minimum Design Loads for Buildings and Other Structures, ASCE 7-95, American Society of
Civil Engineers, Reston, Va., with permission.)
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where w_and w,
k

height from the base to level x or i

1 for building having period of 0.5 sec. or less

2 for building having period of 2.5 sec. or more

use linear interpolation for building periods between 0.5 and 2.5 sec.

For horizontal shear distribution, the seismic design story shear in any story, V., is de-
termined by the following

Vx = E?:lFi (613)

where F;, = the portion of the seismic base shear induced at level i. The seismic design story
shear is to be distributed to the various elements of the force-resisting system in a story
based on the relative lateral stiffness of the vertical resisting elements and the diaphragm.
Provision also should be made in design of structural framing for horizonta torsion,
overturning effects, and the building drift.
(Federal Emergency Management Agency, NEHRP (National Earthquake Hazards Re-
duction Program) Recommended Provisions for Seismic Regulations for New Buildings,

FEMA, 1997, Washington, D.C.)

6.8 IMPACT LOADS

The live loads specified in building codes and standards include an alowance for ordinary
impact loads. Where structural members will be subjected to unusual vibrations or impact
loads, such as those described in Table 6.16, provision should be made for them in design
of the members. Most building codes specify a percentage increase in live loads to account
for impact loads. Impact loads for cranes are given in Art. 6.9.

6.9 CRANE-RUNWAY LOADS

Design of structures to support cranes involves a number of important considerations, such
as determination of maximum wheel loads, allowance for impact, effects due to multiple
cranes operating in single or double idles, and traction and braking forces, application of
crane stops, and cyclic loading and fatigue. The American Institute of Steel Construction
(AISC) LRFD Specification stipulates that the factored vertical wheel 1oad of overhead cranes
shall be computed using the following nominal wheel loads and load factors:

WL = 16(Ll) + 1.2(Tr + C7) (6.14)

where WL = the factored vertical wheel load
LI = wheel load due to lifted load including any temporarily attached lifting devices
Tr = wheel load due to trolley weight including any permanently attached lifting
devices
Cr = wheel load due to crane weight

The factored vertical load of cab operated and remote controlled overhead cranes should
be increased a minimum of 25% to provide for impact. The factored vertical load of pendant-
operated overhead cranes should be increased a minimum of 10% to account for impact
load. Increase in load resulting from impact is not required to be applied to the supporting
columns because the impact load effects will not develop or will be negligible.

The factored lateral force on crane runways should not be less than 20% of the nominal
lifted load and trolley weight. The force should be assumed to be applied by the wheels at
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TABLE 6.16 Response Modification Coefficient, R, for Seismic Loads, Egs. 6.9-6.10

Response
modification
coefficient,*

Basic structural system and seismic force resisting system R
Bearing Wall System
Light frame walls with shear panels 6.5
Concentrically-braced frames 4
Building Frame System
Eccentrically-braced frames, moment resisting 8
connections at columns away from link
Eccentrically-braced frames, non-moment resisting 7
connections at columns away from link
Light frame walls with shear panels 7
Concentrically-braced frames
Specia concentrically-braced frames of steel 6
Moment Resisting Frame system
Special moment frames of steel 8
Ordinary moment frames of steel 3
Dual System with a Special Moment Frame Capable of
Resisting at Least 25% of Prescribed Seismic Forces
Eccentrically-braced frames, moment-resisting 8
connections at columns away from link
Eccentrically-braced frames, non-moment resisting 7
connections at columns away from link
Concentrically-braced frames 6
Dual System with an Intermediate Moment Frame of
Reinforced Concrete or an Ordinary Moment Frame of
Steel Capable of Resisting at Least 25% of Prescribed
Seismic Forces
Specia concentrically-braced frames 6
Concentrically-braced frames 5
Inverted Pendulum Structures-Seismic Force Resisting
system
Special moment frames of structural steel 25
Ordinary moment frames of structural steel 1.25

* R reduces forces to a strength level, not an alowable stress level.
Source: Adapted from Minimum Design Loads for Buildings and Other Structures, (ASCE 7-95), American So-
ciety of Civil Engineers, Reston, Va.

the top of the rails, acting in either direction normal to the rails, and should be distributed
with due regard for the lateral stiffness of the structure supporting the rails.

The factored longitudinal force should be a minimum of 10% of the nominal wheel loads
due to lifted load, trolley weight and crane weight, applied at the top of the rail unless
otherwise specified.
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TABLE 6.17 Minimum Percentage Increase in Live Load on Structural Members for Impact

Type of member Source of impact Percent
Supporting Elevators and elevator machinery 100
Supporting Light machines, shaft or motor-driven 20
Supporting Reciprocating machines or power-driven units 50
Hangers Floors or balconies 33

The crane runway should be designed for crane stop forces. The velocity of the crane at
impact must be taken into account when calculating the crane stop and resulting longitudinal
forces.

The AISC ASD Specification does not deal with load combinations and factored loads,
but with the percentage increase in loads as discussed above. In design by either method,
fatigue and serviceability concerns are extremely important design considerations for struc-
tures supporting cranes.

Additional design guidance is given in the *‘Low-Rise Building Systems Manual,” Metal
Building Manufacturers Association, Cleveland, Ohio. For the design of heavy duty crane
runway systems, AISC Design Guide 7 and the ** Specification for Design and Construction
of Mill Buildings’ (AISE Standard No. 13), Association of Iron and Steel Engineers, Pitts-
burgh, PA, should be consulted.

6.10 RESTRAINT LOADS

This type of loading is caused by changes in dimensions or geometry of structures or mem-
bers due to the behavior of material, type of framing, or details of construction used. Stresses
induced must be considered where they may increase design requirements. They may occur
as the result of foundation settlement or temperature or shrinkage effects that are restrained
by adjoining construction or installations.

6.11 COMBINED LOADS

The types of loads described in Arts. 6.4 to 6.10 may act simultaneously. Maximum stresses
or deformations, therefore, may result from some combination of the loads. Building codes
specify various combinations that should be investigated, depending on whether allowable
stress design (ASD) or load and resistance factor design (LRFD) is used.

For ASD, the following are typical combinations that should be investigated:

D

.D+ L+ (L, orSorR)

. 0.75[D + L+ (L, or SorR)+ T]
.D+ A

. 0.75[D + (W or E)]

. 0.75[D + (Wor E) + T]
.D+ A+ (Sor05WorkE)

NN AR W=
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8. 0.75[D + L + (L,or SorR) + (Wor E)]

9. 0.75(D + L + W + 0.55)

10. 0.75(D + L + 0.5W or S)

11. 0.66[D + L + (L, or Sor R) + (Wor E) + T]

where D = dead load

L = floor live load, including impact

L, = roof life load

A = loads from cranes and materials handling systems
S = roof snow load

R = rain load

W = wind load

E = earthquake load
T = restraint loads

Instead of the factors 0.75 and 0.66, allowable stresses may be increased one-third and one-
half, respectively.

S in load combination 7 may be taken as zero for snowloads = 13 psf, as 0.5S for 13 <
snowload = 31 psf, and as 0.75S for snowloads > 31 psf. For the case of D + E + A for
load combination 7, the auxiliary crane loads should include only the weight of the crane,
including the bridge with end trucks and hoist and trolley.

For LRFD, the “Load and Resistance Factor Design Specification,” American Institute
of Steel Construction, prescribes the following factored loads:

. 14D

. 1.2D + 1.6L + 0.5(L, or S or R)

. 12D + 1.6(L, or S or R) + (0.5L or 0.8W)
. 12D + 1.3W + 0.5L + 0.5(L, or S or R)

. 12D + 1.5E + (0.5L or 0.25)

. 09D — (1.3W or 1.5E)

A U1 A W N =

In the above combinations, R is the load due to initial rainwater or ice, exclusive of ponding.
As with the ASD load combinations, the most critical load combination may occur when
one or more of the loads are not acting.

6.12 ASD AND LRFD SPECIFICATIONS

The American Institute of Steel Construction (AlISC) has developed design specifications for
structural steel with two different design approaches: ** Specification for Structural Steel
Buildings—Allowable Stress Design (ASD) and Plastic Design’” and ““Load and Resistance
Factor Design (LRFD) Specification for Structural Steel Buildings.” Building codes either
adopt by reference or incorporate both these approaches. It is the prerogative of the designer
to select the approach to employ; this decision is generally based on economics. The ap-
proaches should not be mixed.

ASD. The AISC specification for ASD establishes allowable unit stresses that, under ser-
vice loads on a structure, may not be exceeded in structural members or their connections.
Allowable stresses incorporate a safety factor to compensate for uncertainties in design and



6.30

SECTION SIX

construction. Common allowable unit stresses of the AISC ASD specification are summarized
in Table 6.18.

LRFD. The AISC specification for LRFD requires that factors be applied to both service
loads and the nomina resistance (strength) of members and connections. To account for
uncertainties in estimating the service loads, load factors generally greater than unity are
applied to them (Art. 6.11). To reflect the variability inherent in predictions of the strength
of a member or connection, the nominal resistance R, is multiplied by a resistance factor ¢
less than unity. To ensure that a member or connection has sufficient strength to support the
service loads, the service loads multiplied by the appropriate load factors (factored loads)
should not exceed the design strength ¢R,. Table 6.18 summarizes the equations for design
strength specified in the AISC LRFD specification.

Other. The AISC aso publishes separate specific-purpose specifications. Included are the
following: ** Specification for Allowable Stress Design of Single Angle Members,” ** Speci-
fication for Load and Resistance Factor Design of Single Angle Members”; ** Specification
for the Design of Steel Hollow Structural Sections,” which is in LRFD format (see Art.
6.30); and *‘ Seismic provisions for Structural Steel Buildings,” which includes both LRFD
and ASD formats (see Sec. 9). These separate specifications are intended to be compatible
with, and provide a useful supplement to, the primary AISC ASD and LRFD specifications.

6.13 AXIAL TENSION

The AISC LRFD specification gives the design strength P, (kips) of a tension member as

¢,P, = 0.9F A, = 0.75F A, (6.15)
where A, = effective net area, in?
A, = gross area of member, in?

F, = specified minimum yield strength, ksi
F, = specified minimum tensile strength, ksi
resistance factor for tension

¢
For ASD, the allowable unit tension stresses are 0.60F, on the gross area and 0.50F, on the
effective net area

For LRFD the effective net area A, of a tension member is defined as follows, with
A, = net area (in?) of the member:

When the load is transmitted directly by fasteners or welds into each of the elements of
a Ccross section,

A=A, (6.16)

When the load is introduced by fasteners or welds into some but not al of the elements
of a cross section,

A, = UA (6.17)

where

A = area as defined below

U = reduction coefficient

1 — (x/L) = 0.9 or as defined below (6.18)
connection eccentricity, in

x
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TABLE 6.18 Design Strength and Allowable Stresses for W-Shape Structural Steel members for Buildings*

Type of stress or failure

LRFD design strength

ASD alowable unit stresses

Tension (Art. 6.13):
Fracture in net section
Yielding in gross section

Shear (Art. 6.14.1):

Shear in beam web
For fasteners and welds
(Arts. 6.14.2 and 6.14.3)

Compression:

Axial load, flexural
buckling (Sec. 6.16.2)

Bending:**
Minor axis bending
(Art. 6.17)
Major axis bending for
compact shape (Art.
6.17)

Bearing (Art. 6.18)

0.75F A,
0.9F A,
054F A,
085 F,A,
For /\C =15
= 0.658"F,
KL R
“ ra\VE
For A, > 1.5
= [0.877/A7F,
0.9F,Z,
0.9M,
ForL,=L,:
M, =M,
For L,, <L, <L:
L,
=C, [ -M,- M) <—
ForL,>L,:
M,=M,=C,
T
M, =C,—
w=Gp

0.5F A

utte

06F A,
04F A,

F,A

a‘lg

For KL/r = C,:
(KL/Ir)?
(1 Tz )b

F.= 5 3(KLIr) (KLI®
3 8C, 8C2
For KL/r > C.:
F o L2mE
« " 23(KL/r)?
0.75F, S,
F,S,
ForL, <L.:
F, = 0.66F,
ForL,>L.:
_12x10°C,
F, = = F,
i LA, = 0.60

/102 X 10°C, 103C
/510 x 10°C, 1O3C

& Ry ],
1530 1530 x 10°C,

3
For ré_ /510>< 10°C,

l70><103C
F,=———-"<0.60F,
b iy 0.60F,

* For definitions of symbols, see articles referenced in the table.

**M = 15M,

6.31



6.32

SECTION SIX

L = length of connection in the direction of loading, in

Larger values of U are permitted when justified by tests or other rational criteria.

When the tension load is transmitted only by bolts or rivets:
A=A,
= net area of member, in?

When the tension load is transmitted only by longitudinal welds to other than a plate
member, or by longitudinal welds in combination with transverse welds:

A=A,

= gross area of member, ir?
When the tension load is transmitted only by transverse welds:

A = area of directly connected elements, in?

U=10
When the tension load is transmitted to a plate by longitudinal welds along both edges
at the end of the plate for [ = w:

A = area of plate, in?

FOr | = 20 i U = 1.00
FOr 2w > I = L oW, i e e U = 0.87
FOr L oW > L = Wttt e e e e s U = 0.75

where

[ = length of weld, in
w = plate width (distance between welds), in

For ASD the effective net area is defined as follows:

When the load is transferred directly by fasteners or welds into each of the cross section
elements, Eq. (6.16) applies. For a bolted connection when the load is introduced into
some but not al of the elements of a cross section,

A, = UA, (6.19)

For awelded connection when the load is introduced into some but not all of the elements
of a cross section,

A, = UA, (6.20)

e

U is defined by the following:

U = 0.90 for W, M, or S shapes with width of flanges at least two-thirds the depth of
section and for structural tees cut from these shapes if connection is to the flange.

U = 0.85 for W, M, or S shapes not meeting the preceding conditions, for structural tees
cut from these shapes, and for all other shapes and built-up sections. Bolted or riveted
connections should have at least three fasteners per line in the direction of applied force.

U = 0.75 for al members with bolted or riveted connections with only two fasteners per
line in the direction of applied force.
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When load is transmitted through welds transverse to the load to some but not all of the
cross-sectional elements o W, M, or S shapes or structural tees cut from them, A, = the area
of the directly connected elements.

When load is transmitted to a plate by welds along both edges at its end, the length of
the welds should be at least equal to the width of the plate. A, is given by Eq. (6.20) with
U = 1.00 when [ > 2w, 0.87 for 2w > [ > 1.5w, and 0.75 for 1.5w > [ > w, where [ =
length (in) of weld and w = plate width (distance between edge welds, in).

For design of built-up tension members, see Art. 6.29.

Because of stress concentrations around holes, the AISC specifications establish stringent
requirements for design of eyebars and pin-connected members. The tensile strength of pin-
connected members for LRFD is given by

&P, = 0.75P, = 150b,,F, (6.21)

where ¢ = thickness of pin-connected plate, in
by=2t+063=d

d’ = distance from the edge of the pin hole to the edge of the plate in the direction
normal to the applied force, in

See the AISC LRFD specification for other applicable requirements.

All of the preceding design requirements assume static loads. Design strength may have
to be decreased for alternating or cyclic loading (Art. 6.24).

For alowable tension in welds, see Art. 6.14.3.

The design strength of bolts and threaded partsis given in Table 6.19. High-strength bolts
required to support loads in direct tension should have a large enough cross section that their
average tensile stress, computed for the nominal bolt area and independent of any initia

TABLE 6.19 Design Tensile Strength of Fasteners

LRFD ASD
Nomina strength,* Allowable tension,

Description of Fasteners ksi F,, ks
A307 bolts 45 20
A325 bolts, when threads are not excluded from shear 90 44
planes
A325 bolts, when threads are excluded from shear 90 44
planes
A490 bolts, when threads are nor excluded from shear 113 54
planes
A490 bolts, when threads are excluded from the 113 54
shear planes
Threaded parts, when threads are not excluded from 0.75F, 0.33F,
the shear planes
Threaded parts, when threads are excluded from the 0.75F, 0.33F,
shear planes
A502, grade 1, hot-driven rivets 45 23
A502, grades 2 and 3, hot-driven rivets 60 29

* Resistance factor ¢ = 0.75.
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tightening force, will not exceed the appropriate design stress in Table 6.19. In determining
the loads, tension resulting from prying action produced by deformation of the connected
parts should be added to other external loads.

(See dso Arts. 6.15 and 6.20 to 6.24. For built-up tension members, see Art. 6.29.)

6.14 SHEAR

For beams and plate girders, the web area for shear calculations A,, (in?) is the product of
the overall depth, d (in) and thickness, ¢ (in) of the web. The AISC LRFD and ASD spec-
ifications for structural steel for buildings specify the same nominal equations but present
them in different formats.

6.14.1 Shear in Webs

For LRFD, the design shear strength ¢V, (kips) is given by Egs. (6.22) to (6.24) with ¢ =
0.90. For h/t = 187VkIF,,

¢V, = 054F A, (6.22)
For 187VkIF, < hlt = 234Vk/F,,
187V/k/F,
¢V, = 054F A, ——— (6.23)
’ hit
For hlt > 234VkIF,,
23,760k
oF, = A, Wiy (6.24)

where h = clear distance between flanges less the fillet or corner radius at each flange for
a rolled shape and the clear distance between flanges for a built-up section, in

t = web thickness, in
k = web buckling coefficient

5+ 5/(alh)? if alh = 3.0

5if alh > 3.0 or [260(h/1)]?

a = clear distance between transverse stiffeners, in

F, = specified minimum yield stress of the web, ks

Webs of plate girders may also be designed on the basis of tension field action as indicated
in Appendix G of the AISC LRFD specifications.
The design shear stress F, (ksi) in ASD is given by Egs. (6.25) or (6.26). For h/t <
380/V'F,,
F, = 0.40F, (6.25)
For h/t > 380/\V'F,,

F, = F,C,12.89 = 0.4F, (6.26)
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45,000k,
=———2 < 0.
where C, F (i when C, < 0.8

_ 190 J/k,
h/t\/;whenc > 0.8

y
kU:4OO+(5/3;32whena/h<1OO
4.00
—534+(/h)zwhena/h>10

Alternative rules are given for design on the basis of tension field action.

6.14.2 Shear in Bolts

For bolts and threaded parts, design shear strengths are specified in Tables 6.20 and 6.21.
The design strengths permitted for high-strength bolts depend on whether a connection is
slip-critical or bearing type. Bearing type connections should be used where possible because
they are more economical.

Bearing-type joints are connections in which load is resisted by shear in and bearing on
the bolts. Design strength is influenced by the presence of threads; i.e., a bolt with threads
excluded from the shear plane is assigned a higher design strength than a bolt with threads

TABLE 6.20 Design Shear Strength of Fasteners in Bearing-Type Connections

Shear strength, ksi

LRFD ASD
Nominal Allowable shear
Description of fasteners strength* F,

A307 bolts 24 10.0
A325 bolts, when threads are not excluded from 48 21.0
shear planes
A325 bolts, when threads are excluded from shear 60 30.0
planes
A490 bolts, when threads are nor excluded from 60 28.0
shear planes
A490 boalts, when threads are excluded from the 75 40.0
shear planes
Threaded parts, when threads are not excluded 0.40F, 0.17F,
from the shear planes
Threaded parts, when threads are excluded from 0.50F, 0.22F,
the shear planes
A502, grade 1, hot-driven rivets 25 17.5
A502, grades 2 and 3, hot-driven rivets 33 220

* Resistance factor ¢ = 0.75.
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TABLE 6.21 Allowable Shear F, (ksi) for Slip-Critical Connections*

Long-slotted holes

Type of Standard-size Oversized and short-
bolt holes slotted holes Transverse loading Parallel loading
A325 17 15 12 10
A490 21 18 15 13

* Applies to both ASD and LRFD, LRFD design for dlip-critical connections is made for service loads. For LRFD,
¢ = 1.0. For LRFD, when the loading combination includes wind or seismic loads, the combined load effects at service
loads may be multiplied by 0.75.

included in the shear plane (see Table 6.20). Design stresses are assumed to act on the
nomina body area of bolts in both ASD and LRFD.

For LRFD, bearing-type joints are designed for factored loads. The design shear strength
of a high-strength bolt or threaded part, ¢F,A, (kips), multiplied by the number of shear
planes, must equal or exceed the required force per bolt due to factored loads, where

¢ = resistance factor = 0.75
F, = nominal shear strength in Table 6.19, ksi

A, = nominal unthreaded body area of bolt, in?

For ASD, bearing-type joints are designed for service loads using the same procedure as
above, except that there is no resistance factor so the design shear strength is smply F A,
(Kips).

Bolts in both bearing-type and dlip critica-joints must also be checked for bearing
strength. For LRFD, the check is made for factored loads. The design bearing strength per
bolt is R, (kips) where ¢ = 0.75 and R, is determined as follows. For standard holes,
oversized, and short-slotted holes, or for long-slotted holes with the slot parallel to the
direction of the bearing force, when deformation at the bolt hole at service load is a design
consideration, R, = 1.2LtF, = 1.2dtF,. In the foregoing, L. (in) is the clear distance in
direction of force between edge of hole and edge of adjacent hole or edge of material, d
(in) is the nominal bolt diameter, ¢ (in) is the thickness of the connected material, and F,
(ksi) is the tensile strength of the material. The bearing strength differs for other conditions.
For ASD, the check is made for service loads. The allowable bearing load per bolt is 1.2dtF,
(kips) for standard holes or short-dotted holes with two or more bolts in the line of force,
when deformation at the bolt hole at service load is a design consideration. The alowable
bearing load differs for other conditions.

Bearing-type connections are assigned higher design strengths than slip-critical joints and
hence are more economical. Also, erection is faster with bearing-type joints because the bolts
need not be highly tensioned.

In connections where slip can be tolerated, bolts not subject to tension loads nor loosening
or fatigue due to vibration or load fluctuations need only be made snug-tight. This can be
accomplished with a few impacts of an impact wrench or by full manua effort with a spud
wrench sufficient to bring connected plies into firm contact. Slip-critical joints and connec-
tions subject to direct tension should be indicated on construction drawings.

Where permitted by building codes, ASTM A307 bolts or snug-tight high-strength bolts
may be used for connections that are not dlip critical. The AISC specifications for structural
steel for buildings require that fully tensioned, high-strength bolts (Table 6.22) or welds be
used for the following joints:

Column splices in multistory framing, if it is more than 200 ft high, or when it is between
100 and 200 ft high and the smaller horizontal dimension of the framing is less than 40%
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TABLE 6.22 Minimum Pretension (kips) for
Bolts*

Bolt size, in A325 holts A490 bolts

Y2 12 15
Y8 19 24
Ya 28 35
78 39 49
1 51 64
1% 56 80
1% 71 102
1% 85 121
1% 103 148
Over 1%2 — 0.7 TS

Equal to 70% of minimum tensile strengths (T.S.)
of bolts, rounded off to the nearest kip.

of the height, or when it is less than 100 ft high and the smaller horizontal dimension is
less than 25% of the height.

Connections, in framing more than 125 ft high, on which column bracing is dependent
and connections of all beams or girders to columns.

Crane supports, as well as roof-truss splices, truss-to-column joints, column splices and
bracing, and crane supports, in framing supporting cranes with capacity exceeding 5 tons.

Connections for supports for impact loads, loads causing stress reversal, or running ma-
chinery.

The height of framing should be measured from curb level (or mean level of adjoining
land when there is no curb) to the highest point of roof beams for flat roofs or to mean
height of gable for roofs with a rise of more than 2%s in 12. Penthouses may be excluded.

Slip-critical joints are connections in which slip would be detrimental to the servicea-
bility of the structure in which the joints are components. These include connections subject
to fatigue loading or significant load reversal or in which bolts are installed in oversized
holes or share loads with welds at a common faying surface. In dip-critical joints, the
fasteners must be high-strength bolts tightened to the specified minimum pretension listed
in Table 6.22. The clamping force generated develops the frictional resistance on the dlip
planes between the connected piles.

For LRFD, dlip-critical bolts can be designed for either factored loads or service loads.
In the first case, the design dlip resistance per bolt, #R,, (kips), for use at factored loads
must equal or exceed the required force per bolt due to factored loads, where:

R, = 113w T,N, (6.36)

where T,
N,

K

minimum fastener tension, kips (Table 6.21)

number of dip planes

mean dlip coefficient for Class A, B, or C surfaces, as applicable, or as estab-
lished by tests

For Class A surfaces (unpainted clean mill scale steel surfaces or surfaces with Class A
coatings on blast-cleaned steel), u = 0.33

For Class B surfaces (unpainted blast-cleaned steel surfaces or surface with Class B
coatings on blast-cleaned steel), u = 0.50
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For Class C surfaces (hot-dip galvanized and roughened surfaces), u = 0.40
¢ = resistance factor

For standard holes, ¢ = 1.0

For oversized and short-dotted holes, ¢ = 0.85

For long-slotted holes transverse to the direction of load, ¢ = 0.70
For long-dlotted holes parallel to the direction of load, ¢ = 0.60

Finger shims up to ¥4 in are permitted to be introduced into dip-critical connections designed
on the basis of standard holes without reducing the design shear stress of the fastener to that
specified for dotted holes.

For LRFD design of dlip-critical bolts at service loads, the design slip resistance per bolt,
&F,A,N, (kips), must equal or exceed the shear per bolt due to service loads, where:

¢ = 1.0 for standard, oversized, and short-slotted holes and long-slotted holes when the
long slot is perpendicular to the line of force
0.85 for long-slotted holes when the long slot is parallel to the line of force

F, = nomina dlip-critical shear resistance, ks (Table 6.21)

A, = nomina unthreaded body area of bolt, in?

For ASD design of dlip-critical bolts, the design dlip resistance per bolt is smply F,A,
N, (kips) where F, is as given in Table 6.21.

Note that al of the values in Table 6.21 are for Class A surfaces with a dip coefficient
u = 0.33. These values may be adjusted for other surfaces when specified as prescribed in
the AISC specifications.

As noted previoudly, bolts in dlip critical-joints must also be checked for bearing strength.

6.14.3 Shear in Welds

Welds subject to static loads should be proportioned for the design strengths in Table 6.23.

The effective area of groove and fillet welds for computation of design strength is the
effective length times the effective throat thickness. The effective areafor a plug or slot weld
is taken as the nomina cross-sectiona area of the hole or slot in the plane of the faying
surface.

Effective length of fillet welds, except fillet welds in holes or dots, is the overal length
of the weld, including returns. For a groove weld, the effective length is taken as the width
of the part joined.

The effective throat thickness of a fillet weld is the shortest distance from the root of the
joint to the nominal face of the weld. However, for fillet welds made by the submerged-arc
process, the effective throat thickness is taken as the leg size for ¥s-in and smaller welds
and equal to the theoretical throat plus 0.11 in for fillet welds larger than ¥s in.

The effective throat thickness of a complete-penetration groove weld eguals the thickness
of the thinner part joined. Table 6.24 shows the effective throat thickness for partial-
penetration groove welds. Flare bevel and flare V-groove welds when flush to the surface of
a bar or 90° bend in a formed section should have effective throat thicknesses of %16 and %2
times the radius of the bar or bend, respectively, and when the radius is 1 in or more, for
gas-metal arc welding, ¥4 of the radius.

To provide adequate resistance to fatigue, design stresses should be reduced for welds
and base metal adjacent to welds in connections subject to stress fluctuations (see Art. 6.22).
To ensure adequate placement of the welds to avoid stress concentrations and cold joints,
the AISC specifications set maximum and minimum limits on the size and spacing of the
welds. These are discussed in Art. 5.19.



BUILDING DESIGN CRITERIA 6.39

TABLE 6.23 Design Strength for Welds, ksi

LRFD
ASD
Resistance Nomina strength*
Types of weld and stress Materia factor ¢ Fyy O F, Allowable stress
Complete penetration groove weld
Tension normal to effective Base 0.90 F,
area
Compression normal to
effective area
Base 0.90 F, Same as base metal
Tension or compression
paralel to axis of weld
Shear on effective area Base 0.90 0.60F, 0.30 X nominal
Weld electrode 0.80 0.60F 5« tensile strength of
weld metal
Partial penetration groove welds
Compression normal to
effective area
Base 0.90 F, Same as base metal
Tension or compression
parallel to axis of weld
Shear pardlel to axis of Base 0.75 0.60F xx 0.30 X nominal
weld Weld electrode tensile strength of
weld metal
Tension normal to effective Base 0.90 F, 0.30 X nominal
area Weld electrode 0.80 0.60F ;xx tensile strength of
weld metal
Fillet welds
Shear on effective area Base 0.75 0.60F xx 0.30 X nominal
Weld electrode tensile strength of
weld metal
Tension or compression Base 0.90 F, Same as base metal
parallel to axis of weld
Plug or slot welds
Shear parallel to faying Base 0.75 0.60F ;yy 0.30 x nominal
surfaces (on effective area) Weld electrode tensile strength of
weld metal

* Design strength is the smaller of F,, and F,,:
Fy,, = nominal strength of base metal to be welded, ksi
F,, = nominal strength of weld electrode material, ksi

F, = specified minimum yield stress of base metal, ksi

F.y = classification strength of weld metal, as specified in appropriate AWS specifications, ksi
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TABLE 6.24 Effective Throat Thickness of Partial-Penetration Groove Welds

Welding Included angle at Effective throat
Welding process position root of groove thickness
Shielded metal arc Jor U joint
Submerged arc Bevel or V joint
Gas metal arc —60° Depth of chamfer
Flux-cored arc All
Bevel or V joint Depth of chamfer
<60° but =45° minus ¥s-in

6.15 COMBINED TENSION AND SHEAR

Combined tension and shear stresses are of concern principally for fasteners, plate-girder
webs, and ends of coped beams, gusset plates, and similar locations.

6.15.1 Tension and Shear in Bolts

The AISC “Load and Resistance Factor Design (LRFD) Specification for Structural Steel
Buildings’ contains interaction formulas for design of bolts subject to combined tension and
shear in bearing-type connections. The specification stipulates that the tension stress applied
by factored loads must not exceed the design tension stress F, (ksi) computed from the
appropriate formula (Table 6.24) when the applied shear stress f, (ksi) is caused by the same
factored loads. This shear stress must not exceed the design shear strength.

For bolts in dlip-critical connections designed by LRFD for factored loads, the design
dip resistance ¢R,, (Kips) for shear aone given in Art. 6.14.2 must be multiplied by the
factor

TM
L- T3 (6.37)

where T, (kips) is the applied factored-load tension on the connection, N, is the number of
bolts carrying T,, and T, (kips) is the minimum fastener tension. For bolts in dlip-critical
connections designed by LRFD for service loads, the design dlip resistance ¢F,A, (kips) for
shear alone given in Art. 6.14.2 must be multiplied by the factor

T
0.8T,N,

1 (6.38)

where T (kips) is the applied service-load tension on the connection and N, is the number
of bolts carrying T.

According to the AISC ** Specification for Structural Steel Buildings—Allowable Stress
Design,” for bearing-type connections the applied tension stress must not exceed the allow-
able tension stress F, as given by Table 6.25. The applied shear stress must not exceed the
allowable shear stress. When the allowable stresses are increased for wind or seismic loads,
the constants, except for the coefficients of f,, in the equations may be increased one-third.
To account for combined loading for a dlip-critical connection alowable shear stress is to
be reduced by the factor (1 — f,A,/T,), where T, is the minimum pretension force (kips;
see Table 6.22), and f, is the average tensile stress (ksi) applied to the bolts.
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TABLE 6.25 Tension Stress Limit F, (ksi) for Fasteners in Bearing-Type
Connections

Threads in the shear plane

Type of Type of

bolt design Included Excluded
A307 LRFD* 59 — 1.9f, = 45
ASD 26 — 1.8f, = 20
A325 LRFD* 117 — 2.5f, = 90 117 — 2.0f, = 90
ASD \a4z — 4.39f 2 V447 — 2.15f,2
A490 LRFD* 147 — 2.5f, = 113 147 — 2.0f, = 113
ASD /B2 — 3.75f 2 VBE — 1.80f 2

* Resistance factor ¢ = 0.75.

6.15.2 Tension and Shear in Girder Webs

In plate girders designed for tension-field action, the interaction of bending and shear must
be considered. Rules for considering this effect are given in the AISC LRFD and ASD
Specifications.

6.15.3 Block Shear

This is a failure mode that may occur at the ends of coped beams, in gusset plates, and in
similar locations. It is a tearing failure mode involving shear rupture along one path, such
as through a line of bolt holes, and tensile rupture along a perpendicular line.

The AISC LRFD specification requires that the block shear rupture design strength, ¢R,
(kips), be determined as follows. When FMA,,, = 0.6F,A,,, then R, = ¢(0.6F A , + F,A,,)

nv? y igu

and when 0.6F A, = F ,A,,, then ¢R, = ¢ (0. 6FMA,,U + F,A,). In addition, for all cases
¢R, = ¢[0.6F A, + F,A,]. Inthe foregomg the resistance factor ¢ = 0.75, F, (ksi) isthe
tensile strength of the matenal F, (ksi) is the yield stress of the materid, A,, (in?) is the
gross area subject to shear, A,, (i n2) is the gross area subject to tension, A,, (il n2) is the net
area subject to shear, and A,, (| n?) is the net area subject to tension.

The AISC ASD specification specifies allowable shear and tensile stresses for the end
connections of beams where the top flange is coped and in similar situations where failure
might occur by shear along a plane through fasteners or by a combination of shear along a
plane through fasteners and tension along a perpendicular plane. The shear stress F, should
not exceed 0.30F, acting on the net shear area. Also, the tensile stress F, should not exceed
0.50F, acting on the net tension area (Art. 6.25).

6.16 COMPRESSION

Compressive forces can produce local or overall buckling failuresin a steel member. Overall
buckling is the out-of-plane bending exhibited by an axialy loaded column or beam (Art.
6.17). Local buckling may manifest itself as a web failure beneath a concentrated load or
over a reaction or as buckling of a flange or web along the length of a beam or column.
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Local Buckling

Local buckling characteristics of the cross section of a member subjected to compression
may affect its strength. With respect to potential for local buckling, sections may be classified
as compact, noncompact, or slender-element (Art. 6.23).

6.16.2 Axial Compression

Design of members that are subjected to compression applied through the centroidal axis
(axia compression) is based on the assumption of uniform stress over the gross area. This
concept is applicable to both load and resistance factor design (LRFD) and allowable stress
design (ASD).

Design of an axialy loaded compression member or column for both LRFD and ASD
utilizes the concept of effective column length KL. The buckling coefficient K is the ratio
of the effective column length to the unbraced length L. Values of K depend on the support
conditions of the column to be designed. The AISC specifications for LRFD and ASD
indicate that K should be taken as unity for columns in braced frames unless analysis indi-
catesthat asmaller valueisjustified. Analysisis required for determination of K for unbraced
frames, but K should not be less than unity. Design values for K recommended by the
Structural Stability Research Council for use with six idealized conditions of rotation and
tranglation at column supports are illustrated in Fig. 6.4 (see also Arts. 7.4 and 7.9).

The axially compression strength of a column depends on its stiffness measured by the
slenderness ratio KL/r, where r is the radius of gyration about the plane of buckling. For
serviceability considerations, AISC recommends that KL/r not exceed 200.

LRFD strength for a compression member wf;P, (kips) is given by

¢P, = 0.854,F,, (6.39)
with ¢ = 0.85. For A, = 1.5,

(b) (c)

BUCKLED SHAPE OF
COLUMN IS SHOWN
BY DASHED LINE

THEORETICAL A VALUE

RECOMMENDED DESIGN
VALUE WHEN IDEAL

CONDITIONS ARE 0.65 | 0.80 1.2 1.0 2.0 2.0
APPROXIMATED

ROTATION FIXED AND TRANSLATION FIXED

Af[/

6 ROTATION FREE AND TRANSLATION FIXED
e

7

END CONDITION CODE
ROTATION FIXED AND TRANSLATION FREE

ROTATION FREE AND TRANSLATION FREE

FIGURE 6.4 Effective length factor K for columns.
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F, = 0.658"°F, (6.40a)
for A, > 1.5,
0.877
cr = )\.2 FV (640b)
where A, = (KL/rm) VF,/E
F, = minimum specified yield stress of steel, ks
A, = gross area of member, in?

E = élastic modulus of the steel = 29,000 ksi

For the strength of composite columns, see Art. 6.26.4; for built-up columns, see Art. 6.28.
For ASD, the alowable compression stress depends on whether buckling will be elastic
or inelastic, as indicated by the slenderness ratio

C. = V2a?EIF, (6.41)

When KL/r < C,, the alowable compression stress F, (kips) on the gross section should
be computed from

B 1 — (KLIr)?I2C2
Fo=57 3(KLI7)I8C. — (KLIr)3/8C23 F, (642)

When KL/r > C,, the alowable compression stress is

_ 127°E
“ 23(KLIr)?

Tables of alowable loads for columns are contained in the AISC ‘“Manual of Steel Con-
struction” for ASD and for LRFD. For composite compression members, see Art. 6.26.4;
for built-up compression members, see Art. 6.28.

(T.V. Gaambos, Guide to Stability Design Criteria for Metal Structures, John Wiley &
Sons, Inc., New York.)

(6.43)

6.16.3 Concentrated Loads on Beams

Large concentrated loads or reactions on flexural members may cause their webs to fail by
yielding or crippling unless the webs are made sufficiently thick to preclude this or are
assisted by bearing stiffeners. Also, adequate bearing length should be provided on the flange
of the member.

Web yielding manifests as a stress concentration in a web beneath a concentrated load.
The AISC LRFD specification for structural steel buildings limits the design strength of the
web at the toe of the fillet under a concentrated load to R, (kips), where ¢ = 1.0 and R,
is determined from Eq. (6.44) or (6.45).

When the concentrated loads is applied at a distance from the end of the member greater
than the member depth,

R, = (5k + N)F,t (6.44)

w

When the load acts at or near the end of the member,

R, = (25k + N)F, (6.45)
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where N = length of bearing on the flange of the member, in

k = distance from outer face of flange to web toe of fillet, in
web thickness, in
F = gpecified minimum yield stress of the web steel, ksi

Web crippling is a buckling of a slender web beneath a concentrated load. For unstiffened
webs of beams under concentrated loads, the AISC LRFD specification sets the crippling
load at ¢R, (Kips), where ¢ = 0.75 and R, is determined from Eq. (6.46) or (6.47).

When the concentrated load is applied at a distance of at least d/2 from the member end,

R, = 135t 21 + 3(N/d)(t,/t)**| V' F 1,1, (6.46)
When the concentrated load is applied less than d/2 from the member end, for N/d = 0.2
R, = 68,21 + 3(N/d)(t,/t)**] VF 1, (6.474)
For N/d > 0.2,
R = 682 [1 + <4iv - oz)( ) 5} By (6.57b)
d t t,

where d = overall depth of the member, in
t, = flange thickness, in

If stiffeners are provided and extended at least one-half the web depth, web crippling need
not be checked.

The AISC ASD specification contains similar criteria for web yielding and crippling. For
yielding, the following allowable stress limits should be met.

When the concentrated load is applied at a distance from the member end that is greater
than the member depth,

R

When the concentrated load is applied at or near the member end,

R

where R is the applied concentrated load or reaction (kip).

Bearing stiffeners should be provided on the web when the applied concentrated load or
reaction exceeds the following web crippling limits.

When the concentrated load is applied at a distance of at least d/2 from the member end,

R = 67.5t,°[1 + 3WN/d)(t,/t) ] VFlt, (6.50)
When the concentrated load is applied less than d/2 from the member end,

R = 341,71 + 3(NId)(t,/t)" "1 VF tlt, (6.51)

When an unreinforced web is unable to achieve the required strength, bearing stiffeners
should be provided. See Art. 6.25 for design of bearing stiffeners.
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6.17 BENDING STRENGTH

For a member subjected to flexure, the bending strength depends on the shape of the member,
width/thickness or depth/thickness ratios of its elements, location and direction of loading,
and the support given to the compression flange.

Higher strengths are assigned to symmetrical and compact shapes. Flexural strength may
be reduced, however, based on the spacing of lateral supports that prevent displacement of
the compression flange and twist of the cross section.

6.17.1 Compact Shapes

The AISC LRFD and ASD specifications define compact sections similarly: Compact sec-
tions are sections capable of developing a fully plastic stress distribution and possess a
rotation capacity of about 3 before the onset of local buckling. Rotational capacity is the
incremental angular rotation that a section can accept before local failure occurs, defined as
R = (6,/6,) — 1, where 6, is the overall rotation attained at the factored-load state and 6,
is the idedized rotation corresponding to elastic-theory deformations for the case where the
moment equals M,,, the plastic bending moment (Sec. 6.17.2).

A section is considered compact if its flanges are continuously connected to its web or
webs and the width/thickness or depth/thickness ratios of its compression elements do not
exceed the following: for the flanges of beams, rolled or welded, and channels, 65/\V/F,,
and for the flanges of box and hollow structural sections of uniform thickness, 190/\/17;,
where F, is the minimum specified yield stress of the flange steel. The limiting depth/
thickness ratio of webs is 640/\/1?,. (See also Art. 6.23 and Table 6.28.)

For flanges of 1-shaped members and tees, the width is half the full nominal width for
rolled shapes and the distance from the free edge to the first line of fasteners or welds for
built-up sections. For webs, the depth is defined in LRFD as the clear distance between
flanges less the fillet or corner radius for rolled shapes; and for built-up sections, the distance
between adjacent lines of fasteners or the clear distance between flanges when welds are
used. In ASD, the depth is defined as the full nominal depth.

6.17.2 LRFD Bending Strength

According to the AISC LRFD specification, the flexural design strength for a compact shape
is determined by the limit state of lateral-torsional buckling with an upper limit of yielding
of the cross section.

The flexural design strength ¢M, for a doubly or singly symmetrical I-shape member
with ¢ = 0.90 is determined from Egs. (6.52) to (6.54), depending on the relationship
between the laterally unbraced length of the compression flange L, and the limiting unbraced
lengths for full plastic bending capacity L, or inelastic-torsional buckling L,.

WhenL, =< L,
M, =M, (6.52)
WhenL, < L,
Lb - Lp
M,=C,|M,— M, -M)|——]| =M, (6.53)
L —-L, r

When L, > L,
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Mn = Mcr = ChMr (6'54)

where M, = plastic bending moment = F,Z < 1.5M,

z
Mr
SX

~
Tl anm

~ gﬁv&\ <

<
2

~

plastic section modulus (computed for complete yielding of the beam cross
section)

(Fv - Fr)Sx

section modulus about major axis

T wE\?
Cb L_ EI}GJ + L_ Iwa
D b
minimum specified yield stress of the compression flange, ksi
12.5M .,

25M, + 3M, + 4M, + 3M,.

where M, = absolute value of maximum moment in the unbraced segment,
kip-in, M, = absolute value of moment at quarter point of the unbraced seg-
ment, M, = absolute value of moment at centerline of the unbraced beam
segment, and M. = absolute value of moment at three-quarter point of the
unbraced beam segment. C, is permitted to be conservatively taken as 1.0 for
all cases. For cantilevers or overhangs where the free end is unbraced, C, =
1.0.

distance between points braced against lateral displacement of the compression
flange, or between points braced to prevent twist of the cross section

300 r,/V/F, for |-shape members and channels bent about their mgjor axis

X
%iV1+V1+&ﬂ2
L

_ 7 [EGA
s\ 2

c,(S.\
4g GJ
radius of gyration about the minor axis
modulus of elasticity of steel = 29,000 ksi
area of the cross section of the member
shear modulus of elasticity of steel = 11,000 ksi
torsional constant for the section
smaller of (F,, — F,) or F,,
yield stress of flange, ksi
yield stress of web, ksi
moment of inertia about minor axis
warping constant
compressive residua stress in flange; 10 ksi for rolled shapes, 16.5 ks for
welded shapes

For singly symmetrical |-shaped members with the compression flange larger than the tension
flange, use S, (section modulus referred to compression flange) instead of S, in Egs. (6.53)
and (6.54).

For noncompact shapes, consideration should be given to the reduction in flexural strength
because of local buckling of either the compression flange or the compression portion of the
web. Appendix F and Appendix G of the AISC LRFD specification provide design guidance
for evaluating the strength of such members.

Because of the enhanced lateral stability of circular or square shapes and shapes bending
about their minor axis, the nominal moment capacity is defined by M, = M,, where M, is
evaluated for the minor axis and ¢ = 0.90. Also, M, is limited to 1.5F,.
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6.17.3 ASD Bending Stresses

The ASD requirements for bending strength follow, in concept, the LRFD provisions in that
allowable stresses are defined based on the member cross section, the width/thickness and
depth/thickness ratios of its elements, the direction of loading, and the extent of latera
support provided to the compression flange.

The alowable bending stress for a compact shape depends on the laterally unsupported
length L of the compression flange. The allowable stress also depends on the stiffness of the
compression part of the cross section as measured by L/r,, where r, is the radius of gyration
of asection comprising the compression flange and one-third of the web areain compression,
taken about an axis in the plane of the web.

The largest bending stress permitted for a compact section symmetrical about and loaded
in the plane of its minor axis is

F, = 0.66F, (6.55)

This stress can be used, however, only if L does not exceed the smaller of the values of L,
computed from Egs. (6.56) and (6.57):

L, = 76b,/\VF, (6.56)
20,000
© (dIA)F, (657)
where b, = width of flange, in
d = nominal depth of the beam, in
A; = area of the compression flange, in
F, = minimum specified yield stress, ks

When L > L_, the alowable bending stress for compact or nhoncompact sections is the
larger of F, (ksi) compute